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Abstract
A fully 3D coupled finite element (FE) analysis is performed to examine the performance of four
sections of a full-scale embankment on soft soils. The proposed FE model successfully captures
the behaviour of full scale embankments involving geosynthetic-reinforced and piled sections,
and the observed difference in performance of different improvement techniques, with respect to
pore-water pressures, settlements, subsoil stresses, lateral displacements below the toe of the
embankments, and reinforcement strains. The effects of geosynthetic reinforcement and multilayers of reinforcement on the performance of the pile-supported embankment are discussed. The
relative load transfer is calculated using eight existing methods and they are compared with the
field measurements and numerical results.
Deep-mixing-method (DMM) columns which are less rigid than piles are increasingly used
as a cost-effective soft ground improvement technique. The influence of reinforcement viscosity
on the post-construction performance of embankments with DMM floating columns and fully
penetrating columns is investigated using the 3D FE coupled model verified by aforementioned
field case. It is shown that the viscous behaviour behaviour of geosynthetic reinforcement can
increase the long-term shear deformations of foundation soil and also the horizontal toe
movement. The DMM column-supported embankments with viscous and with inviscous
reinforcement are numerically constructed to identify the effect and magnitude of reinforcement
creep and stress relaxation.
It is shown that consideration of time-varying subsoil hydraulic conductivity has an
important effect on time-dependent embankment behaviour particularly with respect to
horizontal toe movement of reinforced and DMM floating-column supported embankments
under working conditions. The potential interacting factors of the construction rate, column
ii

stiffness, column spacing, column type (floating and fully penetrating), reinforcement stiffness,
and different foundation soil profiles are explored. The results show that there can be large
residual (post-construction) crest settlement and a lengthy consolidation period for reinforced
embankments with floating columns.
Finally, the short-term and long-term performance of reinforced, DMM floating-column
supported embankments with and without prefabricated vertical drains (PVDs) are investigated.
The inclusion of PVDs is found to address the aforesaid issues. Also, the synergistic effects of
PVDs and surcharge are examined for a bridge approach embankment.
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Chapter 1
Introduction
1.1 General background
Due to the booming population, the rapid growth of infrastructure development in urban
and metropolitan areas has often been impeded by the scarcity of suitable land. Therefore
it has been unavoidable for infrastructure to be constructed on difficult soils such as soft
clays. Soft clays appearing in large parts of the world generally have relatively low shear
strength, low hydraulic conductivity and high compressibility, and hence present special
challenges such as unacceptably large deformations or stability problems of transport
infrastructure to geotechnical engineers. Thus, to address these concerns, such soft clayey
deposits need to be improved prior to the construction of major components of
infrastructure particularly roadway and or bridge approach embankments imposed on
them.
The use of geosynthetic basal reinforcement has been widely accepted as a costeffective approach to aid the construction of embankments without columns on soft
clayey foundations (e.g., Bergado et al. 2002a; Hinchberger and Rowe 2003; Varuso et al.
2005; Kelln et al. 2007; Sarsby 2007; Basudhar et al. 2008; Bergado and
Teerawattanasuk 2008; Rowe and Li 2005; Rowe and Taechakumthorn 2008, 2011;
Magnani et al. 2009; Subaida et al. 2009; Karim et al. 2011; Taechakumthorn and Rowe
2012a, 2012b, 2012c; Chaiyaput et al. 2014). Prefabricated vertical drains (PVDs) have
been introduced in practice particularly for the case of earth embankments built over deep
1

soft clay deposits restricted by a tight schedule to accelerate the foundation soil
consolidation by shortening the drainage path. This method has been increasingly used
alone or in conjunction with preloading and often basal reinforcement to improve
performance of embankments over clayey subsoil (e.g., Li and Rowe 2001a; Bergado et
al. 2002b; Bo 2004; Chai et al. 2004, 2006; Zhu and Yin 2004; Indraratna et al. 2005a,
2005b, 2007, 2010, 2012; Shen et al. 2005; Sinha et al. 2007; Rowe and Taechakumthorn
2008; Lin and Chang 2009; Saowapakpiboon et al. 2010, 2011; Cascone and Biondi 2013;
Bari and Shahin 2014; Chung et al. 2014).
However, although the aforementioned techniques can generally increase stability,
they have limitations in regard to controlling embankment deformations and associated
embankment height restriction. This can be particularly problematic for embankments
that form part of facilities where deformations must be limited and or certain height of
embankment must be achieved (e.g. approaches to bridge abutments, high grade freeway
or widening existing roadways). Columns usually in the form of rigid concrete piles or
semi-rigid deep-mixing-method (DMM) columns enable embankments to be constructed
to greater heights and at greater construction rates than is otherwise possible, provided
that the fill is stable. Considering the associated cost savings arising from increased
column spacing and reduction of horizontal displacements provided by geosynthetic basal
reinforcement, the combined use of geosynthetic basal reinforcement and columns is
growing in its popularity for embankments constructed on difficult soils (e.g., Forsman et
al. 1999; Habib et al. 2002; Zanzinger and Gartung 2002; Plomteux et al. 2004;
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Parmantier et al. 2005; Lai et al. 2006; Liu et al. 2007; Wachman and Labuz 2008; Chen
et al. 2008, 2010; Chandra 2012; Pooranampillai et al. 2012).
1.2 Problem description and thesis objectives
Due to the complexity of geosynthetic-reinforced and column-supported embankment
(GRCSE) systems (involving geosynthetic reinforced platform, embankment fill,
columns, geosynthetic reinforcement), many proposed design approaches based on field
or laboratory model data can produce very different results particularly with respect to
the degree of load transfer and stress/strain developed in the geosynthetic reinforcement
(Russell and Pierpoint 1997; Stewart and Filz 2005; Chen et al. 2010). Given the costs of
time-consuming building and monitoring full-scale GRCSE in the field, validated
numerical modelling is usually regarded as a cost-effective tool to advance the
knowledge of complex issues like those mentioned above.
Nunez et al. (2013) used the fully drained (i.e., mechanic only without considering
excess pore pressures or consolidation history) finite difference numerical model with
FLAC to analyze a well-documented full-scale embankment with four sections improved
by different techniques involving geosynthetic-reinforced and concrete piled method
constructed over soft soils in France (Briançon and Simon 2012). However, there was a
large underestimate up to 38 mm (36%) between their numerical results and observed
maximum settlement of the embankments. Also, there was poor and inconsistent
agreement between computed results and observed lateral displacements below the toe of
the embankments.
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The first objective of this thesis is to develop a fully 3D coupled finite element (FE)
model to reexamine the performance of this French case (viz Briançon and Simon 2012).
Geosynthetics made of polyethylene (PE) and polypropylene (PP) have been shown to
experience creep and stress relaxation in tests (e.g., Bathurst and Cai 1994; Leshchinsky
et al. 1997; Shinoda and Bathurst 2004; Yeo and Hsuan 2010). Also, many researchers
(e.g., Li and Rowe 2001b, 2008; Kazimierowicz-Frankowska 2003; Rowe and
Taechakumthorn 2008, 2011; Chao et al. 2011; Karim et al. 2012; Taechakumthorn and
Rowe 2012a, 2012b, 2012c) have shown the importance of reinforcement viscosity on the
time-dependent behaviour of reinforced soil walls and or embankments without columns.
Nonetheless, with the most recent notable exception of Ariyarathne et al. (2013)
examining the effect of reinforcement creep on reinforced and end-bearing concrete piled
embankments, there is no literature addressing the influence of viscous nature of
geosynthetic

reinforcement

on

the

performance

of

DMM

column-supported

embankments over soft clays.
Therefore, the second objective of this study is to provide insight into the timedependent behaviour of reinforced embankments with DMM columns (both floating and
fully penetrating) constructed over soft soils with consideration of reinforcement
viscosity. To achieve this objective, the reinforcement constitutive model based on the
3D formulation of nonlinear viscoelastic Kelvin-element based model proposed by Zhang
and Moore (1997) is implemented in the finite element program ABAQUS through its
subroutine of UMAT. This implementation is validated by two creep laboratory tests.
Then extensive fully 3D coupled finite element analyses are performed using the
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calibrated numerical methodology and validated viscoelastic reinforcement model to
explore potential interacting factors including the foundation soil profile, the varying of
subsoil hydraulic conductivity, reinforcement stiffness, column stiffness, column spacing,
column type (floating and fully penetrating), and construction rate.
Ye et al. (2013) reported a field case study of a bridge approach embankment
improved by short DMM columns (floating in soft clay layer) and long PVDs (fully
penetrating soft clay layer) and performed a 3D numerical analysis. However, they did
not have a comparable control case without PVDs. Thus, the last objective of this
research is to investigate both short-term and long-term performance of reinforced and
DMM floating column-supported embankments with and without PVDs. Also, the
concurrent use of PVDs and surcharge for reinforced embankment with DMM floating
columns will be explored.
1.3 Outline of the thesis
This thesis is presented in manuscript format in accordance with the Manuscript Format
of the School of Graduate Studies at Queen’s University in Kingston, Ontario. Chapter 1
is a general introduction, including the overall background and objectives of this research
program. Chapter 2 through Chapter 6 are original manuscripts incorporated as chapters
followed by Chapter 7 that draws together the overall conclusions of this research and
provides recommendations for future investigation.
Chapter 2 primarily provides a summary of the use of geosynthetic products
involving geosynthetic reinforcement and PVDs to aid construction of embankments
without columns over soft soils. This chapter explores the reason for the success and the
5

benefits that can be achieved using basal geosynthetic reinforcement both separately and
in combination with PVDs based on field examples. It highlights not only the advantages
but also the limitations of different types of reinforcement for different types of soils
involving fibrous peats and a range of soft clays including rate-sensitive clays. Also, the
effects of combined use of piles and reinforcement based on a case study are discussed
and compared with a hypothetical control case of an unreinforced, unpiled embankment
under similar conditions, which is introduced as context for following chapters.
The performance of four sections of a full-scale embankment constructed on soft
soil examined using a fully 3D coupled finite element analysis is described in Chapter 3.
The four sections had similar embankment loadings but different improvement options
(one unimproved; one with pile support only; one with a single layer geotextilereinforced platform and pile support; and one with two layers of geogrid-reinforced
platform and pile support). The developed numerical model is calibrated by comparing
the numerical calculation and observed performance of the full scale embankments, and
the observed difference in performance of different improvement techniques, with respect
to pore-water pressures, settlements, subsoil stresses, horizontal movements below the
toe of the embankments, and reinforcement strains. Also, the relative load transfer is
calculated using eight existing methods and they are compared with the field
measurements and numerical results.
Using similar numerical techniques validated in Chapter 3 and the implemented
viscoelastic reinforcement model validated by two laboratory creep tests, the influence of
reinforcement viscosity on the post-construction performance of embankments with
6

DMM floating columns and fully penetrating columns is investigated in Chapter 4. The
effects of reinforcement strain at the end of construction of embankments over two soft
clay deposits are investigated. The DMM column-supported embankments with viscous
and inviscous reinforcement are numerically constructed to identify the effect and
magnitude of reinforcement creep and stress relaxation.
Chapter 5 further examines the necessity of considering both reinforcement
viscosity and decreasing subsoil hydraulic conductivity with consolidation to interpret the
time-dependent performance of floating column-supported embankment over soft soils.
The effects of factors including the foundation soil, reinforcement stiffness, column
stiffness, column spacing, column type (floating and fully penetrating), and construction
rate, on the time-dependent behaviour of column supported embankments are explored.
The short-term and long-term performance of reinforced and DMM floating
column-supported embankment with and without PVDs are investigated in Chapter 6.
Also, to meet a requirement of 100 mm post-construction crest settlement for a bridge
approach embankment, the combined use of PVDs and surcharge is examined.
1.4 Original contributions
The original contributions from this thesis are summarized as follows:


For a full-scale embankment involving the four sections improved by different
techniques, the proposed fully 3D coupled finite element model in this study
yields a generally 25% better agreement with observed settlement and also
provides a better and more consistent agreement with measured lateral
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displacement profile with depth under the embankment toe than previous
numerical study by Nunez et al. (2013).


The reinforcement constitutive model based on a 3D formulation of the nonlinear
viscoelastic Kelvin-element based model proposed by Zhang and Moore (1997) is
implemented into FE program ABAQUS and validated by two laboratory creep
tests for two creep sensitive geosynthetic reinforcement products.



The importance of considering both reinforcement viscosity and variable subsoil
hydraulic conductivity with void ratio is demonstrated to interpret time-dependent
behaviour of reinforced and DMM floating column-supported embankment under
working stress conditions.



The influence of many interacting factors contributing to improve the design and
performance of reinforced embankments with DMM columns is quantified for the
cases examined.



It is explicitly demonstrated and quantified that PVDs plays a significant role in
improving both short-term and long-term performance of reinforced and DMM
floating column-supported embankment over the soft clay examined.



It is concluded that the synergistic effects of PVDs and surcharge can
significantly improve the performance (i.e., diminishing post-construction crest
settlement and reducing lateral displacements) of a bridge approach reinforced
embankment with DMM floating columns even though embankment was
constructed with a considerably faster construction rate.
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Chapter 2
Literature Review
Use of Geosynthetics to aid construction over soft soils1
2.1 Introduction
One widely-used approach to constructing embankments over soft clayey soils and peats
is the use of basal geosynthetic reinforcement. When appropriately designed and installed,
geosynthetics provide a cost-effective alternative to traditional techniques. The inclusion
of geosynthetics as basal reinforcement has been shown to effectively reduce short-term
shear deformations and increase stability of the embankments over soft soils (Rowe and
Jones 2000, Rowe and Li 2005, Indraratna et al. 2005, Bergado and Teerawattanasuk
2008, Rowe and Taechakumthorn 2011, Taechakumthorn and Rowe 2012a, Chaiyaput et
al. 2014). However, while basal reinforcement can improve the short-term performance
of embankments, it cannot prevent long-term consolidation and creep settlements of soft
soils.
In parallel, prefabricated vertical drains (PVDs) have been used to shorten the
consolidation time of thick soft clay deposits by providing a short horizontal drainage
path and taking advantage of the higher horizontal (than vertical) hydraulic conductivity

1

This chapter expands on, but incorporates material verbatim from, the conference paper Rowe, R.K. and
Taechakumthorn, C. (2012): “Use of geosynthetics to aid construction over soft soils – successes and
cautions”, International Conference on Ground Improvement and Ground Control (ICGI 2012), 30 Oct. – 2
Nov. 2012, University of Wollongong, Australia B. Indraratna, C. Rujikiatkamjorn and J S Vinod (editors),
pp 31-42 and that material is reproduced with permission. The chapter also incorporates material from the
paper Liu, K. and Rowe, R.K. (2014) “3D numerical analyses of performance of geotextile-reinforced and
pile-supported embankment over a soft foundation”, Canadian Geotechnical Conference, GeoRegina 2014
for which copyright is held by the authors.
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of natural soil deposits. As a result, it accelerates the gain of shear strength associated
with the increase in effective stress and stiffness of the soil (Indraratna and Redana 2000,
Bergado et al. 2002, Chai et al. 2006, Saowapakpiboon et al. 2010, Indraratna et al. 2012).
Thus, the use of geosynthetic reinforcement combined with PVDs and appropriate
surcharging of the soil deposit has the potential to reduce long-term deformations of the
embankment while allowing faster construction than could be safety considered without
the use of PVDs (Li and Rowe 2001b, Rowe and Taechakumthorn 2008). Owing to these
advantages, the use of geosynthetics and PVDs - both separately and in combination - has
become common practice for geotechnical engineers.
When embankments form part of important facilities where deformations must be
limited (e.g. approaches to bridge abutments, widening existing roadways etc.), a more
substantial method of ground improvement may be required. Piling is a widely
recognized technique for controlling embankment deformations. Basal geosynthetic
reinforcement can allow an increase in pile spacing and/or minimize the size of pile caps
or even eliminate the need for pile caps, with associated cost savings (BS8006:2010).
Also, the horizontal thrust of the embankment fill can be counteracted and the need for
raking piles along the extremities of the foundation can be eliminated by the provision of
suitable basal reinforcement (Reid and Buchanan 1984, Jones et al. 1990). Because of the
advantages stated above, the combined use of geosynthetic reinforcement and piles is
growing in popularity for embankments over difficult soils.
This chapter presents an overview of the benefits of geosynthetic basal
reinforcement, either alone or combined with PVDs or piles, in the design and
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construction of embankments over soft soils. The successes and areas for caution,
regarding their use, are highlighted. The role of basal reinforcement and its mechanisms
are illustrated. The interaction between reinforcement and PVDs is also discussed.
Typically, the design of basal reinforcement and PVDs are treated separately in design,
however this is not the most effective approach. This chapter summarizes a design
approach for reinforced embankments which accounts for the combined effect of
reinforcement and PVDs (Li and Rowe 2001b). The application of basal reinforcement
for embankment construction over extremely soft/compressible peats is examined
including the key mechanisms and engineering parameters. Recent research on the timedependent behaviour, such as creep/relaxation, of geosynthetic reinforcement and ratesensitive soil on the embankment performances is presented. This chapter also provides
field examples and parametric studies to highlight some of design considerations as well
as potential problems that might be anticipated during and following the construction of
reinforced embankments (with PVDs or piles or soil columns) over soft ground.
2.2 Role of basal reinforcement
The lateral earth pressures within the fill of an embankment are transferred to the
foundation soil as a surface shear stress which may substantially reduce the bearing
capacity of the foundation and, hence, the stability of embankment (Jewell 1987). The
inclusion of basal reinforcement provides a means of counteracting some, or all, of the
earth pressure within the embankment and, under some circumstances, inducing shear
stresses that increase the bearing capacity while minimizing the lateral deformations of
the soft foundation. In general, the design of a reinforced embankment is based on
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consideration of the (i) bearing capacity of the soil, (ii) global stability of the
embankment, (iii) pullout/anchorage capacity of the basal reinforcement, and (iv)
deformations of the embankment (Leroueil and Rowe 2001). However, it is useful to
understand when and how reinforcement contributes to the improvement of embankment
stability before going into detailed design procedures.
The role of basal reinforcement can be demonstrated with respect to the case study
of the Almere test embankments constructed in the vicinity of Highway 6 in the city of
Almere in The Netherlands (Rowe and Soderman 1984).

Two, reinforced and

unreinforced, test embankments were constructed on a soft, approximately 3.3 m thick,
organic clay deposit underlain by a dense sand layer. The undrained shear strength of the
soft deposit was estimated to be about 8 kPa. A multi-filament woven geotextile, with
the tensile stiffness (J) of 2000 kN/m, was used as basal reinforcement. In order to
ensure that the embankment could be brought to failure, a ditch was constructed at the toe.
The excavated material was placed over the geotextile to form a retaining bank (see insert
to Figure 2.1a). The reinforced embankment experienced a relatively ductile failure at a
height of 2.75 m after 25 hours of hydraulic filling.

In contrast, the unreinforced

embankment failed at a height of 1.75 m. This was the first clear documentation of the
benefits that can arise from the inclusion of geotextile basal reinforcement. The measured
strains at the location “A” (see insert to Figure 2.1a) are shown in Figure 2.1a. These
strains remained relatively constant for fill heights less than 1 m because, up to this point,
the clay was largely responding elastically to the loading. There was a gradual increase in
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the reinforcement strain with increasing fill height between 1 m to 2 m as the zone of
plasticity within the soil mass grew.
A finite element analysis indicated a failure height of the unreinforced embankment
of 1.8 m (Figure 2.1b). At the same height, displacements in the reinforced section were
relatively small and the plastic zone was contained (Figure 2.1c). For the reinforced
embankment, a contiguous plastic region had formed in the foundation at a nominal fill
height of 2.05 m (i.e. approximately 15% higher than the corresponding height for the
unreinforced embankment) as shown in Figure 2.1d. For the reinforced embankment, the
development of this contiguous plastic region represented the point at which the
foundation soil could carry no more load. After that, the embankment stability was
completely dependent upon the basal reinforcement to support the stresses induced by
any additional fill. Thus the placement of additional fill caused the reinforcement strains
to increase rapidly until failure occurred due to failure of the geosynthetics/soil interface.
The reinforcement increased the failure height by 50% compared to the unreinforced case.
2.3 Combined use of piles and reinforcement
Piles have been used to increase stability and decrease settlement in embankment
construction. In combination with the load transfer platform consisting of compacted
granular materials (such as sand, gravel) and geosynthetic reinforcement, this technique
has been increasingly employed in practice to cost-effectively improve load transfer and
reduce the differential settlements (Zanzinger and Gartung 2002; Jia et al. 2003; Liu et al.
2007; Wachman and Labuz 2008; Chen et al. 2010; Wang et al. 2013).
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Liu and Rowe (2014) reported the findings of a fully coupled 3D finite element
analysis based on a French full-scale geosynthetic-reinforced and piled embankment
(GRPE) (Briançon and Simon 2012). A 5-m-thick embankment fill including a 0.55 m
platform of gravel with a polyester (polyethylene terephthalate; PET) geotextile (tensile
stiffness of 790 kN/m) was placed on the soft soils reinforced by 0.38-m-diameter
concrete piles with a centre to centre spacing of 2 m. The calculated maximum vertical
settlement at the subsoil surface for GRPE section was 78 mm, which is in reasonable
agreement with the observed 70 mm at the same monitored location at 180 days after the
commencement of construction. This was substantially less than predicted by similar
modelling of a (hypothetical) unreinforced embankment with no piles under similar
conditions (i.e., 241 mm maximum subsoil settlement) over the same time period (Figure
2.2). Thus the combined effects of reinforcement and piles reduced the maximum subsoil
settlement to 32% of that for the unreinforced case on this particular subsoil.
Similarly, the combined use of basal reinforcement and piles controlled the
computed maximum embankment crest settlement to 21 mm (i.e., 58% of unreinforced
case with no piles) as shown in Figure 2.3. The difference in embankment crest
settlement profiles arises from the arrangement of piles along the direction from the
northwest to the southeast end which was not symmetrical resulting in the calculated
maximum settlement at the embankment crest for the instrumented section of GRPE
occurring in the southeast zone without pile support. In contrast, the maximum
embankment crest settlement for the unreinforced section was located at the centreline of
embankment.
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The horizontal deformations of soil deposits under the toe of embankment can be
significantly reduced due to the synergistic effect of piles and reinforcement (Figure 2.4).
In contrast, for the unreinforced-unpiled embankment, the calculated maximum lateral
displacement below the toe (at the depth of 1.5 m below the ground) was 38 mm, which
was more than twice the maximum (at the ground surface) for GRPE. It appears that due
to the significant difference in stiffness between the pile and adjacent soil, the majority of
embankment loading was carried by piles and thus the mobilized shear stress in the
subsoil was less than that for the unreinforced case. As a result, the lateral extrusion of
foundation soils was less than it would be otherwise. Simultaneously, the reinforcement
reduced the magnitude of lateral deformation of foundation soil under the toe of
embankment because the tension mobilized in the reinforcement partially counteracted
the thrust force of embankment fill and also provided an extra stabilizing force as
reported by Li and Rowe (2001b) and Rowe and Li (1999, 2005).
2.4 Interaction between reinforcement and PVDs
Prefabricated vertical drains (PVDs) and preloading have been used to speed
consolidation during the construction of embankments over soft soil deposits (Indraratna
and Redana 2000, Holtz et al. 2001, Bergado et al. 2002, Bo 2004, Rowe and
Taechakumthorn 2008, Indraratna et al. 2012). This technique improves embankment
stability by allowing a gain in strength and stiffness of the foundation soil due to the
increase in effective stress as a result of the combined soil consolidation and surcharge
loading enabled by the PVDs and basal reinforcement. This combination can also greatly
reduce long-term deformations.
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The benefits of the combined use of basal reinforcement and PVDs have been
investigated by Li and Rowe (1999, 2001b) and, Rowe and Taechakumthorn (2008,
2011).

The stability of embankments can be evaluated using the concept of net

embankment height (defined as the fill thickness minus the maximum settlement). This
concept accounts for the failure due to excessive deformations before the reinforcement
reaches its pull-out capacity or its ultimate tensile strength (Rowe and Soderman 1985a,
1986). Figure 2.5 shows the variation of net embankment height with fill thickness
obtained from a finite element analysis of an embankment with PVDs installed in a
square pattern. For this particular soft soil deposit (Soil A in the insert to Figure 2.5) and
a PVDs spacing, S, of 2 m, the failure height of the unreinforced embankment is 2.85 m.
If basal reinforcement with a tensile stiffness J = 250 kN/m is used, it increases the
failure height to 3.38 m. For these assumed soil properties and a construction rate (CR)
of 2 m/month, if the reinforcement had a tensile stiffness greater than 500 kN/m then the
embankment would not be expected to fail due to bearing capacity. The use of PVDs
enhances the beneficial effect of reinforcement in reducing horizontal deformations of the
soil (Figure 2.6). With the use of PVDs, less stiff reinforcement can be employed while
still limiting the lateral deformation to a similar amount that would occur with the use of
stiffer reinforcement without PVDs.
The design of reinforced embankments is typically based on the undrained stability
analysis without considering the effect of PVDs (Jewell 1982, Mylleville and Rowe 1988,
Holtz et al. 1997). Li and Rowe (2001b) proposed a design method for reinforced
embankments which incorporated the effect of strength gain caused by consolidation of
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the foundation soils. This approach is based on a limit state design philosophy and the
SHANSEP (stress histories and normalised soil engineering properties) concept proposed
by Ladd and Foott (1974). The proposed design procedure consists of four main steps (i)
selecting design criteria and parameters for both fill material and foundation soil, (ii)
establishing the pattern and spacing of PVDs according to the required average degree of
consolidation at the time being considered, (iii) estimating the average shear strength gain
- due to consolidation - along the potential failure surface, and (iv) selecting the required
tensile stiffness of the reinforcement associated with the allowable compatible strain
(Rowe and Soderman 1985b, Hinchberger and Rowe 2003), using undrained stability
analysis (i.e., limit equilibrium method). The detailed design procedures and examples
are presented by Li and Rowe (2001b).
To ensure embankment stability during construction, it is also important to monitor
the development of reinforcement strains, excess pore water pressure, vertical settlement,
and horizontal displacement to confirm that the observed behaviour is consistent with the
design assumptions (Rowe and Li 2005).
2.5 Reinforced embankment on peat
Embankments constructed over peat deposits often experience large deformations and/or
failure (Rowe 1984, Rowe and Soderman 1985a). As pointed out by Rowe (1984), the
difficulties in the analysis of embankments on fibrous peat include (i) its behaviour
cannot be categorized as either drained or undrained, (ii) the use of shear strength from
the field vane shear test for peat is of doubtful validity, and (iii) because of its large
deformation, the assumption of small strain implicit in the conventional limit equilibrium
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analyses is not applicable.

A series of numerical simulations, using a rigorously

validated finite element program (Rowe et al. 1984), have established the function of
basal reinforcement and highlighted the key factors needing consideration during the
construction of embankments on peat (Rowe et al. 1984, Rowe and Soderman 1985a,b,
1986, Rowe and Mylleville 1996).
At typical rates of construction, the response of peat is neither truly drained nor
truly undrained, thus the excess pore water pressures developed during construction may
have a significant effect on the performance of embankments constructed over peat. For
the analyses reported herein, the excess pore water pressure immediately after
construction was calculated from:
[2.1]

Δu = BΔσ1

where: Δu is the excess pore water pressure at a point at depth z, Δσ1 is the increase in
total major principle stress at that point, and B is an empirical pore water pressure
parameter assumed to vary with depth as given by:
B = (u(z)/umax)/Bmax

[2.2]

where: the variation of (u(z)/umax) can be estimated using the isochrone of the excess pore
water pressure variation with depth. The maximum excess pore water pressure will
depend on the rate of construction and the drainage conditions.

In general, it is

impractical to construct the embankment so slowly that there is no development of excess
pore water pressure. The study by Rowe and Soderman (1985a) demonstrated that
problems can be anticipated if the rate of embankment construction is too fast and results
in Bmax greater than 0.34. Therefore, Bmax should be treated as a control parameter during
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the construction of an embankment on peat. The subsequent discussion will be only for
cases where Bmax is equal to 0.34, since this value represents an upper bound for most of
documented cases where embankments have been successfully constructed on peat
(Rowe 1984).
The effect of a basal reinforcement, placed at the interface between the
embankment fill and the peat, is presented in Figure 2.7. An inspection of the plastic
zone, at the end of construction, shows that the unreinforced embankment (Figure 2.7a)
could not be safely constructed to a height of 1.5 m - above the original ground surface for the assumed conditions (Bmax = 0.34). In Figure 2.7a, the contiguous plastic zone has
developed up to the ground surface which may result in a rotational shear failure of the
embankment. This also confirmed by the deformed shape as the vertical settlement
beneath the crest is higher than that at the centreline of the embankment indicating
rotational shear movement. However, the use of basal reinforcement with J = 2000 kN/m
can limit the growth of the plastic zone and give a far more satisfactory dish shape
settlement profile at the end of embankment construction (Figure 2.7b). For conventional
(rate-insensitive) soils, the end-of-construction case typically represents the most critical
situation with respect to the stability of the embankment (this may not be true for ratesensitive soil). Figure 2.7c shows the deformed profile and the plastic zone after the
excess pore pressures related to Figure 2.7b have dissipated and the embankment is
brought back to grade, 1.5 m above the original ground surface. In this case the use of
basal reinforcement with J = 2000 kN/m would allow safe construction of a 1.5 m high
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embankment on peat, although the settlement (2.5 m) was large and a total fill thickness
of 4 m would be required to achieve the 1.5 m above grade.
2.6 Influence of creep/relaxation of reinforcement
Experimental studies have shown that geosynthetics typically made of polyester (PET),
polypropylene (PP) and polyethylene (PE) are susceptible to creep/relaxation to some
extent (Leshchinsky et al. 1997, Shinoda and Bathurst 2004, Kongkitkul and Tatsuoka
2007, Yeo and Hsuan 2010). Among them, the creep rate of polyethylene (PE) is usually
greater than that of polypropylene (PP) while that of polyester (PET) is smaller than
either (den Hoedt 1986; Jewell and Greenwood 1988; Greenwood 1990). Li and Rowe
2001a examined the time-dependent performance of reinforced embankments when
considering the creep and stress relaxation of reinforcement. Figure 2.8 shows the effect
of the viscosity of HDPE reinforcement on the short-term stability of the embankment
during construction, which is evaluated by the net embankment height as discussed in
Section 4. The net embankment height was 2.9 m and 4.36 m and the mobilized
reinforcement strain at embankment failure was 5.2% and 5.3% for the embankment over
Soils A and B, respectively. In contrast, the net embankment height was 3.1 m and 4.77
m and the failure strain was 5.4 and 9.4% for Soils A and B, respectively, when
embankments construction modelled by purely elastic (i.e., inviscous) reinforcement with
stiffness J=1940 kN/m, which is equal to the secant stiffness at 5% strain of HDPE
geogrid measured from the wide-width tensile test at a strain rate of 10%/minute. This
indicates that the creep sensitive HDPE reinforcement behaved less stiff than it would in
a tensile test at a relatively fast strain rate (10%/minute) because of creep and stress31

relaxation of the reinforcement during construction. As a result, the short-term
embankment stability could be overestimated if the viscosity of reinforcement is ignored,
as demonstrated in Figure 2.8.
To investigate the influence of geosynthetic reinforcement viscosity on the
variation in reinforcement strain with time for a floating deep-mixed soil columnsupported embankment (i.e., a low stiffness pile) over 15 m thick soft soil deposit (Soil A;
insert to Figure 2.9a), an embankment with column configuration (length: 12.3 m;
spacing: 3 m; Young’s modulus: 100 MPa) was numerically constructed to 6.35m. The
calculated end of construction (EOC) maximum reinforcement strain of 4.5% for a PP
geotextile (solid line in Figure 2.9a) was well within the allowable strain range (4 and 7%)
suggested by the GFR Specifier’s Guide (2006). For comparison, the column-supported
embankment was numerically constructed using an inviscous reinforcement (dashed line)
with a short-term stiffness (J=1065 kN/m) selected to give the same maximum
reinforcement strain at the end of construction (EOC) as the viscous reinforcement (solid
line). Between the EOC and the time corresponding to 99% degree of consolidation, the
maximum tensile strain increased from 4.5% at EOC to 7.3% for inviscous reinforcement
and 8.3% for the viscous PP reinforcement (Figure 2.9a). The increase of the maximum
reinforcement strain after the EOC was mostly related to consolidation induced
differential settlement of the subsoil surface between piles and at a pile head. An
additional factor contributing to the increase in reinforcement strain after the EOC was
the restraint provided by the reinforcement to horizontal foundation movement during
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consolidation. A third factor, and the cause of the difference between the inviscous (7.3%)
and viscous (8.3%) reinforcement strains was creep of viscous reinforcement.
Figure 2.9a also shows a simulated creep test of the PP reinforcement subjected to a
load sufficient to induce the same (4.5%) maximum strain as the reinforcement in the
column-supported embankment at the EOC. This shows that over a period equal to the
time from the EOC to 99% degree of consolidation, pure creep at constant load increased
the strain from 4.5% to 5.7% which is considerably less than the increase in tensile strain
in the embankment. The net change for the simulated creep test 1.2% can be compared
with the difference in the stains for the inviscous and viscous reinforcement at 99%
consolidation (viz. 2.8% and 3.8% respectively). The difference can be attributed to load
transfer arising from the arching and resultant stress redistribution in the embankment
and foundation during consolidation. The 1% difference between the inviscous and
viscous reinforcement strains attributed to creep is slightly less than the 1.2% in the
simulated creep test.
The mobilized tension (Figure 2.9b) in the viscous (solid line) and inviscous
(dashed line) reinforcement for the column-supported embankment increased following
the EOC due to the horizontal restraint provided by the reinforcement to lateral
deformations in foundation and differential settlement associated with consolidation in
foundation as noted earlier. After the force in the inviscous reinforcement stabilized, the
mobilized force in the viscous reinforcement decreased due to stress relaxation. At the
time corresponding to 99% consolidation, the tensile force in viscous reinforcement was
86% of that in inviscous reinforcement. To differentiate the performance of
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reinforcement in the column-supported embankment and in the laboratory, the simulated
stress-relaxation test (dash-dot line) was also conducted by straining the reinforcement to
the same tension mobilized at the EOC of the embankment over the same period and then
holding strain constant until the time corresponding to 99% consolidation. With the
absence of the load transfer and resultant stress redistribution occurring during
consolidation of the foundation below the column-supported embankment, the simulated
laboratory relaxation test greatly overestimated the stress-relaxation calculated for the
column-supported embankment (Figure 2.9b).
To investigate the effect of viscosity of the PP reinforcement on the performance of
a column-supported embankment under working conditions, analyses were performed for
a 7.5-m-thick embankment supported by 9 m long columns with a 2 m spacing and 150
MPa Young’s modulus in a 15-m-thick deposit of Soil A. For this case the maximum
strain (4.9%) at the time of 99% average degree of consolidation as well within the range
a suggested in the GFR Specifier’s Guide (2006). At the same height, the mobilized longterm reinforcement strain calculated using inviscous elastic model using a tensile
stiffness of J=1580 kN/m (i.e., the secant stiffness of the PP geotextile at 5% strain as
measured from the wide-width tensile test at a strain rate of 10%/minute) was 4.2% (i.e.,
14% below that for the viscous PP). The horizontal toe movement and maximum crest
vertical settlement at the centreline was calculated ignoring viscosity approximately 8%
and 3% below that for the viscous PP reinforcement although their values were
practically the same at the EOC (Figure 2.10). Thus, for cases similar to that examined
when creep sensitive reinforcement such as PP is employed, the additional reinforcement
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strain associated with horizontal toe movement induced by viscosity may be worth
considering although while the influence on the settlement can be ignored. This finding is
similar to that of Li and Rowe (2001a) for a reinforced embankment and Ariyarathne et al.
(2013) for the reinforced and pile-supported embankment.
2.7 Effect of viscosity of both reinforcement and soil
When creep sensitive reinforcement is used, the time-dependant response of the
reinforcement can be particularly important for soils which also exhibit a significant ratesensitivity (i.e., soils whose strength and stiffness vary substantially with the rate of
loading). For these soils the strength/stiffness mobilized during construction is often
lower than that estimated using conventional field (e.g., field vane) or laboratory (e.g.
unconfined compression and triaxial) tests. Embankments constructed on these soils
often experience creep induced excess pore pressures which cause a reduction in effective
stress and shear strength.

Great care is needed when designing and constructing

reinforced embankments on highly rate-sensitive soils.
Taechakumthorn and Rowe (2012a, 2012b) demonstrated that even if the allowable
long-term reinforcement strain is limited to about 5% as used in a common design
practice (FHWA 1995), the combined effect of reinforcement viscosity and soil viscosity
could result in embankment deformations too large for some engineering applications,
such as an embankment supporting a major highway.

Examining the effect of an

allowable long-term reinforcement strain on the long-term service height (i.e., net
embankment height) of an embankment on a foundation soil (Soil R1) with properties
similar to a soil near the town of Sackville, New Brunswick in Canada (Rowe and
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Hinchberger 1998) showed that a HDPE geogrid reinforced embankment constructed at
a rate of 10 m/month it was shown (Taechakumthorn and Rowe 2012) that the service
height only increased by 0.14 m when the allowable strain was increased from 3% to 5%
(Figure 2.11). However, as shown in Figure 2.12, this small increase had a significant
effect on embankment deformations.
Figure 2.12a and Figure 2.12b show the relationships between the embankment
service height and the horizontal toe displacement and the maximum differential
settlement, respectively. The 5% increase in the service height from 2.90 m to 3.04 m
(i.e., increasing the allowable reinforcement strain from 3% and 5%), caused the
horizontal toe displacement and maximum differential settlement of the embankment to
increase by about 0.26 m and 0.08 m (i.e. a 67% and 73% increase), respectively. The
rapid increases in horizontal toe displacement and maximum differential settlement
indicate the development of significant plastic failure in the soil when the allowable longterm strain exceeds about 3%. This suggests that to control embankment deformations
the allowable long-term reinforcement strain should probably not exceed about 3% for
rate sensitive soils such as the Sackville soil (Soil R1). Similar parametric studies were
performed for the case of foundation Soil R2 which captures the average behaviour of 26
soft cohesive clays reported by Kulhawy and Mayne (1990) and it was concluded that for
this soil the optimum allowable reinforcement strain was about 4%. Thus caution should
be adopted in using the 5% strain limit, as suggested in FHWA (1995), when the
embankment is constructed over a significantly rate sensitive soil.
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Rowe and Taechakumthorn (2011) proposed a design method for reinforced
embankments on soft ground that considers both the effect of soil and reinforcement
viscosity. The design approach comprised three main steps: (i) estimating the undrained
shear strength profile of soft deposit by conducting undrained plane strain compression or
equivalent tests at recommended strain rates based on rate-sensitivity of soils, (ii)
establishing the reinforcement stiffness from creep tests for selected trial reinforcement
according to the estimated critical stage, and (iii) calculating the factor of safety in the
limit state design philosophy based on results from previous two steps and assuming a
mobilized reinforcement strain at ultimate limit state of 10%.
2.8 Embankments on highly sensitive soils
Although basal reinforcement can significantly improve embankment stability in many
practical situations involving soft soil, there are some soils for which very little if any
benefit can be realized. For example, Taechakumthorn and Rowe (2012c) analyzed a
reinforced test embankment constructed on highly sensitive Champlain clay deposit at the
town of Saint Alban, Quebec in Canada. They showed that the HDPE geogrid
reinforcement (GR1) used in this embankment had almost no effect on the stability of the
embankment and even stiffer and less creep susceptible PET reinforcement (GR2) would
have had very little effect on stability. This is probably because neither type geosynthetic
reinforcement was sufficiently stiff relative to the overconsolidated crust to affect the
onset of foundation failure and neither was strong enough to control the failure once
strain softening of this quick clay was initiated.
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2.9 Final comments
The inclusion of basal reinforcement provides additional confining stress to the
reinforced system and the foundation. This increases the bearing capacity and minimizes
plastic failure zone in traditional soft foundation soils, and hence provides a more stable
platform. When PVDs are used together with basal reinforcement, the combination
allows the cost-effective construction of significantly higher embankments on soft clay in
a substantially shorter time than could be achieved using either technique alone. In
addition, when there is very strict requirement on deformations of embankment, the
combined use of piles (or soil columns) and reinforcement can reduce the embankment
settlement and decrease the horizontal movements in the subsoil, and therefore enhance
the stability of embankment greatly.
When embankments are constructed on fibrous peat, there will generally be
significant partial dissipation of pore pressures during construction; however the stability
will be controlled by the remaining excess pore pressures. Basal reinforcement can be
very useful for allowing the construction of higher embankments and, in particular, to
allow surcharging of the peat for a period of time such that, when the surcharge is
removed, the long-term deformations of the peat are minimized. However even with the
use of basal reinforcement, it is recommended that the rate of construction be limited
such that the maximum pore water pressure does not exceed about 34% of the increase in
total major principal stress.
When creep sensitive reinforcement (e.g., that made of HDPE and PP) is employed
in embankment construction, the viscosity can result in the less stiff behaviour of
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reinforcement than that tested in a tensile test and therefore reduce the embankment
stability and/or lead to an increase in deformations. The net increase of maximum tensile
strain (3.8%) in viscous PP geotextile used in column-supported embankment between
the EOC and 99% consolidation can be 36% larger than that in inviscous counterpart
(2.8%) although they had the same value of strain at the EOC.
For rate-sensitive soils, the most critical situation with respect to embankment
stability may occur following the end of construction due to the generation of creep
induced excess pore water pressures. Because of the time-dependent nature of ratesensitive soils and geosynthetic reinforcement, the use of the traditional 5% allowable
strain in design may lead to excessive deformations and violate serviceability limits for
important structures.

Based on parametric studies for a range of viscoplastic rate-

sensitive soils reported and viscoelastic characteristics of commonly used geosynthetic
reinforcement, it is suggested that for these soils the maximum allowable long-term
reinforcement strains should be limited to about 3% to 4%, to prevent excessive
deformation while optimizing the service height the reinforced embankments.
Finally, although basal reinforcement can significantly improve embankments
stability in many practical situations involving soft soil, it is not suitable for all soft soils.
For examples on highly sensitive soils (especially those with an overconsolidated crust)
traditional geosynthetic reinforcement is not stiff enough play any significant role prior to
the onset of foundation failure and is not strong enough to control the failure once strain
softening is initiated in quick clay.
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Figure 2.1 Comparison of predicted versus observed reinforcement strains at A and
development of plastic zone for reinforced and unreinforced embankment (modified from
Rowe and Soderman 1984).
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Figure 2.5 Combined effect of reinforcement and PVDs on the short-term stability of the
embankment (modified from Rowe and Li 2005).

Figure 2.6 Combined effect of reinforcement and PVDs on lateral deformation beneath
the toe of the embankment (modified from Rowe and Li 2005).
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Figure 2.7 Deformed profile and plastic zone of unreinforced and reinforced
embankments on peat (modified from Rowe and Soderman 1985a).
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Chapter 3
Three-dimensional finite element modelling of a full-scale geosyntheticreinforced, pile-supported embankment
3.1 Introduction
One widely-adopted approach to constructing embankments over soft soils is the use of
basal geosynthetic reinforcement or the combined use of basal geosynthetic
reinforcement and prefabricated vertical drains (PVDs) (e.g., Rowe and Hinchberger
1998; Rowe and Li 1999, 2002, 2005; Li and Rowe 2001, 2008; Kelln et al. 2007;
Bergado and Teerawattanasuk 2008; Tanchaisawat et al. 2008; Rowe and
Taechakumthorn 2008, 2011; Magnani et al. 2009; Karim et al. 2011; Taechakumthorn
and Rowe 2012; Chaiyaput et al. 2014). However, while these approaches can increase
stability, they have limitations with respect to controlling embankment deformations.
This can be particularly problematic for embankments that form part of facilities where
deformations must be limited (e.g. approaches to bridge abutments or widening existing
roadways).
Piling enables embankments to be constructed to greater heights over a wider range
of

construction rates than is otherwise possible provided that the fill is stable

(BS8006:2010). To transfer most of the embankment loading to the piles, either closely
spaced piles or large diameter pile caps are needed for traditional pile-supported
embankments without any reinforcement. Basal geosynthetic reinforcement may be
utilized to bridge across the top of the piles and distribute the embankment loading to the
piles. This inclusion of reinforcement can allow an increase in pile spacing and/or
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minimize the size of pile caps or eliminate the need for pile caps, with associated cost
savings. In addition, the horizontal thrust of the embankment fill can be counteracted and
the need for raking piles along the extremities of the foundation can be eliminated by the
provision of suitable basal reinforcement (Reid and Buchanan 1984; Jones et al. 1990).
With the advantages stated above, the combined use of geosynthetic reinforcement
and piles is growing in popularity for embankments constructed on difficult soils (e.g.,
Jones et al. 1990; Alexiew and Gartung 1999; Habib et al. 2002; Zanzinger and Gartung
2002; Federal Highway Administration 2003; Liu et al. 2007; Wachman and Labuz 2008;
Chen et al. 2010). The mechanisms related to the performance of geosynthetic-reinforced
and pile-supported embankment (GRPSE) have been examined in many model
experiments (e.g., Horgan and Sarsby 2002; Jenck et al. 2007; Chen et al. 2008; McGuire
2011; Van Eekelen et al. 2012a,b; Okyay et al. 2013). A few full-scale or pilot-scale tests
have been reported (e.g., Quigley et al. 2003; Kempfert et al. 2004; Almeida et al. 2007;
Oh and Shin 2007; Sloan 2011; Briançon and Simon 2012). Based on the field or
laboratory model data, many design approaches have been proposed (e.g., Guido et al.
1987; Hewlett and Randolph, 1988; Jones et al. 1990; BS8006 2010; Russell and
Pierpoint 1997; NGG 2004; Filz and Smith 2006; Naughton 2007; EBGEO 2011). The
behaviour of load transfer from the soft foundation soil to the piles has been widely
acknowledged as “soil arching” (Terzaghi 1943). However, due to complexity of the
GRPSE system, some of these methods produce very different results particularly with
respect to degree of the load transfer and stress/strain developed in the geosynthetic
reinforcement (Russell and Pierpoint 1997; Stewart and Filz 2005; Chen et al. 2010).
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Although there have been some numerical analyses of GRPSE (e.g., Russell and
Pierpoint 1997; Han and Gabr 2002; Oh and Shin 2007; Jenck et al. 2007; Hello and
Villard 2009; Huang and Han 2010; Borges and Marques 2011), all were either two
dimensional or quasi-three dimensional (i.e., only a unit cell with a single pile being
modelled in 3D). This method is adequate when piles are installed in a square pattern
well away from the influence of a lateral embankment slope. When both the pile grid
geometry and the lateral slopes are considered, the problem requires a fully 3D analysis.
Nevertheless, there have been very few fully 3D analyses and even fewer coupled
mechanical and hydraulic analyses (e.g., Liu et al. 2007; Huang and Han 2009). In the
few cases where a full 3D analysis was performed, there was usually either no
field/experiment test data validating the numerical results or the comparison only
considered one-layer of reinforcement and pile-supported improvement; none of these
cases had a control (pile only support) to explicitly show the effect of geosynthetic
reinforcement or the effect of multiple-layers of reinforcement on the behaviour of
GRPSE. Thus, a numerical study of GRPSE validated by field data from comprehensive
tests with a control case is needed to improve understanding of the performance of
GRPSE. Nunez et al. (2013) used a 3D finite difference numerical model with FLAC to
analyze a well-documented full-scale embankment constructed on soft soils with different
improvement options in France (Briançon and Simon 2012). They used a modified Cam
Clay constitutive model for soft soils and assumed fully drained conditions for all
calculations (i.e. no excess pore pressures or consolidation history was examined). Their
numerically calculated maximum settlement of embankment was under estimated up to
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38 mm (36%). Also, there was poor and inconsistent agreement between numerically
calculated and observed lateral displacements below the toe of embankments with the
maximum calculated displacement being 7.7 mm (60%) less than the field data.
The objective of this study is to report the findings of a fully coupled elasto-plastic
Biot 3D finite element analysis used to reexamine the performance of the French case
(i.e., Briançon and Simon 2012). The calculated results are compared with field
monitoring data and the simulation results of Nunez et al. (2013). The calculated relative
load transfer in the GRPSE obtained from eight analytical methods is also compared with
field measurement and the numerical results.
3.2 Selected case study
The full-scale embankment was constructed 20 km northeast of Paris and had an area of
23 m x 52 m. A detailed description of this case is given by Briançon and Simon (2012)
and only a synopsis of key information relevant to the present chapter is given here. Four
instrumented sections were constructed: (i) an embankment without piles or
reinforcement, (ii) an un-reinforced pile-supported embankment, (iii) an embankment
with pile-support and a one geotextile layer reinforced gravel platform, and, (iv) an
embankment with pile-support and a two-layer geogrid reinforced gravel platform. These
sections are denoted as S1, S2, S3, and S4, respectively (Figure 3.1). The 52 m long
embankment was constructed to a height of 5 m with a crest width of 8 m and side slope
of 1.5H:1V. The auger displacement piles had a 0.38 m diameter and were installed in the
square configuration with 2 m centre to centre spacing (e.g., Figure 3.2). The auger
displacement system is built around a hollow stem auger but is differentiated by the
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tapered shaft and full-displacement body located behind the auger. This technique can
displace the soil laterally and results in with very minimal spoil. Each section had earth
pressure cells (E), pore water pressure sensors (P), differential pressure transmitters for
level measurement (T), and inclinometers (I) in similar locations to that shown for
Section S3 in Figure 3.2. An optical device (Geodetect strip) was used to measure the
geotextile strains along the direction from Pile A to Pile C (Figure 3.2c).
The subsoil conditions where the embankment was constructed were inferred from
a detailed geotechnical investigation report and personal communication with Dr.
Briançon. The soil profile modelled comprised (Figure 3.3), from top down, a 1.5 m thick
clayey crust, a 1 m thick soft beige marl and gray clay, a 1.5 m thick layer of gray clayey
sand, a 4 m thick gray plastic clay / sandy clay, and a 1.5 m of slightly plastic sandy clay
with some stiff clay mixed with gravel and marl (average plasticity index of 13),
underlain by a substratum of compact marl and gravel. The groundwater table was 2 m
below the ground surface. The available subsoil water contents, initial void ratios, and
unit weights are given in Figure 3.3. Compared with the lightly overconsolidated to
almost normally consolidated underlying clayey soils, the uppermost clayey crust was
considerably stiffer with relatively high plasticity, a water content slightly lower than the
plastic limit, and a relatively high overconsolidation ratio (OCR).
3.3 Numerical modelling
3.3.1 Finite-element mesh details
Although the pile supported embankment with a square pile grid and lateral slope is fully
3D, it can be reasonable idealized by a 3D slice as shown in Fig. 1a and this can be taken
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as a computational unit by taking account of local symmetry in the boundary conditions.
A 3D finite element analysis, using ABAQUS Version 6.11-2 (Hibbitt et al. 2011), was
adopted in this study. The finite-element discretization of Section S3 had 54116 nodes
(Figure 3.4a). The piles, embankment fill, and soils above the water table were modelled
using 20-noded quadratic brick elements with reduced integration and without pore
pressure degrees of freedom (C3D20R). The soil below the watertable was modelled
using 20-node quadratic displacement elements with linear pore pressure and eight excess
pore pressure degrees of freedom at the corners (C3D20RP) to model the coupled
mechanical and hydraulic behaviour of the soil. The geotextile/geogrid reinforcement
was modelled using 8-noded quadrilateral membrane elements (M3D8R) with reduced
integration. Interface elements were utilized to simulate interactions between the piles
and soil and between the embankment fill and reinforcement.
3.3.2 Boundary conditions
The 9.5 m deep subsoil profile was modelled with a rough-rigid (zero displacement in
three directions) bottom boundary along the plane of z=0. To minimize boundary effects,
the lateral boundary of the finite-element mesh extended 23 m horizontally either side of
the embankment (i.e., three times the width of embankment base; Figure 3.4b). The line
of symmetry and far field lateral boundaries (the plane of x=0 and x=69) were smooth
rigid (zero displacements in x direction). In addition, two vertical planes (y=0 and y=1)
were smooth rigid (zero displacement in the y direction considering the symmetry of the
section being considered). Although the foundation soils had been somewhat disturbed by
pile-installation, resulting in the increase of excess pore water pressures during pile
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installation, there was almost no excess pore water pressure observed at the time the
embankment construction commenced (Briançon and Simon 2012). This was because the
pile-induced excess pore water pressures had almost completely dissipated during the 33
days between pile-installation and commencement of placement of embankment fill due
to the relatively high hydraulic conductivity of the subsoil. Thus, hydrostatic pore water
pressures were assumed for the foundation soils before embankment loading. With regard
to the drainage boundary conditions, the water table was prescribed to be the 2 m below
the ground surface (z=7.5 m) with free drainage along this plane. The bottom of the
finite-element mesh was defined as impermeable considering the substratum layer of
compact marl and gravel (Budhu 2010) and lateral flow was not permitted across the
plane of x=0 and x=69. To the extent that this idealization underestimated the drainage
that could occur at this boundary, it would lead to an overestimation of the pore pressures.
3.3.3 Selection of model parameters and modelling details
The soil parameters were estimated based on laboratory test data when available and on
correlations with field test data provided by Briançon (personal communications) when
published data was not available. The 9.5 m foundation was divided into seven layers
(F1-F7:Figure 3.1b; Figure 3.2a and Figure 3.3). Given that there was a gentle slope for
the substratum layer F7 in the field, starting from Section S1 to Section S2 (Figure 3.1b),
an average F7 thickness of 1m was used for Section S1, 2 m for Section S2, and 1.5 m for
Sections S3 and S4.
Although many Odometer tests had been conducted, the parameters inferred from
these tests (e.g., compression index Cc and recompression index Cr) were not reliable due
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to sample disturbance. Consequently, the compression index Cc for all clays layers above
the layer of F7 was estimated based on initial void ratio, eo, using Equation 3.1 (Azzouz,
et al. 1976):
0.040 ∗
where

0.25

[3.1]

,was calculated based on measured natural water content, wn, assuming a

specific gravity of 2.7. The recompression index

was assumed as 0.15

. Equation

3.1 was not applicable to the layer F7 which was slightly plastic sandy clay with some
stiff clay mixed with marl and gravel and so

and

for F7 were calculated based on an

assumed value of Young’s modulus (35 MPa) for sandy clay with some stiff clay mixed
with marl and gravel (Budhu 2010). The Poisson’s ratio for each layer was assumed to be
the typical values for the corresponding soil type based on Budhu (2010). The effective
cohesion,

, and the effective friction angle at the critical state,

, were obtained from

consolidated undrained triaxial tests (Briançon and Simon 2012 and personal
communications with Briançon). The coefficient of lateral earth pressure at rest,

, was

calculated from Equation 3.2 (Meyerhof 1976):
1

sin

√

[3.2]

The auger used to install a displacement pile induces shear and compressive
distortions as the soil moves out of the way of the solid portion of the device. Sliding
friction along the side of the advancing solid portion provides additional distortion. The
effects of installation of the auger displacement piles on remolding the foundation soils
were simplified by assigning the lateral earth pressure coefficient after pile installation,
, which was estimated to be in the lower end of the range of 1
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to 2

for the

normally consolidated and moderately overconsolidated clay (Meyerhof 1976, Coduto
2001) and 3

for the heavily overconsolidated clay (O’Neill et al. 1981) for large

displacement piles. According to Indraratna and Redana (1998), the ratio of horizontal to
vertical hydraulic conductivity

/

is close to unity in the smear zone arising from

installation of PVD. Therefore, similarly, the ratio of

/

was assumed unity for the

disturbed soils resulting from auger displacement piles. Also, based on the conclusion
that the permeability of the smear zone could be considerably less than the undisturbed
soil (Casagrande and Poulos 1969), the hydraulic conductivity

of the disturbed soils

around the pile for Sections S2, S3, S4 was assumed to be 13% of the undisturbed value
(which were taken to be typical values given by Budhu 2010). The values of the soil
parameters established as described above are summarized in the Table 3.1. The DruckerPrager failure envelope with an elliptical cap yield surface was used for modelling all
subsoil layers.
Based on Briançon and Simon (2012), basic properties for the materials other than
the foundation soils are summarized in Table 3.2. The high reported effective cohesion of
60 kPa for the gravel used in the reinforced platform probably arises from curvature of
the failure surface and the stress range used to establish the parameters. The values of
friction angle, cohesion and Poisson’s ratio of embankment fill in Table 3.2 were taken to
be the same as given by Liu et al. (2007) since the embankment fill in both cases was
similar and had the same unit weight. The Young’s modulus and Poisson’s ratio of the
gravel given by Nunez et al. (2013) were adopted. A linear elastic-perfectly plastic model
with Mohr-Coulomb failure criterion was utilized for simulating gravel and embankment
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fill. The 8.3 m long piles were modelled as an isotropic linear elastic material with a
Young’s modulus of 20 GPa and a Poisson’s ratio of 0.2. The Poisson’s ratio for
geotextile and geogrid was taken to be 0.3 (Liu et al. 2007). A sensitivity analysis on the
Poisson’s ratio ranging from 0.01 to 0.49 showed the calculated reinforcement strains
differed up to 3%. The secant tensile stiffness corresponding to 10% strain was 790 kN/m
for the geotextile and 580 kN/m for the geogrid (Briançon and Simon 2012). The
stiffness at 2% strain was very similar at 800 kN/m and 500 kN/m for geotextile and
geogrid, respectively.
Interface elements were used at pile-soil, embankment fill-reinforcement, and
embankment-subsoil interfaces. These interfaces were modelled by the master-slave
contact pairs provided in ABAQUS. The basic Coulomb friction model was used to
simulate the interaction on the interface. Since the soil surrounding pile shaft is likely to
be disturbed/remolded (Coduto (2001) and Budhu (2010)), for rough concrete piles the
pile-soil interface frictional angle can be assumed to be the critical state,

, of the

corresponding soil layer (Table 3.1). Given the limited disturbance arising from the use
of auger displacement piles used in this case, no further reduction factor was applied to
. The gravel-reinforcement interface friction angle was taken to be the same as that of
the gravel in the load transfer platform.
The construction was modelled as a series of steps. In the initial geostatic step, the
material at the location of the piles not yet installed had the same properties as adjacent
soils. After the initial equilibrium was reached, the initial stress state of subsoil was
imported to the next analysis step and properties of the elements at the planned pile
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locations were replaced with pile properties and contact conditions between pile and soil
were activated. The subsequent embankment construction was modelled in nine steps
over the total construction period of 17, 31, 31 and 24 days for Sections S1, S2, S3, and
S4, respectively (Figure 3.5). Post construction consolidation was modelled until the end
of the period of field monitoring (i.e., about 180 days from the start of construction).
3.4 Results and discussion
The computed results for all four embankment sections are compared with the observed
foundation deformations, subsoil stresses, excess pore water pressures, and reinforcement
strains in the following subsections.
3.4.1 Settlement
The calculated settlement at the subsoil surface between piles at locations T1
T2

and

(Figure 3.1a) for Sections S1 and S2 reached 238 mm and 124 mm, respectively, at

the end of fill placement and 250 mm and 131 mm, respectively, at 180 days after the
commencement of construction (Figure 3.6). The calculated values at 180 days are in
reasonable agreement with the observed final values of 249 mm (0.4% over estimate) and
112 mm (17% over estimate). In contrast, the estimated final soil settlement from Nunez
et al. (2013) (denoted as N*2013 in Figure 3.6) was 230 mm (11.5% under estimate) and
67 mm (36.2% under estimate), respectively (Table 3.4), for Section S1 and Section S2.
However, the present analysis did slightly over estimate (about 34 mm) the settlement at
the end of construction (EOC) for both Sections S1 and S2. The discrepancy is likely due
to the assumption of constant hydraulic conductivity during the analysis while, in fact,
the hydraulic conductivity can be expected to decrease with the reduction of void ratio in
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the field. This was not considered due to insufficient information to establish the
relationship between hydraulic conductivity and void ratio for these soils. Unlike Section
S1 and S2, there was no available field data for settlement with time for Sections S3 and
S4 and hence it was not possible to compare the calculated and observed settlement with
time for Section S3 and S4.
Given that Section S2 was located at the edge of the embankment, it was likely
influenced by 3D effects and the stresses in the field were likely not as high as assumed
for the analysis and this may have contributed to the observed settlement being smaller
than that computed (i.e., the overestimate of calculated settlement may be less than 17%).
Also, due to F7 layer for Section S2 being 1m thicker than at Section S1, under the same
embankment loading conditions the settlement for S2 would probably be less than it
would be for piles at the location S1 and hence the benefits of the piles under similar
conditions are likely overestimated by simply comparing the observed settlements of S1
with no piles and S2 with piles.
Since the installation of piles for Sections S2, S3 and S4 was not symmetrical with
respect to the embankment centreline (Figure 3.1), the calculated maximum settlement at
the top of subsoil for the piled sections occurred in the zone without pile support while
the maximum settlement for non-reinforced Section S1 was located at the centreline as
expected (Figure 3.7). The difference in the calculated settlement profiles between that
for Section S1 and the piled sections were mainly due to the existence of piles and the
related load transfer (“arching” to be discussed in more detail later), which transferred the
majority of embankment loading to the relatively stiff piles. Thus, the maximum soil
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settlement was greatly reduced but there was a relatively large ground surface differential
settlement between the soil and pile (Figure 3.7). Specifically, the calculated settlement
on the subsoil surface at the embankment centreline for Section S2 (with piles but no
basal geosynthetic reinforcement), was reduced to 52% of that for Section S1, indicating
that the piles played a significant role reducing the subsoil settlement. The synergistic
effects of single layer of basal reinforcement and piles further reduced this settlement to
31% of that for Section S1. Adding an additional layer of reinforcement (Section S4 with
two layers of basal reinforcement) had only a marginal effect in further reducing this
settlement to 28% of that for Section S1 and 91% of that for Section S3. The small
difference between the two cases can be explained by the fact that the single geotextile
has a stiffness of 800 kN/m while each of the two geogrid layers was only 500 kN/m (at 2%
strain) and so the net increase in reinforcement stiffness for two layers over one layer was
only 25%.
The calculated settlement on the foundation soil surface at locations T3soil and T4soil
(Figure 3.1a) overestimated the observed value by 11% and 9.2% for Sections S3 and S4,
respectively. In comparison, the computed settlement of Nunez et al. (2013) was 44 mm
(38% under estimate) and 48 mm (25% under estimate) for Sections S3 and S4,
respectively. In addition, considering the size of the sections and that Section S1 and S4
were adjacent in the field, the larger settlement of S1 may have increased the settlement
of S4 (i.e., the observed of S4 is larger than it should be and hence the benefit of the two
layers over one layer of reinforcement may be more than implied by the field data and the
overestimate of calculated settlement for S4 may be slightly larger than 9.2%).
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The calculated settlement on the top of the monitored pile head (locations T2pile,
T3pile and T4pile; Figure 3.1a) overestimated the observed value by 1.9 mm at Section S2,
0.1 mm at Section S3, and 3.8 mm at Section S4. There are several possible explanations
for the overestimates including (i) the assumptions made for some foundation soil
parameters, and (ii) the complexity of pile-soil interaction mechanisms. The calculated
and measured settlements for all sections as well as the values calculated by Nunez et al.
(2013) are summarized in Table 3.4.
In this study, the calculated differential settlement is defined as the difference
between the settlement at the original ground surface midway between two piles and at a
pile head. The calculated differential settlements increased with the embankment loading
but were largely stabilized at the EOC due to the rapid consolidation of the foundation
layer (Figure 3.8). Section S2 without basal geosynthetic reinforcement exhibited much
greater differential settlement (121 mm at 180 days) than Section S3 with one layer of
basal reinforcement (46 mm at 180 days; a 62% reduction compared to S2) and Section
S4 with two layers of basal reinforcement (39 mm at 180 days; a 68% reduction
compared to S2 and 15% reduction relative to S3). Again, there was only a small benefit
provided by double-layer of reinforcement platform of Section S4 compared with a single
layer of reinforcement although, as noted earlier, the geotextile reinforcement used in
Section S3 was much stiffer than the individual layers of geogrid reinforcement used in
Section S4 (Table 3.3 Geosynthetic reinforcement properties) an hence the two layers
combined only contributed a stiffness about 25% more than the single layer. If two layers
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of the same geotextile reinforcement as used in Section S3 were used (i.e. the two-layers
had a combined stiffness is 1600 kN/m), this benefit should be more notable.
In addition to the settlement at the ground surface (base of embankment), the
settlement at the embankment crest is also of interest since it is an explicit indication of
the evenness of the embankment surface. Similarly to the settlement profiles at the base
of embankment, the settlement profile at the crest was not symmetrical and the maximum
settlement at the top of the embankment for Sections S2, S3 and S4 occurred at the
southeast crest edge due to the absence of piles below the southeast slope (Figure 3.1a).
In contrast, the maximum embankment surface settlement for Section S1 was located at
the centreline (Figure 3.9). Relative to Section S1, the maximum settlement at the
centreline of the embankment surface was reduced to 60%, 41% and 38% for Sections S2,
S3 and S4, respectively.
3.4.2 Subsoil stresses
The calculated vertical stresses at subsoil surface at the earth pressure cell locations E2,
E3 and E4 (Figure 3.1a) were in encouraging agreement with field data (Figure 3.10).
Generally, the vertical subsoil stress increased with embankment loading until the EOC.
At the EOC, the calculated vertical stress was 83 kPa, 54 kPa and 48 kPa, respectively,
for Sections S2, S3 and S4, representing about 89%, 58% and 53% of the applied
embankment load of 93 kPa for the three cases respectively. For Section S2, this
difference can be explained by arching (and partly explained for the other sections). As
the embankment height increased, the embankment fill between piles had a tendency to
move downward due to the larger settlement of soft soil between piles. The movement
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within the embankment fill was restrained by shear resistance generated between the
relatively stationary and moving masses in the fill. Accordingly, the stress on the
foundation soil between piles was reduced with increased embankment height and
settlement of the soil between the piles.
In addition to arching, for Sections S3 and S4 the reinforcement located in the
gravel played an important role in improving the load transfer from soil to pile, reducing
the stress between the piles by 35% from 83 kPa for S2 to 54kPa for S3. The two layers
of reinforcement in the 0.1 m thicker gravel of Section S4 reduced the stress by an
additional 12% (from 54 kPa for S3 to 48 kPa for S4; Figure 3.10). This may be
attributed to the load transfer mobilized inside the reinforced gravel platform.
3.4.3 Stress Reduction Ratio
The relative load transfer discussed above can be quantified in terms of the Stress
Reduction Ratio (SRR), which has been defined as the ratio of the average vertical stress
carried by the reinforcement to the average vertical stress applied by the embankment fill
(Russell and Pierpoint 1997). The SRR at the EOC for Section S3 calculated from the
eight existing methods are compared with the field measurement and numerical results
below.
Method 1 (M1): Guido et al. (1987)
SRR

[3.3]

∗√ ∗

where

centre to centre spacing between adjacent piles,

diameter of pile, and

0.886 , D is the

embankment height above the reinforcement.

Method 2 (M2): Hewlett and Randolph (1988)
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SRR

∗

1

1
∅

where

∅

∗

√ ∗ ∗

[3.4]

√ ∗ ∗

, the Rankine passive earth pressure coefficient and ∅ is the friction

angle of embankment fill.
Method 3 (M3): British Standard Institution (BS8006:2010)
. ∗

SRR

∗
.

where

∗

∗

[3.5]

0.18, the arching coefficient.

Method 4 (M4): Russell and Pierpoint (1997)
∗

SRR

∗ ∗

where

∗ ∗

∅

∗ ∗ ∗

∅

1

[3.6]

is the earth pressure coefficient of embankment fill assumed to be unity.

Method 5 (M5): Nordic guidelines (NGG 2004)
SRR

[3.7]

∗ ∗

Method 6 (M6): Naughton (2007)
SRR

∗

∗

.

∗

∅

[3.8]

Method 7 (M7): Filz et al. (2012)
SRR

∗

∗

∗

/
where
layer unit weight for gravel-reinforcement platform and fill, respectively;

,
,

layer thickness for gravel-reinforcement platform and fill, respectively;
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∗
[3.9]

lateral earth pressure coefficient for gravel-reinforcement platform and fill,

,

respectively, assumed originally as 0.75;
friction angle for gravel-reinforcement platform and fill, respectively;

,

∗

∗

,

∗

,

,

1.5 ∗

;

M7 method is a modified from M4 with the thickness of gravel-reinforcement
platform incorporated. A lateral earth pressure coefficient assumed as unity in M4 was
used for

,

for M7b method.

Method 8 (M8): EBGEO (EBGEO 2011)
∗

SRR

0.25 ∗

∗

∗

/
[3.10]

where

0.125 ∗

diameter of pile; and

;

∗ ∗
∗

;

∗
∗

;

0.5 ∗

;

is the

√2 ∗ s.

The parameters used to calculate SRR with these methods are listed in Table 3.5
Parameters used to calculate the Stress Reduction Ratio (SRR). The calculated values of
SRR obtained from the eight methods are compared with field data as well as the values
computed by finite element analysis used of this chapter in Table 3.6 . Only Methods 7
and 7b and the FEM allow explicit consideration of the influence of gravel layer in the
platform. The calculated SRR from M2 and M4 and FEM were all in excellent agreement
with the field SRR at the end of construction (maximum difference of 3%). The
calculated 0.75 of SRR from M7 is larger than the 0.65 calculated from M4; this is
consistent with the conclusion that the calculated SRR from M7 should not be less than
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the limit of SRR calculated by M4 (Filz and Smith 2006). M7b based on modified

,

provided closer SRR to the field (6% difference) than M7. M8 and M3 gave reasonable
agreement with field values, being within 13% and 23%, respectively. Methods 1, 5 and 6
departed significantly from the observed value for this case.
3.4.4 Excess pore water pressures
The calculated trend and peak values of piezometric levels (Figure 3.11) were similar to
the observed levels at pore water pressure sensors P1 and P2 (Figure 3.1). Both the
measurement and calculations showed an increase in excess pore pressures with time due
to the embankment self-weight. The measured peak excess pore pressure for 1 and 2 was
essentially the same (5.5 kPa) while the calculated values were close at 5.7 kPa and 5.4
kPa, respectively. The very small amount of increase of excess pore pressure was because
of the relative high hydraulic conductivity of the F4 layer of clayey sand and the F7 layer
of sandy clay with some stiff clay mixed with gravel and marl, which resulted in fast
dissipation of excess pore water pressure, with the peak excess pore pressures occurring
prior to the EOC. The calculated increase of excess pore pressure for Section S2 was
slightly smaller than that for S1 due to load transfer from the foundation soft soils to
adjacent rigid piles in Section S2. Considering the very limited excess pore pressures
generated, it is not possible to identify a significant benefit due to the piles in Section S2
with respect to any reduction in excess pore pressure. The calculated excess pore
pressures for both sections dissipated faster than those that were observed. This may be
due to a decrease in hydraulic conductivity with a reduction of void ratio during
consolidation of the field soil which was not considered in the numerical model.
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3.4.5 Horizontal movements at the toe
The shapes of the deformed inclinometer casings at I1, I2, I3 and I4 for Sections S1, S2,
S3 and S4, respectively (Figure 3.1), are presented together with the computed profiles
from finite element analyses in Figure 3.12(a) and Figure 3.12(b) at 180 days. The trends
of horizontal movement profiles with depth below the toe were reasonably well captured
and the calculated magnitudes were generally in fair agreement with measured data
although there was a consistent overestimation of horizontal movement with depth for
Sections S1 and S2. This is consistent with the findings of previous researchers who have
noted the difficulty of obtaining consistent predictions in both soil settlements and lateral
deformations and that horizontal displacements are usually overestimated (e.g., Poulos
1972; Tavenas et al. 1979; Rowe et al. 1996; Hinchberger and Rowe 1998;
Taechakumthorn and Rowe 2012). This may be attributed to the combined effects of
significant rotation of principal stress under the embankment slope and the modelling of
what is likely anisotropic foundation soil with an isotropic soil model due to the lack of
data regarding the nature of the soil anisotropy.
The analyses performed by Nunez et al. (2013) which are included in Figure 3.12(a)
(denoted as S1 and S2 N* 2013) gave a trend of horizontal displacements with depth for
Section S1 inconsistent with the field measurements: underestimating the movement
between 0.5 and 4m depth while overestimating it below 4 m and at the surface. For
Section S2, the present study gave consistent overestimate of the horizontal movement
with depth compared with field observation while Nunez et al. (2013) under-estimated
the horizontal movements above a depth of 6.2 m and overestimated them below 6.2 m.
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For Section S3, the calculated maximum lateral movement at the ground surface at the
toe (16 mm) in this study was 2 mm greater than the observed value (a 15% overestimate)
while the calculated value from Nunez et al. (2013) of 8 mm was 6 mm less than the field
value (42% underestimate; Figure 3.12(b)). Nunez et al. (2013) underestimated the
movement at a depth of 1.5 m below the toe by 7.7 mm (i.e., they calculated 5.1 mm
which is 7.7 mm less than the measured 12.8 mm; a 60% underestimate) while the
calculated value of 13.5 mm at the same location from the present study was very close to
the observed 12.8 mm. Similarly, for Section S4 Nunez et al.’s (2013) calculated
horizontal displacement at the depth of 1.5 m of 7.4 mm was 4 mm (35%) less than the
measured value while the present study gave 12.3 mm, an 8% overestimate of the
observed 11.4 mm. Thus, for all sections, the calculated horizontal movements below the
embankment toe from this study were in more consistent agreement with the field
measurements than those of Nunez et al. (2013).
The inclusion of piles reduced the maximum calculated and observed lateral
displacement below the toe of embankment and the combination of reinforced platform
with piles further decreased it, especially after the embankment height exceeded 3 m
(Figure 3.13). The two-layer reinforced platform in Section S4 had the greatest effect in
minimizing the maximum lateral displacement although the improvement in performance
relative to the single layer reinforced platform in S3 was 1.5 mm (9%).
In addition to reducing the magnitude of the maximum horizontal displacement, the
piles also changed the distribution of lateral displacement and, for Section S3 and S4, the
location of the maximum horizontal displacement (Figure 3.12). For Section S1 both the
79

observed and calculated maximum at the depth of about 1.5 m was 20-25 mm greater
than at the ground surface. The piles changed the distribution of lateral movement and the
difference in horizontal movement at the surface and a depth 1.5m was substantially
reduced (to 0.9 mm observed and 2.5 mm calculated) for Section S2 with piles. This is
because the significant difference in stiffness between the pile and adjacent soil reduced
the loading of the soil and hence the horizontal lateral extrusion of foundation soils
between the piles by limiting the generation of a potential rotational surface through the
foundation. In addition, the tension mobilized in the reinforcement partially counteracted
the horizontal thrust force due to embankment fill and also provided some horizontal
restraint. Thus, when there was also a reinforced platform (Sections S3 and S4), the
observed (13.6 mm and 11.8 mm respectively) and calculated (16 mm and 14.5 mm
respectively) maximum horizontal movement was at the ground surface.
3.4.6 Reinforcement strains
The measured and calculated geotextile reinforcement strains at the strain gauge locations
(Figure 3.2c) agreed well (Figure 3.14). As piles were not installed symmetrically, the
largest and most uneven settlement midway between adjacent piles tended to be closer to
the zone without pile support (Figure 3.7). Therefore, the calculated maximum strain
occurred at G5, on the top of pile C, which was the monitored pile nearest to the un-piled
zone. Since there was a sharp variation of the settlement beyond the perimeter of pile
there was a large decrease of tensile strain in the reinforcement moving from the piles to
midspan between piles, which is consistent with the observed “inverse triangular”
phenomenon of deformed reinforcement in model experiments published by van Eekelen
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et al. (2012a, b). The small calculated differential settlement of about 46 mm for Section
S3 (Figure 3.8) resulted in the tensile strain being limited to only less than 1%. This strain
corresponded to the tensile force of about 8 kN/m, only about 10% of the tensile strength
(79 kN/m).
3.5 Conclusions
The results obtained from a 3D coupled elasto-plastic Biot consolidation analysis with a
Drucker-Prager cap material behaviour were compared with the field measurements for
embankments constructed over soft foundations with different improvement techniques.
This model successfully captured the performance of the full scale embankments, and the
observed difference in performance of different improvement techniques, with respect to
pore-water pressures, settlements, subsoil stresses, horizontal movements below the toe
of the embankments, and the observed geosynthetic reinforcement strains. For the case
studied, the following conclusions were reached.
1. Compared to the unreinforced embankment (Section S1), like the field data, the
FEM analysis indicated that,
a. the inclusion of piles (Section S2) decreased the settlement at the subsoil
surface to 52% of that for Section S1
b. the addition of single layer of geotextile reinforcement (J =800 kN/m; Section
S3) further reduced the subsoil surface settlement to only 31% of that for
Section S1 and also decreased the differential settlement to about 38% of that
of the counterpart Section S2 without reinforcement.
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c. the addition of two layers of reinforcement (J=500 kN/m; Section S4) only
had a minor additional effect on reducing this subsoil surface settlement to 28%
of that for Section S1.
d. the maximum lateral deformation below the toe of embankment for piled and
single geotextile basally reinforced Section S3 was only 38% of that for the
unreinforced Section S1. The two-layer reinforced platform in Section S4 had
the greatest effect in minimizing the maximum lateral displacement below the
toe of embankment among four sections.
2. For embankment surface settlements that were not reported in the field, the FEM
calculation found that the settlement at the centreline of the embankment surface
was reduced to 60%, 41% and 38% for Sections S2, S3 and S4, respectively
relative to that of Section S1.
3. The relatively small differential settlement obtained with the addition of a single
layer of geotextile reinforcement (Section S3) resulted in a very low
reinforcement tensile strain (less than 1% corresponding to the tensile force of 8
kN/m that was only 10% of the tensile strength of 79 kN/m).
4. Compared to the unreinforced embankment (Section S1), there was a large
reduction in stress in the soft foundation soil due to the piles and arching of the
embankment fill which occurred during construction. The FEM method and the
hand methods of Hewlett and Randolph (1988) and Russell and Pierpoint (1997)
gave the best estimates of stress reduction ratio within ≤ 3% difference from the
measured data. Methods of Filz and Smith (Filz et al. 2012) and EBGEO
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(EBGEO 2011) gave an acceptable post-test calculation (within about 6% and 13%
discrepancy respectively).
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Table 3.1 Basic soil parameters.
Layer
(-)
(-)
(-)
(-)
°
ν (-)
/
/
(-)
/ (-)

F1
0.212
0.032
0.092
0.014
30.6
4
0.35

F2
0.44
0.066
0.191
0.029
30.6
4
0.36

F3
0.71
0.107
0.308
0.046
30.6
4
0.37

F4
0.171
0.026
0.074
0.011
30.6
4
0.35

N/A

N/A

8.8

10

1.0

10

6.1

10

6.1

10

6.6

10

N/A

N/A

1.2

10

1.4

10

8.3

10

8.3

10

8.9

10

1.668
1.45

0.986
1.3

0.686
1.2

0.574
1.05

F5
0.267
0.040
0.116
0.017
27
13
0.32

0.662
1.04

F6
0.203
0.031
0.088
0.013
27
13
0.32

0.619
1.03

F7
0.062
0.009
0.027
0.004
34
0
0.31

0.52
1.02

Table 3.2 Properties of gravel, embankment fill, and piles.

fill
gravel
pile

Unit weight
(kN/ )

Friction angle
(°)

(kPa)

18.5
20
24

30
36
-

10
60
18,000

Young’s
modulus
(MPa)
20
70
20,000

Poisson’s
ratio (-)
0.3
0.3
0.2

Table 3.3 Geosynthetic reinforcement properties.
Stiffness at
Stiffness at 10%
2% strain
strain
/
/
Geotextile
800
790
Geogrid
500
580
*
3mm thickness assumed for inferring modulus
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Young’s modulus*
(MPa)

Poisson’s
ratio (-)

263
193

0.3
0.3

Table 3.4 Settlements (mm) for embankment sections/cases considered.
Case
Field Soil
top , , ,
FEM soil
top
Difference
ratio (%)
Field pile
head , ,
FEM Pile
head
Difference
ratio (%)

∗

Settlement (mm)
S3
S2 N ∗
S3 N

∗

S4

S4 N

71

65

64

78

44

71

48

-36.2

11.4

-38

9.2

-25

8.0

N/A

31

N/A

28

N/A

N/A

9.9

N/A

31.1

N/A

31.8

N/A

N/A

23.8

N/A

0.3

N/A

13.6

N/A

S1

S1 N

249

260

112

105

70

250

230

131

67

0.4

-11.5

17

N/A

N/A

N/A
N/A

S2

Note: S N ∗ s are results published by Nunez et al. (2013); Field soil

, , ,

∗

and pile head

data are from Briançon and Simon (2012). The reason why field soil data differed slightly
between this study and Nunez et al. (2013) was that field data of this study was the
measurement from differential pressure transmitter for level measurement (“T”) while the
field data of Nunez et al. (2013) was probably the observation from the magnetic probe
extensometer located at the similar locations. As described by Briançon and Simon
(2012), the two methods were used to cross check by each other and gave the very similar
results. Since field pile head data was measured only by differential pressure transmitter
“T”, to be consistent, the field soil data adopted in this study was also from the
differential pressure transmitter “T”. Also, the resolution provided by the differential
pressure transmitter was better than that from the magnetic probe extensometer.
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Table 3.5 Parameters used to calculate the Stress Reduction Ratio (SRR).
H (m)
(m)
(m)
/
/
(-)
°
°
(m)
(m)
,

4.65
0.55
4.45
20
18.5
0.75(1)
36
30
0.337
2

Table 3.6 Calculated Stress Reduction Ratio (SRR) for S3 at the end of construction and
comparison with the field observed value.
SRR
M1
M2
M3
M4
M5
M6
M7
M7b
M8
FEM
Field

0.084
0.62
0.79
0.65
0.33
0.44
0.75
0.68
0.72
0.63
0.64

Difference from
the field value (%)
87
3
23
2
48
31
17
6
13
2
-
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Figure 3.1 (a): Plan view of the field site layout and monitoring locations (adapted from Briançon and Simon, 2012);
(b): Cross section view of the field site layout (adapted from Briançon and Simon, 2012).
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Figure 3.2 Cross section view of instrumented test embankment S3.
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Figure 3.3 Soil profile and basic properties (Field data is from personal communication with Dr. Briançon).
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Figure 3.4 (a) Finite-element mesh for Section S3; (b) Top view of Section S3.
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Figure 3.5 Simulated embankment construction history.
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Figure 3.7 Calculated settlement at the top of subsoil.
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Figure 3.12 Horizontal movement below the toe at 180 days (S1, S2, S3 and S4 from
N*2013 are the profiles calculated by Nunez et al. 2013; Field S1 (without piles), S2
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2012).
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Chapter 4
Numerical study of the effects of geosynthetic reinforcement viscosity on
behaviour of embankments suppored by deep-mixing-method columns
4.1 Introduction
The deep-mixing-method (DMM) originally developed in Japan and Nordic countries is
now being used worldwide as a cost-effective soft ground improvement technique,
particularly in applications involving embankments on soft foundations (e.g., Noriyasu et
al. 1996; Bergado et al. 1999; Bruce 2000; Lambrechts et al. 2003; Stewart et al. 2004;
Wachman and Labuz 2008; Chai et al. 2010; Chai and Carter 2011; Voottipruex et al.
2011; Dahlström and Wiberg 2012; Diaz et al. 2012; Kamruzzaman et al. 2012; Pye et al.
2012; Bruce et al.

2013). Compared with the traditional embankment foundation

improvement methods (staged construction and vacuum preloading with or without
prefabricated vertical drains), a higher construction rate and better control of the
embankment deformations (settlements, lateral movement) have been reported for DMM
than alternative techniques (loc. cit.). Also, DMM allows a large variability of spacing
and composition of individual columns, and is relatively more economical, than
foundation treatment using concrete piles.
Basal geosynthetic reinforcement is often used to bridge across the top of DMM
columns to distribute the embankment loading onto DMM columns. The inclusion of this
reinforcement allows a larger DMM column spacing than would otherwise be possible
except with use of a cement-stabilized slab over the columns but is more cost effective
than the latter. With the merits stated above, the combined use of geosynthetic
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reinforcement and DMM columns has increasingly gained acceptance for embankment
construction on difficult soils (e.g., Forsman et al. 1999; Plomteux et al. 2004; Parmantier
et al. 2005; Lai et al. 2006; Chen et al. 2008; Borges and Marques 2011; Chandra 2012;
Pooranampillai et al. 2012; Dash and Bora 2013; Ignat et al. 2015).
Experimental studies have shown that geosynthetics made of polyethylene (PE) and
polypropylene (PP) are susceptible to creep/relaxation (e.g., Bathurst and Cai 1994;
Leshchinsky et al. 1997; Shinoda and Bathurst 2004; Jones and Clarke 2007; Kongkitkul
et al. 2007; Kongkitkul and Tatsuoka 2007; Yeo and Hsuan 2010; Franca and Bueno
2011; Mok et al. 2012; Müller 2014). The creep characteristics of geosynthetic
reinforcement have been important to the interpretation of the time-dependent behaviour
of reinforced soil walls (e.g., Helwany 1992; Lopes et al. 1994; Helwany and Wu 1995;
Helwany and Shih 1998; Sawicki 1999; Hirakawa et al. 2002; KazimierowiczFrankowska 2003; Simonini and Gottardi 2003; Kongkitkul et al. 2010; Chao et al. 2011;
Bathurst et al. 2012; Liu 2012). Also, reinforcement viscosity has been shown to be of
importance for embankments with basal reinforcement but no columns (e.g., Li and
Rowe 2001, 2008; Rowe and Taechakumthorn 2011; Karim et al. 2012; Taechakumthorn
and Rowe 2012a, 2012b, 2012c).
Although geosynthetic reinforcement has been reported to play an important role in
improving the performance of DMM column supported embankments, including
reducing the lateral displacements (Huang and Han 2010, Yapage and Liyanapathirana
2014), the effect of reinforcement viscosity on performance of embankments with DMM
columns has not been examined. The closest relevant study is a very recent paper by
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Ariyarathne et al. (2013) which examined the effect of geosynthetic creep on reinforced
embankments with end-bearing concrete piles. Thus, the objective of this paper is to
investigate the influence of reinforcement viscosity and type (stiffness) on the postconstruction performance of embankment improved by DMM columns (both floating and
fully penetrating) using fully 3D coupled finite element method (FEM) that has been
calibrated and verified by successfully capturing the performance of the full scale
embankments involving reinforced and piled sections, and the observed difference in
performance of different improvement methods, with respect to pore-water pressures,
settlements, subsoil stresses, lateral displacements below the toe of the embankments, and
geosynthetic reinforcement strains in the field (Liu and Rowe 2014; Rowe and Liu 2015).
The constitutive models adopted for each material are listed in Table 4.1.
4.2 Geosynthetic reinforcement modelling
4.2.1 Constitutive model for geosynthetic reinforcement
Bathurst and Kaliakin (2005) provided an overview of a wide variety of constitutive
models for geosynthetics in reinforcement applications and categorized those models into
six classes. Among them, the rheological model based on the Kelvin system has been
demonstrated to be able to capture much of both the short-term and long-term
viscoelastic strains of geosynthetic materials (Zhang and Moore 1997a; Soong and
Koerner 1998; Hirakawa et al. 2003; Kongkitkul et al. 2004). There are two main benefits
of a multi-Kelvin model: (i) it can be formulated so that only a few material constants are
needed; (ii) the number of Kelvin elements can be easily selected as necessary to model
creep over different time periods. The uniaxial formulation of the nonlinear viscoelastic
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model proposed by Zhang and Moore (1997a) has been applied to model reinforcement
creep in reinforced embankments (Li and Rowe, 2001, 2008; Rowe and Taechakumthorn
2011; Karim et al. 2012; Taechakumthorn and Rowe 2012a, 2012b, 2012c). According to
Yeo and Hsuan (2010), no secondary creep (i.e., visco-plastic flow) has been observed
for HDPE and PET geogrids when the strain is less than 10%. Considering that the
reinforcement used in embankment either with or without columns should not be strained
beyond this 10% limit, a viscoplastic model is not necessary for the application being
considered here. The numerical study by Ariyarathne et al. (2013) also showed that the
inclusion of plasticity in the reinforcement constitutive model had essentially no effect on
piled embankment performance. Therefore, the reinforcement constitutive model adopted
in this chapter is based on the 3D formulation of a nonlinear viscoelastic model proposed
by Zhang and Moore (1997b), which was extended from their uniaxial version (Zhang
and Moore 1997a).
The Zhang and Moore (1997b) model adopted involves a nonlinear independent
spring with a series of Kelvin elements, each of which consists of a spring and a dashpot
in parallel (Figure 4.1). The total strain tensor,
, and the viscous strain tensor,

, is the sum of the elastic strain tensor,

. Thus, the total strain rate tensor,

, can be

expressed as:
[4.1]
The elastic strain rate tensor,

, is defined as below:
[4.2]
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where:

= deviatoric stress rate tensor;

stress tensor,

= elastic shear modulus. The deviatoric

, is defined as:
[4.3]

where:

= stress tensor;

= hydrostatic stress invariant; and,

According to elastic constants conversion,

is related to

= Kronecker delta.

that is modulus (i.e., the

stiffness for geosynthetic reinforcement) of the independent spring.

can be calculated

based on the following function:
exp
where:

and

[4.4]
are material constants; and
[4.5]

The viscoelastic strain rate tensor,

, is expressed as follows:

∑

[4.6]

where:

= number of Kelvin elements;
/

Kelvin element;

= viscoelastic strain tensor for the mth

retardation time; and

and

= spring modulus (i.e.,

the stiffness for geosynthetic reinforcement) and the dashpot viscosity of the mth Kelvin
element, respectively. These parameters can be deduced by the proposed equations below:
[4.7]
[4.8]
where:

and

are the material constants.

After reinforcement thickness is taken into account, the seven material constants,
,

,

,

, α, β and

, in this chapter can be deduced from similar parameters used in
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uniaxial case by Li and Rowe (2001). The finite element formulation of the viscoelastic
problem was derived based on the method proposed by Zienkiewicz (1977), which is
similar to that of incremental plasticity theory.
4.2.2 Calibration and validation by reinforcement creep tests
Since the geosynthetic reinforcement was modelled by membrane elements in the finite
element program ABAQUS (Hibbitt et al. 2011), a plane stress formulation of the
constitutive model for reinforcement was implemented into ABAQUS through its
subroutine UMAT. Two laboratory creep tests for typical geosynthetic reinforcement
products (Greenwood 1990; Yeo and Hsuan 2010) were selected to test the
implementation of the model. Table 4.2 lists the back-calculated viscoelastic parameters
from the creep simulations. Based on equivalent parameters deduced from Li and Rowe
(2001), the calculated FEM creep for polypropylene (PP) geotextile (denoted here as G1)
under a sustained load of 56 kN/m agreed very well with the observed creep test data,
which implicitly verifies the implemented model used in present chapter (Figure 4.2).
The implementation also was calibrated for a creep test on a high density polyethylene
(HDPE) geogrid (denoted here as G2) under a sustained load of 24.1 kN/m (Figure 4.2).
The two products exhibited a fairly similar increase in reinforcement strain (RS) with
time under constant tensile force although the applied load differed by more than a factor
of two. G2 was slightly more viscous than G1 with the tensile creep strain rate for G2
exceeding that of G1. Thus, even though the initial strain of G2 was slightly lower than
G1, the strain in G2 exceeded that for G1 after 10 hours. The calculated total strain of
G1 increased from 3.4% at the end of loading (at 0.01 hours, i.e., 36 seconds) to 8.2% at
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10 hours (i.e. 114 years) giving a creep strain of 4.8% while G2 gave a creep strain of
5.8% during the same period of time.
4.3 Numerical modelling and model parameters
4.3.1 Mesh discretization details
The granular embankments considered in this chapter, with 2:1 (horizontal: vertical) side
slopes and overlaying a 15 m thick soft cohesive deposit underlain by the rigid and
permeable layer, are similar to that examined for basal reinforcement only by Rowe and
Taechakumthorn (2008). The foundation was improved by 1-m-diameter DMM columns
at 3 m centre-to-centre spacing giving an area replacement ratio (defined by Chai and
Carter 2011 as the ratio of the cross-sectional area of a column to the total cross-sectional
area of the zone improved by a single column) of 8.7% and a column length of 12.3 m
giving a depth improvement ratio, defined by Chai and Carter (2011) as the ratio of the
length of a column over the thickness of the soft clayey deposit, of 82% for the floating
column case. These parameters are very close to the 9% the area replacement ratio and
85% depth improvement ratio of the Japanese field Case-2 (FNHO 2003; Chai et al.
2010). In addition, fully penetrating columns (15 m column length) also are considered
for comparison.
Although the column supported embankment with a square column grid and lateral
slope is fully 3D, it can be reasonably idealized by a 3D slice and this can be taken as a
computational unit by taking account of local symmetry in the boundary conditions. A
3D finite element (FE) analysis, using ABAQUS Version 6.11-2, was performed. The
linear hexahedral element has been widely used for modelling piled embankments or
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foundation in many recent publications (e.g. Zhuang 2009; Keykhosropur et al. 2012; Ye
et al. 2013; Thach et al. 2013; Rose et al. 2013; Tho et al. 2014). A preliminary FE
analysis based on a French case study (Briançon and Simon 2012) showed that the
computation time using quadratic-order element (C3D20RP) was roughly 8 times than
that using first-order element (C3D8P) while the calculated piled embankment
deformations differed by only 6% (or less). To minimize the computational cost, within
an acceptable accuracy, of the parametric FEM work needed in the present study, 8noded linear displacement brick elements with linear pore pressure (C3D8P) were
adopted to model the coupled mechanical and hydraulic behaviour of soils in this chapter.
The FE discretization for the case of reinforced embankment with floating columns had
21,375 elements, 41,761 nodes (Figure 4.3a) and 102,865 degrees of freedom. The
geotextile/geogrid reinforcement was modelled using 4-noded linear membrane elements
(M3D4) (Figure 4.3b). Interface elements were utilized to simulate interactions between
the DMM columns and soil and between the embankment fill and reinforcement.
4.3.2 Boundary conditions
The 15 m deep soft clay profile was modelled with a rough-rigid (zero displacement in
three directions) bottom boundary along the plane of z=0. To minimize boundary effects,
the lateral boundary of the finite-element mesh extended 28.5 m horizontally either side
of the embankment, which is twice the width of embankment base (Figure 4.3a). The line
of symmetry and far field lateral boundaries (the plane of x=0 and x=57) were smooth
rigid (zero displacements in x direction). In addition, two vertical planes (y=0 and y=1.5)
were smooth rigid (zero displacement in the y direction considering of symmetry of the
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section being considered). With respect to the drainage boundary conditions, the water
table situated at the ground surface (z=15 m) and at the bottom of the finite-element mesh
were assumed to be free drainage. Lateral flow was not permitted across the plane of x=0
and x=57.
4.3.3 Selection of model parameters and modelling details
Two soft foundation soil profiles, denoted as Soil A and Soil B, are examined in this
study. These profiles are similar to those examined by Li and Rowe (2001) and Rowe
and Taechakumthorn (2011). These soil conditions were selected to allow a direct
comparison of the performance of reinforced embankments with and without DMM
columns as discussed later in this paper. Both Soil A and Soil B are slightly
overconsolidated with an overconsolidation ratio of 1.1 to 2.7 and 1.1 to 2.4, respectively,
below the depth of 2 m. Above the depth of 2 m, the preconsolidation pressure at the top
is 20 kPa and 60 kPa, respectively for Soil A and Soil B. Thus, Soil A is lightly
overconsolidated throughout its full depth (i.e., without a crust) while Soil B has a 2 m
crust. The constitutive model with a Drucker-Prager failure envelope and an elliptical cap
yield surface as is widely used for capturing soft clay behaviour was used for modelling
two foundation deposits (Chen and Mizuno 1990; Rowe and Li 1999; Li and Rowe 2001;
Skinner and Rowe 2005; Rowe and Taechakumthorn 2008, 2011). The soil parameters
for both soils are summarized in Table 4.3. DMM columns for soft soil typically using
the dry mixing method are created by drilling shafts with an auger and mixing the soil
with lime, cement or slag mixtures. According to Coduto (2001) and Brown et al. (2010),
drilled shafts penetrated associated with the dry mix method have minimal sidewall
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disturbance with good workmanship, and therefore no significant change in coefficient of
lateral earth pressure occurs as a result of construction. Accordingly, the ratio of
coefficient of lateral earth pressure after DMM column installation to that before
installation was taken to be unity. A linear elastic-perfectly plastic model with MohrCoulomb failure criterion was utilized for simulating the columns, and the embankment
and platform fill. The unconfined compressive strength, qu, was taken as 1 MPa and the
Young’s modulus, E, for DMM columns (which typically range from 30 to 300 MPa,
Kamruzzaman et al. 2012) was assumed to be 100 MPa. The correlation of E = 100 qu
was based on Bruce (2001), Huang et al. (2009) and Huang and Han (2009). With this
strength, there was no failure in the DMM columns in any analysis. The properties for
embankment fill and platform fill that includes the geosynthetic reinforcement were
assumed to be the same as those corresponding to a Finnish case study of a reinforced,
DMM column-supported embankment as reported by Huang and Han (2009) (Table 4.4).
Interface elements were used at column-soil, embankment fill-reinforcement, and
embankment-subsoil interfaces. These interfaces were modelled using the master-slave
contact pairs provided in ABAQUS. The basic Coulomb friction model was used to
simulate the interaction at the interface. Based on Coduto (2001), the column-soil
interface frictional angle can be taken to be the surrounding soil’s effective frictional
angle. The gravel-reinforcement interface frictional angle was taken to be the same as
that of the gravel in the load transfer platform.
The embankment construction was modelled as a series of steps. In the initial
geostatic step, the material at the location of the columns which had not yet been installed
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had the same properties as the adjacent soils. After the initial equilibrium was reached,
the initial subsoil stress state was imported to the next analysis step and the properties of
the elements at the planned column locations were replaced with column properties and
the contact conditions between column and soil were activated simultaneously. The
subsequent embankment construction was modelled by gradually turning on the gravity
in the embankment fill for each layer until the full unit weight of the layer was achieved
and then doing likewise for the next layer until the full embankment had been constructed.
The rate of construction simulated was 10 m/month following that adopted in previous
publications (e.g., Li and Rowe 2001, 2008; Rowe and Taechakumthorn 2008, 2011;
Taechakumthorn and Rowe 2012a, 2012b, 2012c). Following the end of construction to
the desired embankment height, post construction consolidation was simulated. The cases
examined are summarized in Table 4.5.

.

4.4 Results and discussion
The FE simulations of the DMM column-supported embankments with non-viscous
reinforcement and viscoelastic reinforcement were conducted to illustrate the effects of
creep and stress relaxation of geosynthetic reinforcement during and following
embankment construction. The embankment heights for different cases examined are
summarized in Table 4.6.
4.4.1 Effect of reinforcement viscosity
According to McGown et al. (1984) and Wrigley et al. (1999), the reinforcement strain of
approximately 5% in the short-term may potentially increase to a performance limit strain
of 10% in the long-term for some HDPE geogrids tested in isolation. Also, a Swedish
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case involving reinforced piled embankment reported by Rogbeck et al. (1998) showed
that the measured strains in a geogrid were up to 4.5%. Thus, the reinforced
embankments improved by columns (both floating and fully penetrating) were
numerically constructed to a height corresponding to a reinforcement stain at the end of
construction (EOC) of 4.5% to investigate their behaviour with time.
4.4.1.1 Time-dependent reinforcement strain/force
For 12.3 m long floating-columns, the reinforced embankment over Soil A was built to
6.35 m corresponding to 4.5% strain of G1 at the EOC (solid line in Figure 4.4a). To
examine the viscous effect of reinforcement, the column-supported embankment also was
numerically constructed using linear elastic (i.e., inviscous) reinforcement (dashed line in
Figure 4.4a) having the same stiffness mobilized at the end of construction (stiffness J =
1065 kN/m) as the viscoelastic reinforcement modelled so that the reinforcement strains
using both models were essentially the same at the EOC (Figure 4.4a). The subsequent
(post construction) increase of the maximum tensile strain was 2.8% and 3.8% (36%
additionally for the viscous case) for elastic and viscous reinforcement, respectively. The
subsequent increase of the maximum elastic reinforcement strain after the EOC was
related to the consolidation induced differential subsoil movements and stressredistribution including the Mandel-Cryer effect (Schiffman et al. 1969) while that for the
viscous reinforcement also included the creep induced additional strain in the
reinforcement, with the difference between the two being attributable to the creep of the
viscous reinforcement. In addition, the change in strain with time in an isolated creep test
of the reinforcement under a sustained load equal to that required to achieve a short-term
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strain of 4.5% (i.e., the same as the maximum in the reinforcement in the columnsupported embankment at the EOC) was modelled (dash-dot line in Figure 4.4a) and
found to underestimate the tensile strain than that mobilized in the embankment because
it did not reflect the changes that occurred in the reinforcement strains due to stress
transfer with consolidation of the embankment foundation soil. The increase in the strain
induced in the elastic reinforcement and the underestimate of the strain in isolated creep
tests both highlight the significant load/stress redistribution arising from differential
settlement of the columns and subsoil as well as the arching in the embankment and
foundation during consolidation.
The calculated change in mobilized tensile force with time (Figure 4.4b) for the
viscous (solid line) and elastic (dashed line) reinforcement corresponding to the same
case discussed above both exhibited an increase after the EOC due to the horizontal
restraint provided by the reinforcement to lateral deformations in foundation as well as
due to the effect of differential subsoil settlement associated with consolidation in
foundation. However while the elastic reinforcement reached a maximum value and then
remained constant after consolidation was essentially complete, the mobilized force in
viscous reinforcement reached a peak value and then decreased due to stress relaxation in
the reinforcement. After about 16 years, the tensile force in viscous reinforcement had
reduced to 86% of that in inviscous reinforcement. To differentiate between the
performance of reinforcement in the column-supported embankment and in an isolated
relaxation test in the laboratory, a stress-relaxation test was simulated (dash-dot line in
Figure 4.4b) for reinforcement subjected to the same tensile force as the maximum
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developed at the EOC of embankment. Due to the neglect of load transfer and the
resultant stress redistribution occurring during consolidation of foundation for the
column-supported embankment, the simulated laboratory relaxation test significantly
underestimated the force in the reinforcements but overestimated the decrease due to
stress-relaxation compared to that calculated for the same reinforcement in the columnsupported embankment.
When the columns were fully penetrating, the column supported embankment
reinforced with G1 on the same subsoil could be constructed to a height at 6.75 m before
a strain of 4.5% was mobilized at the EOC (Figure 4.5a). The post-EOC increase in strain
with viscous G1 was 2.1% which was 40% more than 1.5% for the case assuming G1 was
elastic (Figure 4.5a). The maximum tension developed in viscous reinforcement was 66.4
kN/m or 87% of the 76 kN/m mobilized in the elastic reinforcement at 99% consolidation
(Figure 4.5b). Thus, the viscous behaviour of reinforcement was important for both
floating and fully penetrating column-supported embankments.
4.4.1.2 Post-consolidation embankment deformations
The calculated post-construction horizontal toe movement (Figure 4.6) of columnsupported embankments reinforced by either inviscous (dashed line) or viscous (solid line)
reinforcement increased to a maximum with consolidation of the foundation soil. The
change for the case with elastic reinforcement can be ascribable solely to consolidation
and stress-redistribution including the Mandel-Cryer effect (Schiffman et al. 1969) while
the additional increase for the case with viscous reinforcement can be attributed to the
reinforcement viscosity. Thus, the calculated increase in lateral toe movement after EOC
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of 0.41 m for the floating-column supported embankment with viscous reinforcement was
14% more than 0.36 m for the case assuming the elastic reinforcement. For the fully
penetrating column-supported embankment, the calculated post-EOC increase in
horizontal toe movement of 0.11 m with the viscous G1 reinforcement was 38%
relatively larger than 0.08 m calculated for the case with elastic reinforcement.
The fully penetrating columns had a significant effect in reducing the post-EOC
increase in horizontal toe movement to 0.11 compared to 0.41 m for the case of floating
column with the same viscous G1 reinforcement. The post-EOC increase in
reinforcement strain of 2.1% was similarly reduced for the fully penetrating columns
compared to 3.8% for the floating column case even though the embankment height for
the fully penetrating column case was 0.4 m higher than that for the floating column case.
The viscosity of reinforcement G1 had relatively little effect on the post-EOC
embankment crest settlement (Figure 4.7). For the embankment on the floating columns,
the maximum crest settlement calculated for viscous reinforcement (1.49 m) was only
1.4 % more than that with inviscous reinforcement (1.47 m). Likewise, for embankments
with fully penetrating columns, there was only marginal difference in the maximum crest
settlement with/without consideration of reinforcement viscosity (Figure 4.7). However,
in this case, increasing the column length to fully penetrating did have a large effect in
reducing the maximum crest settlement to 0.22 m (i.e., 15% of that calculated with
floating columns).
It can be concluded that the viscous behaviour of reinforcement has the potential to
noticeably affect the lateral deformation of column supported embankments but had a
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minimal effect on crest settlement for the cases considered. This conclusion is similar to
that reached by Li and Rowe (2001) for reinforced embankments without columns.
4.4.2 Impact of reinforcement strain at EOC on post-consolidation embankment
performance
The study in the previous section showed that limiting the reinforcement strain mobilized
in floating column supported embankment to 4.5% at the EOC was not sufficient to keep
strains at a reasonable level, with the calculated maximum increasing to over 8% for Soil
A, thereby exceeding the allowable reinforcement strain upper limit (7%) for typical
geosynthetic reinforcement suggested by GFR Specification guide (GFR Specifier’s
Guide 2006). British Standard 8006-1 2010 (BSI 2010) cited the study from Lawson
(1995) stating that typically a lower reinforcement strain limit of ≤3% may be adopted
during design of basal reinforced piled embankment. Thus, in this section, floating
column supported embankment over Soil A was numerically constructed to the height
giving 3% reinforcement strain at EOC and the results are compared with those discussed
above for embankments with 4.5% reinforcement strain at EOC. A similar scenario also
was examined for the less stiff reinforcement G2 over stronger Soil B so that factors of
both foundation soil profiles and reinforcement types could be explored. Also, for all
cases, both viscous reinforcement and inviscous reinforcement are considered.
4.4.2.1 Embankments with G1 over Soil A
The maximum reinforcement strain of G1 for 5.61 m and 6.35 m thick embankments over
Soil A exhibited similar trends (Figure 4.8). The post-EOC increase of maximum tensile
strain for 5.61 m embankment was 2% for inviscous reinforcement and 2.5% (i.e., 25%
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larger in relative terms) for viscous reinforcement. In contrast, this post-EOC increase of
maximum tensile strain for 6.35 m embankment was 2.8% and 3.8% (i.e., a 36% relative
increase due to viscosity) for inviscous and viscous reinforcement, respectively. Thus,
this post-EOC increase was reduced by 29% (2% compared to 2.8%) and by 34% (2.5%
compared to 3.8%), respectively for inviscous and viscous reinforcement, owing to the
smaller loading related to lower embankment height (5.61 m compared to 6.35 m)
(Figure 4.8a). The difference between the inviscous and viscous maximum reinforcement
strains at the two embankments heights arises because the lower applied stress and
smaller embankment deformations (discussed later) associated with the height giving 3%
EOC strain resulted in less reinforcement creep for the viscous reinforcement.
Correspondingly, the calculated tension of 56.7 kN/m in viscous G1 at 99% average
degree of consolidation for 5.61 m embankment was 30% lower than the 80.9 kN/m for
the 6.35 m embankment (Figure 4.8b).
The 0.41 m increase in post-EOC horizontal toe movement for the case with 4.5%
strain in viscous G1 at EOC (Case 1;Table 4.6) was 141% larger than the 0.17 m
calculated with 3% EOC strain (Case 2;Table 4.6) and the stabilized horizontal toe
movement of 1.07 m for Case 1 was 84% larger than the 0.58 m for that of Case 2
(Figure 4.9). This arises because the 0.74 m (13%) increase in embankment fill thickness
corresponding to an increase in the allowable EOC reinforcement strain from 3% to 4.5%
resulting in much larger plastic shear deformations in the foundation and subsequent
lateral deformations and horizontal toe movement. The maximum crest settlement for
Case 1 of 1.49 m was 62% more than the 0.92 m calculated for Case 2 (Figure 4.10).
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4.4.2.2 Embankments with G2 over Soil B
In this section, a similar scenario to that examined above but with a different
reinforcement (G2 with an equivalent stiffness mobilized at the EOC, J = 480 kN/m) over
Soil B is examined. Due to the relatively stronger foundation Soil B, the embankment fill
thickness corresponding to 3% strain in G2 at EOC was 6.94 m (1.33 m higher than 5.61
m for the similar case over Soil A with G1) even though G2 was less stiff than G1. The
embankment could have been constructed 0.81 m higher (i.e., a 9% increase to 7.55 m) if
the allowable EOC strain of G2 was increased from 3% to 4.5%. The maximum
reinforcement strain of G2 for 6.94 m and 7.55 m thick embankments over Soil B
demonstrated similar trends (Figure 4.11a). The post-EOC increase of maximum tensile
strain for 6.94 m embankment was 2.5% for inviscous and 3% (i.e., a relative increase by
20% due to viscosity) for viscous reinforcement. In contrast, this post-EOC increase of
maximum tensile strain for 7.55 m embankment was 3% and 3.7% (23% increase due to
viscosity) for inviscous and viscous reinforcement, respectively. This slight difference
between the inviscous and viscous maximum absolute reinforcement strains at the two
embankments heights can be attributed to the lower applied stress and smaller
embankment deformations (discussed later) associated with the height giving 3% EOC
strain. The corresponding calculated tension of 25.6 kN/m in the viscous G2 at 99%
average degree of consolidation for the 6.94 m embankment was 25% lower than the 34.1
kN/m for the 7.55 m embankment (Figure 4.11b).
The 0.31 m increase in post-EOC horizontal toe movement for the case with 4.5%
EOC strain in viscous G2 (Case 3;Table 4.6) was 72% greater than the 0.18 m calculated
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with 3% EOC strain in viscous G2 (Case 4;Table 4.6) and the post-consolidation
horizontal toe movement of 0.79 m for Case 3 was 55% more than the 0.51 m for Case 4
(Figure 4.12). Significantly larger plastic shear deformations in the foundation and
subsequent lateral deformations and horizontal toe movement was caused by the 0.61 m
(9%) increase in embankment fill thickness corresponding to an increase in the allowable
EOC reinforcement strain from 3% to 4.5%. This is consistent with the conclusion for
Case 1 and 2. The maximum crest settlement for Case 3 of 1.05 m was 38% larger than
the 0.76 m calculated for Case 4 (Figure 4.13).
In summary, the of allowable EOC reinforcement strain either in G1 on Soil A and
or in G2 on Soil B from 3% to 4.5%, increased the post-consolidation horizontal toe
movement by 0.49 m (84%, Case 2 relative to Case 1) and 0.28 m (55%, Case 4 versus
Case 3) respectively, and the corresponding maximum post-consolidation crest settlement
increased by 0.57 m (62%) and 0.29 m (38%), respectively.
Both lateral toe displacement and crest settlement for embankments over Soil B
(Cases 3 & 4) were smaller than those for embankments over Soil A (Cases 1 & 2) even
though G2 used in Cases 3 and 4 was less stiff than that for Soil A (Cases 1 & 2) and the
applied load was larger due to the higher embankment in Cases 3 and 4 for the same EOC
strain as in Cases 1 and 2. This indicates that the strength of foundation soil plays a
significant role in controlling embankment deformations.
The improved strength and stiffness in foundation soil provided by DMM columns
was crucial to improving embankment stability and minimizing embankment
deformations. This was explicitly demonstrated by a comparison of the smaller horizontal
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displacement and settlement for column-supported embankments in this paper with those
for embankments without columns over similar foundation soils (Li and Rowe 2001,
Taechakumthorn and Rowe 2012b) even though the embankments constructed in this
paper are about 2.5 m higher than in the other cases (loc. cit.).
4.4.3 Influence of reinforcement type (stiffness)
As shown in the previous section, there were excessive post-consolidation deformations
incurred for column-supported embankments when the mobilized allowable EOC
reinforcement strain was at 4.5%. In this section, the embankment height was established
corresponding to 3% strain of G1 at EOC. The effect of two different geosynthetic
reinforcement products with different stiffness (G1, G2; Table 4.2 and Figure 4.2) is
explored for floating-column embankments at this height over Soil A and Soil B.
4.4.3.1 Time-dependent reinforcement strain/force over Soil A
Numerical construction of an embankment over Soil A to 5.61 m gave EOC strains of 3%
for reinforcement G1 and 4.6% for G2 (Figure 4.14a). The post-EOC increase in
maximum strain for G1 was 2.6% while that for G2 was 4.3% (i.e., 65% larger than for
G1). This arises from: (i) the equivalent (i.e., mobilized at the EOC) linear stiffness of G1
(J=1050kN/m) being more than twice of that of G2 (J= 480kN/m); and (ii) the viscosity
in G1being slightly less than that for G2 (Figure 4.2). At 99% degree consolidation, the
maximum tension in G1 was 56.7 kN/m versus 35.5 kN/m in G2 (Figure 4.14b).
4.4.3.2 Time-dependent reinforcement strain/force for the case over Soil B
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Likewise, for Soil B, an embankment was numerically constructed to 7.55 m providing
EOC strains of 3% and 4%, respectively for reinforcement G1 and G2 (Figure 4.15a).
Compared with the case over Soil A, corresponding to 3% EOC strain in G1 and the
same DMM configuration, the embankment was 1.94 m higher due to stronger
foundation Soil B. The post-EOC increase in maximum strain for G1 was 2.6% while that
for G2 was 4% (i.e., 54% larger than for G1) (Figure 4.15a). At 99% average degree of
consolidation, the maximum tension mobilized in G1 was 57 kN/m versus 32.8 kN/m in
G2 (Figure 4.15b), which is analogous to the case over Soil A. In addition, slightly less
reinforcement strain in G2 was developed for the embankment over Soil B even though
the embankment was 1.94 m higher over Soil B than for over Soil A. This is associated
with less lateral deformations in stronger Soil B discussed below.
4.4.3.3 Horizontal toe movement
For 5.61 m embankment constructed over Soil A, due to the use of relatively stiffer and
less viscous reinforcement G1, the calculated post-construction horizontal toe movement
was decreased by 20% (i.e., 0.17 m for G1 relative to 0.21 m for G2) and the postconsolidation horizontal toe movement was reduced by 23% (0.58 m for G1 versus 0.75
m for G2) (Figure 4.16a). For 7.55 m embankment built on Soil B, likewise, the
stabilized horizontal toe movement for G1 was 12% less than for G2 (0.62 m versus to
0.7 m) (Figure 4.16b). Thus, the reinforcement with higher stiffness and less viscosity
can play an important role in reducing horizontal toe movement for column supported
embankments over both Soil A and Soil B.
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In addition, for the same column supported embankments reinforced by G2, despite
1.94 m lower embankment over Soil A than Soil B, larger horizontal toe movements were
still incurred for the case over Soil A (Figure 4.16) due to larger plastic shear
deformations developed in weaker foundation Soil A. This reflected in the larger
reinforcement strain of G2 calculated for the case over Soil A as discussed earlier.
4.5 Conclusions
The 3D coupled elasto-plastic Biot consolidation numerical studies were conducted to
investigate the influence of viscous behaviour of geosynthetic reinforcement on postconsolidation performance of reinforced embankment improved by DMM columns (both
floating and fully penetrating). The time dependent behaviour of two typical geosynthetic
products (G1: polypropylene woven geotextile; G2: High density polyethylene geogrid)
usesd as basal reinforcement for column-supported embankments over Soil A and Soil B
was examined. The creep strain in the reinforcement that is developed after embankment
construction and the associated foundation deformations were explored. The following
conclusions were reached for the cases examined:
1. For the studied column-supported embankments at the height corresponding to
4.5% EOC strain in G1, the subsequent (post construction) increase in the
maximum reinforcement strain in viscous reinforcement was 36% and 40% larger
than that for inviscous reinforcement, respectively for the floating column and
fully penetrating column case examined.
2. The foundation shear deformations and horizontal toe movement for columnsupported embankments were increased due to the creep and stress relaxation in
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reinforcement. The post-EOC horizontal toe movement was increased by 14%
(0.41 m versus 0.36 m) and by 38% (0.11 m versus 0.08 m), respectively for
embankments with floating columns and fully penetrating columns, due to
viscosity of reinforcement G1.
3. The impact of reinforcement viscosity on maximum crest settlement at the
embankment centreline was marginal.
4. For the floating column-supported embankment with G1 over Soil A, a 0.74 m
(13%) higher embankment thickness associated with an increase in the allowable
EOC reinforcement strain of G1 from 3% to 4.5%, resulted in a 84% increase
(1.07 m versus 0.58 m) in post-consolidation horizontal toe movement, a 141%
increase (0.41 m versus 0.17 m) in post-EOC horizontal toe movement, and a 62%
increase (1.49 m versus 0.92 m) in the maximum post-consolidation crest
settlement.
5. For the floating column-supported embankment with reinforcement G2 over Soil
B, a 0.61 m (9%) increase in embankment thickness associated with the
increasing of allowable EOC reinforcement strain from 3% to 4.5%, caused a 55%
increase (0.79 m versus 0.51 m) in post-consolidation horizontal toe movement, a
72% increase (0.31 m versus 0.18 m) in post-EOC horizontal toe movement, , and
a 38% increase (1.05 m versus 0.76 m) in maximum post-consolidation crest
settlement.
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6. The use of relatively stiffer and less viscous reinforcement G1 rather than G2,
reduced the post-consolidation horizontal toe movement by 23% and 12%,
respectively for the case over Soil A and Soil B.
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Table 4.1 The constitutive models selected for all materials used in this chapter.
Material

Constitutive model

Embankment fill

Mohr-Coulomb

Platform fill

Mohr-Coulomb

DMM columns

Mohr-Coulomb

Interfaces

Mohr-Coulomb

Geosynthetic reinforcement

Viscoelastic

Subsoil

Elliptical cap

Table 4.2 The viscoelastic model parameters for reinforcement.
Parameters
Type
/

/

/

(hour)

α

β

G1

8.5×105

3.2×10

4.9×106

0.03

0.99

10

9

G2

3.6×105

6.4×10

2.4×10

0.06

0.89

11

9
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Table 4.3 Drucker-Prager/cap parameters for foundations (Modified from Rowe and
Taechakuthorn, 2011).
Subsoil parameters

Soil A

Soil B

1.07 27°

1.17 29°

Aspect ratio

0.93

1.02

Compression index

0.3

0.16

Recompression index

0.03

0.034

Poisson's ratio

0.35

0.3

Bulk unit weight

15.1

17

Shear failure slope (effective friction angle)

Hydraulic conductivity

4

Initial void ratio

2.0 to 2.5

1.34 to 1.5

0.6

0.75

Coefficient of earth pressure at rest

10

2

10

Table 4.4 The properties for embankment fill materials (based on Huang and Han, 2009).
γ

Type

°

/

Embankment fill

20

40

0.33

38

5

Platform fill

20

20

0.33

32

5

Note: γ

Unit weight; E

friction angle;

Young’s modulus; ν

Effective cohesion.
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Poisson’s ratio;

Effective

Table 4.5 Analyses conducted in this study.
Item

Parameter

Range of value

Soft soil

Type

A:Without/B: with crust

Elastic modulus (MPa)

100

Unconfined compressive strength (Mpa)

1

Spacing (m)

3

DMM column

Length (m)
Reinforcement

12.3m (floating);
15m (fully penetrating)
G1 PP(geotextile),

Material

G2 HDPE(geogrid)
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Table 4.6 Summary of embankment heights and the corresponding reinforcement strains.
Subsoil

Soil A

Embankment

RS* for G1

Post-EOC

Post-EOC

RS* for G2

Post-EOC

Post-EOC

height, m

at EOC

strain

strain

at EOC

strain

Strain

(%)

increase in

Increase in

(%)

increase in

increase in

G1 (%)

G1e (%)

G2 (%)

G2e (%)

5.61

3 (Case 2)

2.5

2

4.6

4.3

3.1

6.35

4.5 (Case 1)

3.8

2.8

-

-

-

6.75

4.5

2.1

1.5

-

-

-

6.94

-

-

-

3 (Case 4)

3

2.5

7.75

-

-

-

4.5 (Case 3)

3.7

3

7.55

3

2.6

2.1

4

4

3.2

(fully penetrating)
Soil B

* RS = reinforcement strain; G1e and G2e represent the corresponding elastic G1 and G2.
Note: Only 6.75 m embankment over Soil A was improved by fully penetrating columns and all other cases were based on floating
columns.
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Repeated Kelvin elements
E1

E2

E0

η1

η2

Figure 4.1 Viscoelastic constitutive model with multi-Kelvin elements.
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G1 PP: T=56 kN/m (/Tult=30%);
data from Li and Rowe (2001)
8

Viscoelastic FEM G1
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G2 HDPE: T=24.1 kN/m (/Tult=30%);
data from Yeo and Hsuan (2010)
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Figure 4.2 The measured and calculated strain developed with time in creep tests for two
geosynthetic reinforcement products subjected to a constant load 30% of the ultimate
strength.
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Figure 4.3 Finite element mesh used for modelling.
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(b) Horizontal section through
FE mesh used for reinforcement
creep and stress relaxation
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Figure 4.4 Time-dependent maximum G1 strain/force for floating column-supported
embankment over Soil A.
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Figure 4.5 Time-dependent maximum G1 strain/force for fully penetrating columnsupported embankment over Soil A.
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Figure 4.6 Variation of horizontal toe movement with time following EOC for
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Figure 4.7 Variation of maximum crest settlement at the embankment centreline with
time following EOC for embankments over Soil A.
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Figure 4.8 Variation of maximum G1 strain/force with time for vicious (G1) and
inviscous (J = 1065 kN/m) reinforcement in DMM floating column supported
embankments constructed to different EOC strains over Soil A.
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Figure 4.9 Variation of horizontal toe movement with time for vicious (G1) and
inviscous (J = 1065 kN/m) reinforcement in DMM floating column-supported
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Figure 4.10 Variation of maximum crest settlement at the embankment centreline with
time for vicious (G1) and inviscous (J = 1065 kN/m) reinforcement in DMM floating
column-supported embankments constructed to different EOC strains over Soil A.
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Figure 4.11 Variation of maximum G2 strain/force with time for vicious (G2) and
inviscous (J = 480 kN/m) reinforcement in DMM floating column-supported
embankments constructed to different EOC strains over Soil B.
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Figure 4.12 Variation of horizontal toe movement with time for vicious (G2) and
inviscous (J = 480 kN/m) reinforcement in DMM floating column-supported
embankments constructed to different EOC strains over Soil B.
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Figure 4.13 Variation of maximum crest settlement at the embankment centreline with
time for vicious (G2) and inviscous (J = 480 kN/m) reinforcement in DMM floating
column-supported embankments constructed to different EOC strains over Soil B.
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Figure 4.14 Variation of maximum reinforcement strain/force with time for vicious (G1
& G2) and inviscous (J1 = 1050 kN/m & J2 = 480 kN/m) reinforcement in DMM floating
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Figure 4.15 Variation of maximum reinforcement strain/force with time for vicious (G1
& G2) and inviscous (J1 = 1050 kN/m & J2 =480 kN/m) reinforcement in DMM floating
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Chapter 5
Performance of reinforced and column-supported embankment under
working conditions considering geosynthetic reinforcement viscosity
and time-varying subsoil hydraulic conductivity
5.1 Introduction
Geosynthetic reinforcement has been broadly used to aid the construction of
embankments without columns over soft clayey foundations as highlighted in many
recent publications (e.g., Rowe and Li 1999, 2005; Li and Rowe 2001, 2008; Bergado et
al. 2002; Hinchberger and Rowe 2003; Varuso et al. 2005; Sarsby 2007; Basudhar et al.
2008; Bergado and Teerawattanasuk 2008; Rowe and Taechakumthorn 2008, 2011;
Tanchaisawat et al. 2008; Magnani et al. 2009; Subaida et al. 2009; Karim et al. 2011;
Taechakumthorn and Rowe 2012a, 2012b, 2012c; Demir et al. 2013; Sitharam and Hegde
2013; Chaiyaput et al. 2014; Benmebarek et al. 2015; Hegde and Sitharam 2015). Also,
the combined use of basal geosynthetic reinforcement and columns installed by the deepmixing-method (DMM) is gaining increasingly widespread acceptance as a method of
allowing rapid construction of embankments over difficult soft clays (e.g., Forsman et al.
1999; Plomteux et al. 2004; Parmantier et al. 2005; Lai et al. 2006; Chai and Carter 2011;
Chandra 2012; Pooranampillai et al. 2012; Bruce et al. 2013).
Geosynthetic reinforcement that is typically made of polyethylene (PE) and
polypropylene (PP) is subject to creep/relaxation (e.g., Bathurst and Cai 1994;
Leshchinsky et al. 1997; Shinoda and Bathurst 2004; Jones and Clarke 2007; Kongkitkul
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et al. 2007; Kongkitkul and Tatsuoka 2007; Yeo and Hsuan 2010; Franca and Bueno
2011; Mok et al. 2012; Müller 2014). Considering these issues, many researchers (e.g.,
Bonaparte and Berg 1987; Jewell and Greenwood 1988; Allen 1991) have suggested that
design should be based on the long-term allowable strength of the reinforcement. A
number of investigators (e.g., Helwany 1992; Lopes et al. 1994; Helwany and Wu 1995;
Helwany and Shih 1998; Sawicki 1999; Hirakawa et al. 2002; KazimierowiczFrankowska 2003; Simonini and Gottardi 2003; Li and Rowe 2001, 2008; Kongkitkul et
al. 2010; Rowe and Taechakumthorn 2011; Chao et al. 2011; Bathurst et al. 2012; Liu
2012; Karim et al. 2012; Taechakumthorn and Rowe 2012a, 2012b, 2012c; Siddiquee et
al. 2015) have demonstrated that the long-term performance of reinforced soil walls
and/or embankments can depend on the viscous nature of geosynthetic reinforcement.
Ariyarathne et al. (2013) illustrated the influence of geosynthetic reinforcement
creep on embankments supported by end-bearing concrete piles. With the most recent
exception of Liu and Rowe (2015), there is a paucity of literature examining the effect of
reinforcement viscosity on the behaviour of DMM column-supported embankments
despite the fact that there have been many numerical studies of reinforced and column
supported embankments (e.g., Han and Gabr 2002; Stewart and Filz 2005; Filz and Navin
2006; Oh and Shin 2007; Jenck et al. 2007; Liu et al. 2007; Abusharar et al. 2009; Hello
and Villard 2009; Huang et al. 2009; Huang and Han 2009, 2010; Borges and Marques
2011; Zhang et al. 2013; Bhasi and Rajagopal 2014; Hosseinpour et al. 2014; Yapage and
Liyanapathirana 2014). Thus, the objective of this paper is to investigate the effects of the
viscoelastic properties of geosynthetic reinforcement giving consideration to the potential
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interacting influence of the rate of construction, column stiffness, column spacing and
different foundation soil profiles on the time-dependent performance of reinforced
column-supported embankments under working conditions (i.e., to examine the
serviceability limit state).
In addition to the consideration of viscous reinforcement, the examination of the
following five issues distinguishes the present paper from other parametric studies of
geosynthetic

reinforced,

DMM

column-supported

embankments,

namely,

the

consideration of: (i) the variation of soil hydraulic conductivity with decreasing void ratio
(constant hydraulic conductivity was assumed in previous publications); (ii) the present
study examining the mobilised long term reinforcement strain up to 5% (Li and Rowe
2008; Taechakumthorn and Rowe 2012b) while the strain in other studies was very small
(mostly about 1% with a very few at 2% ); (iii) the length of floating columns (previous
literature has focused on columns fully penetrating through the soft clay to an end bearing
layer); (iv) an elasto-plastic elliptical cap model (other parametric studies have used
perfectly plastic Mohr-Coulomb model); (v) a fully 3D analysis (other parametric studies
were based on a plane-strain analysis or unit cell in 3D).
5.2 Constitutive models and parameters
5.2.1 Constitutive model and parameters for geosynthetic reinforcement
The Kelvin based rheological model has been shown to capture the key features of both
the short-term and long-term viscoelastic strains for common geosynthetic materials
(Zhang and Moore 1997a; Soong and Koerner 1998; Hirakawa et al. 2003; Kongkitkul et
al. 2004). The uniaxial formulation of a multi-Kelvin model proposed by Zhang and
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Moore (1997a) has been applied to successfully model reinforcement creep in reinforced
embankment (Li and Rowe 2001, 2008; Rowe and Taechakumthorn 2011; Karim et al.
2012; Taechakumthorn and Rowe 2012a, 2012b, 2012c). The reinforcement constitutive
model adopted in this paper is based on a 3D formulation of Zhang and Moore’s (1997b)
nonlinear viscoelastic model that represents an extension of their uniaxial multi-Kelvin
model (Zhang and Moore 1997a).
The total strain tensor,

, is the sum of instantaneous elastic strain tensor,

, and

. Thus, the total strain rate tensor,

, can

the time-delayed viscoelastic strain tensor,
be expressed as:

[5.1]
; and

where the elastic strain rate tensor,

elastic shear modulus. The deviatoric stress tensor,

= deviatoric stress rate tensor;

=

, is defined as:
[5.2]

where:

= stress tensor;

= hydrostatic stress invariant; and,

According to elastic constants conversion,

is related to

= Kronecker delta.

that is modulus (i.e., the

stiffness for geosynthetic reinforcement) of the independent spring.

can be calculated

based on:
exp
where:

and

[5.3]
are material constants; and
[5.4]

The viscoelastic strain rate tensor,

, is represented by:
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∑
where:

[5.5]
= viscoelastic strain tensor for the mth

= number of Kelvin elements;

Kelvin element;

/

retardation time; and

and

= spring modulus (i.e.,

the stiffness for geosynthetic reinforcement) and the dashpot viscosity of the mth Kelvin
element, respectively. These parameters can be deduced by the proposed equations below:
[5.6]
[5.7]
where:

and

are the material constants.

The finite element formulation of the viscoelastic problem was derived based on
the method proposed by Zienkiewicz (1997) and is similar to that of incremental
plasticity theory.
The reinforcement was modelled using membrane elements in the finite element
program ABAQUS with the constitutive model being implemented through the
ABAQUS subroutine UMAT (Liu and Rowe 2015). Finite element creep simulations
were conducted to calibrate the viscoelastic model using laboratory creep test data for
two typical creep sensitive geosynthetic reinforcement products; namely, (i) a
polypropylene (PP) woven geotextile denoted here as G1 (Greenwood 1990), and (ii) a
high density polyethylene (HDPE) geogrid denoted here as G2 (Yeo and Hsuan 2010).
The short-term 5% secant stiffness was about 1600 and 900 kN/m, respectively for G1
and G2. Their back-calculated seven material constants from the creep simulations are
listed in Table 5.1 (parameters for G1 being deduced from similar parameters used in a
uniaxial case by Li and Rowe 2001). In addition, an elastic model was employed to
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simulate another two types of reinforcement products; namely, a polyester (PET) geogrid
(G3), and a PET geotextile (G4). These two products were made from PET and were
relatively insensitive to creep. They had a 5% secant stiffness of 4800 and 8000 kN/m,
respectively, for G3 and G4.
5.2.2 Constitutive model and parameters for foundation soil
The foundation soil was modelled using an elasto-plastic constitutive relationship
(involving an elliptical yield cap and Drucker-Prager failure criterion (Chen and Mizuno
1990; Rowe and Li 1999) in conjunction with fully coupled Biot consolidation theory. In
the overconsolidated state, the soil behaves elastically with an elastic bulk modulus, ,
and shear modulus, , viz:
[5.8]
[5.9]
where:

mean effective stress,

recompression index,

Poisson’s ratio. In the

normally consolidated state, the yield surface of the elliptical cap model in
space (where deviatoric stress

3

and

stress

is the second invariant of deviatoric stress

tensor) can be represented as follows:
0

[5.10]

where: = mean effective stress corresponding to the centre of the ellipse;
ratio of the major and minor axis of the ellipse;

cohesion intercept;

aspect

slope of the

Drucker-Prager failure envelope. The strain hardening function is given by:
[5.11]
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where:

compression index;

plastic volumetric strain; and

intercept of the

ellipse with mean effective stress axis. The Drucker-Prager shear failure surface is
defined as:
0

[5.12]

The time-varying hydraulic conductivity of soft clay,

, was taken to be a function of

void ratio:
exp
where:

reference hydraulic conductivity;

[5.13]
reference void ratio;

hydraulic

conductivity varying index.
The two soft foundation profiles examined are denoted as Soils A and B. They are
very similar to soils studied by Rowe and Li (1999), Li and Rowe (2002) and Rowe and
Taechakumthorn (2011) (Table 5.2). Both Soil A and Soil B are slightly overconsolidated
with an OCR of 1.1 to 2.7 and 1.1 to 2.4, respectively, below a depth of 2m. The
preconsolidation pressure at the top of Soil A was 20 kPa and it was slightly
overconsolidated throughout its full depth (i.e., no crust). Soil B had a 2m crust with a
surface preconsolidation pressure of 60 kPa.
5.2.3 Other parameters
An elasto-perfectly-plastic Mohr-Coulomb model was adopted for the DMM columns,
embankment, and platform fill. The unconfined compressive strength of DMM columns
examined ranged from 0.5 MPa to 3 MPa (based on a typical range in the test reported by
Kamruzzaman et al. 2012) and the corresponding Young’s modulus was correlated from
50 MPa to 300 MPa (Bruce 2001, Huang et al. 2009, Huang and Han 2009, 2010). The
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embankment and platform fill were assumed to be the same as those corresponding to a
Finnish case study of a reinforced, DMM column-supported embankment as analysed by
Huang and Han (2009) (Table 5.3).
5.3 Problem considered and finite element modelling
5.3.1 Mesh discretization details
The embankment examined herein was selected to be similar to that examined by Rowe
and Taechakumthorn (2008) with 2:1 (horizontal: vertical) side slopes and overlaying a
15 m thick soft cohesive deposit underlain by the rigid and permeable layer. However in
this chapter, the soft ground was improved using DMM columns with a base case
involving 1 m diameter columns, a centre to centre column spacing of 2 m, and a column
length of 9 m. This floating column configuration corresponds to an area replacement
ratio of 20% (defined as the ratio of the cross-sectional area of a column to the total
cross-sectional area of the zone improved by a single column) and the depth
improvement ratio of 60% (defined as the ratio of the length of a column to the thickness
of the soft clayey deposit). This case was selected in the middle of the practical range
reported by Chai and Carter (2011). In addition, consideration was given to cases with (i)
3 m centre to centre column spacing, and (ii) fully penetrating (15 m) columns.
Although the column-supported embankment examined with a square column grid
and lateral slope is fully 3D, it can be reasonably idealized by a 3D slice which is taken
as a computational unit by considering local symmetry in the selection of the boundary
conditions. The 3D finite element analysis was performed using ABAQUS Version 6.112. Since the chapter is focused on working stress (serviceability) behaviour and
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serviceability

limit

state

conditions,

computationally

efficient

8-noded

linear

displacement brick elements with linear pore pressures (C3D8P) were considered
adequate to model the coupled mechanical and hydraulic behaviour for the conditions
examined in this chapter. This is consistent with the finite element idealization that has
been widely used in many recent publications addressing similar issues (e.g., Zhuang
2009; Keykhosropur et al. 2012; Ye et al. 2013; Thach et al. 2013; Rose et al. 2013; Tho
et al. 2014); higher order elements would have been required had the chapter been
considering the ultimate limit state. The FE discretization for the base case as defined
above had 36,802 elements and 69,667 nodes (Figure 5.1). The geotextile/geogrid
reinforcement was modelled using 4-noded linear membrane elements (M3D4).
5.3.2 Boundary conditions
The 15 m deep soft clay profile was modelled with a rough-rigid (zero displacement in
three directions) bottom boundary along the plane of z=0. Due to the symmetry of the
embankment, only half of the geometry was considered for the modelling. To minimize
boundary effects, the lateral boundary of the finite-element mesh extended 56m
horizontally beyond the toe of the embankment, which is twice the half width of
embankment base (Figure 5.1). The line of symmetry and far field lateral boundaries (the
plane of x=0 and x=84) were smooth rigid (zero displacements in x direction). The two
vertical planes (y=0 and y=1) were smooth rigid (zero displacement in the y direction
based on the consideration of symmetry of the section being considered). The ground
surface (z=15 m) and the bottom of the finite-element mesh (z=0) were assumed with
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free drainage. Lateral flow was not permitted across the planes x=0 and x=84 and y=0
and y=1.
5.3.3 Other factors
According to Coduto (2001) and Brown et al. (2010), drilled shaft constructed using dry
method with good workmanship causes minimal sidewall disturbance and hence the
coefficient of lateral earth pressure after DMM column installation was taken to be same
as that before installation. Interface elements were used to simulate interactions between
column-soil, embankment fill-reinforcement, and embankment-subsoil interfaces. These
interfaces were modelled by the master-slave contact pairs provided in ABAQUS. A
Coulomb friction model was used to simulate the interaction on the interface. Based on
Coduto (2001), the column-soil interface frictional angle can be taken to be the
surrounding soil’s effective frictional angle. The platform fill-reinforcement and the
embankment-subsoil interface frictional angle was taken to be the same as that of
platform fill and that of subsoil respectively.
The numerical technique adopted in this chapter has been validated by Rowe and
Liu (2015) using field data from Briançon and Simon (2012) for both a reinforced and
piled embankment built in France. The embankment construction was modelled as a
series of steps. In the initial geostatic step, the material at the location of the columns not
yet installed had the same properties as adjacent soils. After the initial equilibrium was
established, the initial stress state of subsoil was imported into the next analysis step and
properties of the elements at the column locations were replaced with column properties
and at the same time the contact conditions between column and soil were activated. The
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subsequent embankment construction was modelled by placing the embankment fill with
a rate of 5 m/month for a base case. Post construction consolidation was considered after
the desired height was achieved. In addition, construction rates of 1 m/month and 10
m/month were examined. The parameter variations examined are summarized in Table
5.4.
5.4 Results and discussions
According to the GFR Specifier’s Guide (GFR Specifier’s guide 2006), the suggested
allowable reinforcement strain for typical geosynthetic reinforcement ranges between 4
and 7%. In this chapter, the working-stress embankment heights for DMM column
supported embankments on Soil A were calculated to be 7.43 m and 7 m for
embankments reinforced by G1 and G2 respectively. These heights (referred to hereafter
as the working heights) were established by performing iterative FE simulations until the
height at which the long-term allowable reinforcement strain of about 5% was established.
5.4.1 Embankment at a 7.43 m working height for different scenarios
At the working height of 7.43 m for floating column supported embankment with a
construction rate of 5 m/month, four cases were examined: (I) using a viscoelastic model
for G1 and considering soil hydraulic conductivity varying with void ratio; (II) using
viscoelastic G1 but with constant soil hydraulic conductivity; (III) using linear elastic (i.e.,
inviscous) model for G1 with 5% secant stiffness of 1600 kN/m and considering varying
soil hydraulic conductivity with void ratio; and (IV) using linear elastic (i.e., inviscous)
model for G1 with 5% secant stiffness of 1600 kN/m and a constant soil hydraulic
conductivity. Henceforth, these are referred to as Cases I, II, III, and IV. Case V was the
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same as Case I except that the embankment was constructed over foundation Soil B
(lower compressibility and initial void ratio; Table 5.2) to explore the effect of a different
foundation soil.
5.4.1.1 Time-dependent reinforcement strain
The mobilized maximum reinforcement strain at the end of construction (EOC) for Case I
(solid line in Figure 5.2) was 2.2%, almost equal to that for Case II (dash-dot line in
Figure 5.2). For Cases III (short dash line in Figure 5.2) and IV (dotted line in Figure 5.2),
they were also practically the same at about 1.9%. The small difference between Cases
I/II and III/IV can be attributed to the mobilized stiffness of G1 using the viscoelastic
model at the EOC used for Cases I/II being slightly smaller than 5% secant stiffness for
Case III/IV. A similar conclusion was reached by Li and Rowe (2001) for reinforced
embankments without columns.
The subsequent (post-construction) increase of the maximum tensile strain was
2.7%, 2.4%, 2.3% and 2.1%, respectively for the Cases I, II, III and IV. The difference
between Case I and II was due to the assumed constant hydraulic conductivity for Case II
over predicting the dissipation of excess pore pressure and therefore under predicting the
final mobilized reinforcement strain associated with the differential settlement between
column and subsoil and horizontal toe movement discussed in next subsections.
Likewise this explains the difference between Cases III and IV. This finding is consistent
with the finding that reinforcement tensile force decreases with increasing soil hydraulic
conductivity for reinforced and fully penetrating column-supported embankments as
reported by Huang and Han (2010) and Yapage and Liyanapathirana (2014). The
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difference between the Case I and III was due to the creep of viscous reinforcement, as
was the difference between Case II and IV.
Due to the relatively stiffer and stronger Soil B with crust, the maximum
reinforcement strain at the EOC for Case V (long-short line in Figure 5.2) was 1.3% and
the post-construction increase was only 0.4%. Thus, the post-consolidation maximum
reinforcement strain for Case V (1.7%) was only 35% of that for Case I (4.9%).
5.4.1.2 Excess pore water pressure
The excess pore water pressure at an elevation of 6 m above the base (i.e., the elevation
of the end of the floating columns), at the embankment centreline at the EOC was
practically the same at about 130 kPa (Figure 5.3) for all four cases (Case I to IV),
because there was relatively little pore pressure dissipation at this elevation at the EOC at
a relatively fast construction rate of 5 m/month given the low hydraulic conductivity of
the soft clay. The excess pore water pressure dissipation history for Case III overlays that
for Case I (Figure 5.3). Similarly, the dissipation for Case IV was essentially
indistinguishable from that for Case II and is not shown. These two observations imply
that the viscous nature of reinforcement has very little effect on the excess pore pressures
in foundation soils. With consolidation after EOC, the assumed constant hydraulic
conductivity for Cases II & IV resulted in faster dissipation of excess pore pressure than
for Cases I & III and therefore underestimated the excess pore pressure at times following
the EOC.
5.4.1.3 Time-dependent differential settlement at the original ground level
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In this chapter, the differential settlement at the ground surface level is defined as the
difference in settlement between the head of a column closest to the centreline and
midway between two columns at the centreline. The case study reported by Liu et al.
(2007) showed that developed reinforcement strain was directly related to this differential
settlement. The differential settlement between Points A and B for all five cases (Case I
to V in Figure 5.4) showed similar trends to reinforcement strain development history
(Figure 5.2). Given that the dissipation rate of excess pore water pressure for cases with
the assumption of constant hydraulic conductivity (Case II and IV) was larger than that
for the corresponding cases with variable hydraulic conductivity (Case I and III) (Figure
5.3), the calculated differential settlement for Cases II and IV reached the final value
within a shorter period of time than for the corresponding Cases I and III. The postconstruction increase in differential settlement between Points A and B would be
underestimated by 16% (79 mm for Case IV versus 94 mm for Case I) if assumptions of
both a constant hydraulic conductivity of foundation soil and inviscous reinforcement
were made.
The stronger and less compressible foundation of Soil B (Case V) resulted in a
significantly smaller post-consolidation differential settlement of 57 mm than the 176
mm for Soil A (Case I), with other things being equal.
5.4.1.4 Time-dependent crest settlement
The maximum crest settlement (i.e., at the centreline) reached its final value faster for the
cases with an assumed constant hydraulic conductivity (Cases II and IV) than when a
variable hydraulic conductivity with decreasing void ratio (Case I and III) was considered
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(Figure 5.5) due to the faster excess pore pressure dissipation in the former cases (Figure
5.3).
The post-consolidation maximum crest settlement for Cases II and IV was slightly
smaller than that for Cases I and III. This finding is consistent with Huang and Han’s
(2010) conclusion that the maximum crest settlement is reduced with increasing of
hydraulic conductivity of foundation soils. This likely arose because relatively faster gain
of effective stress with the assumption of constant hydraulic conductivity gave
comparatively favourable internal stress redistribution in the foundation and embankment
fill and less plastic strains which were reflected in slightly less crest settlement. Again,
the stronger and less compressible foundation of Soil B gave a much smaller postconsolidation maximum crest settlement of 0.41 m (at about 4 years) for the Case V than
the 1.31 m for Case I at about 15 years for otherwise similar conditions (Figure 5.5).
The post-consolidation crest settlement profile (Figure 5.6) had the same general
shape for all cases but with Case I giving the maximum and Case IV giving the minimum
at each location on the crest. The more favourable foundation conditions provided by Soil
B, substantially reduced the differential crest settlement between the centreline and
shoulder from 0.4 m for Case I (Soil A) to 0.08 m for Case V (Soil B), with other things
being equal.
5.4.1.5 Time-dependent horizontal toe movement
The post-construction increase of lateral toe displacement, 0.271 m and 0.242 m
respectively for Cases I and III with a varying hydraulic conductivity with void ratio were
respectively 13% and 12% greater than 0.239 m and 0.217 m for comparable Cases II and
182

IV with a constant hydraulic conductivity (Figure 5.7). This difference arose because the
constant hydraulic conductivity gave lower excess pore pressures (e.g., Figure 5.3) and
hence less accumulation of plastic strains contributing to the lateral deformations and
horizontal toe movement.
The viscous behaviour of reinforcement for Case I resulted in 12% larger post-EOC
horizontal toe displacement than Case III with elastic reinforcement (0.271 m versus
0.242 m) and the combined effect of viscoelastic reinforcement and varying hydraulic
conductivity for Case I led to a 25% greater post-construction increase in horizontal toe
movement than that for analogous Case IV (0.271 m versus 0.217 m).
The post-consolidation horizontal toe movement for Case V with Soil B was only
33% of that for Case I with Soil A (0.183 m versus 0.555 m).
In summary, consideration of both reinforcement viscosity and variable soil
hydraulic conductivity with void ratio is necessary to interpret the time-dependent
behaviour particularly with respect to horizontal toe movement of reinforced and column
supported embankments over soft clay. Also, the reinforced, column-supported
embankment deformations were significantly dependent on the foundation soil
characteristics such as strength and compressibility.
5.4.2 Parametric study of embankment behaviour at a 7m working height
A series of embankments were numerically constructed to a working height of 7 m. This
height was selected based on limiting the maximum long term strain in reinforcement G2
to about 5% for the case with 9 m long floating-columns with a modulus of 100 MPa and
2 m spacing on Soil A at a construction rate of 5 m/month. This represented the highest
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strains examined and acted as a reference case in an exploration of the effect of
reinforcement stiffness, column stiffness, column spacing, and construction rate. In
addition, fully penetrating (15 m) columns were also considered. The post-consolidation
embankment deformations for all cases examined are summarized in Table 5.5.
5.4.2.1 Effect of reinforcement stiffness
To allow an assessment of the effect of elastic stiffness, four cases reinforced by G1e, G2e,
G3e and G4e (Table 5.4 & Table 5.5), referred to as Cases A, B, C and D hereafter, were
modelled using linear elastic model with a stiffness of 1600, 900, 4800 and 8000 kN/m,
respectively. The crest settlement development history (Figure 5.8) at both centreline and
shoulder was essentially identical for the Cases A (1600 kN/m) and B (900 kN/m) and
hence Case A is not shown in Figure 5.8. Most of the crest settlement occurred post-EOC
with the dissipation of excess pore pressure. The differential crest settlement (difference
between at the centreline and at the shoulder settlement; Figure 5.9), showed the same
general trend with time for all cases although it was apparent that a substantially higher
elastic stiffness reduced the differential settlement by up to 20%, with the postconsolidation differential crest settlement being 372, 374, 319 and 301 mm, respectively
for Cases A (1600 kN/m), B (900 kN/m), C (4800 kN/m) and D (8000 kN/m). The lower
differential crest settlement was due to stiffer reinforcement promoting relatively greater
stress transfer with the stiffer elastic reinforcement carrying much higher loads and being
mobilized smaller strain (with an almost factor of two reduction in post consolidation
strain between Cases B and D; Table 5.5).
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The post-consolidation horizontal toe movement was 0.438 m, 0.447 m, 0.332 m
and 0.289 m respectively for Cases A, B, C and D (Figure 5.10). Thus, reinforcement
stiffness increasing from 900 to 8000 kN/m reduced this horizontal toe movement by 35%
(0.447 m versus 0.289 m). This can be ascribable to the two roles of the reinforcement: (i)
the horizontal thrust of the embankment fill being counteracted directly by straining of
reinforcement, and (ii) reinforcement improving load transfer to the columns and
contributing to less shear deformations in foundation soils and subsequent lateral toe
movement.
The effect of the viscoelastic characteristics of G1 and G2 can be appreciated by
comparing the results obtained from a full visco-elastic analysis for Reference Case (G2)
and Case E (G1; Base Case) with the elastic Cases B and A (Table 5.5). The viscosity of
reinforcement resulted in higher mobilized post-consolidation reinforcement strain in
both G1 (3.9% for Case E versus 3.6% for Case A) and G2 (4.8% for Reference Case
versus 3.9% for Case B) and also larger associated post-consolidation deformations
including settlement and horizontal toe movement. In addition, greater viscosity of G2
led larger differences between the viscoelastic and elastic analysis in terms of both
reinforcement strain and embankment deformations than those for cases with G1.
5.4.2.2 Effect of column stiffness and type
For the Base Case (Case E with a column modulus of 100 MPa; Table 5.5), the postconsolidation horizontal toe movement was 0.447 m. With a reduction in the column
modus to 50MPa, the horizontal toe movement increased by 13% to 0.507 m (Case F,
Table 5.5). However an increase in Young’s modulus from 100 MPa to 200MPa (Case G)
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and 300 MPa (Case H) only decreased the toe movement by 6% (to 0.422 m) and 8% (to
0.413 m), respectively (Figure 5.11). This increasing column stiffness beyond 100MPa
for the case considered had little effect on reducing the hormonal movement and likewise
very little effect on the maximum reinforcement stains and crest settlement (Table 5.5).
The fully penetrating columns (Case I (FP); Table 5.5) notably diminished the postconsolidation horizontal toe movement by 66% to 0.151 m compared to 0.447 m for the
base Case E (9 m floating column), with other things being equal (Figure 5.11). In the
fully penetrating case, the majority of load was transferred to rigid stratum and hence
much less plastic strain to induce horizontal toe movement and much less vertical stress
in the reinforcement to induce consolidation settlements with the maximum crest
settlement being reduced to 0.04 m (Case I (FP)) from 1.163 m (Case E; Table 5.5). Also,
fully penetrating columns gave a much smaller differential crest settlement of 0.01 m
(Case I (FP)) than 0.377 m (Case E) for the floating columns with same stiffness (Figure
5.12; Table 5.5).
5.4.2.3 Effect of construction rate and column spacing
Compared to the base Case E with a construction rate of 5 m/month, with a reduction in
construction rate to 1 m/month (Case J), the post-consolidation horizontal toe movement
decreased from 0.447 m to 0.333 m (a 26% decrease) (Figure 5.13; Table 5.5). Further
speeding up construction rate to 10 m/month (Case K) gave only 7% increase (0.447 m
versus 0.477 m) in this horizontal toe movement (Figure 5.13). These differences arise
because a faster construction rate gives higher excess pore pressures (i.e. due to less pore
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pressure dissipation during construction) and hence more accumulation of plastic strains
contributing to the lateral deformations and horizontal toe movement.
Similarly, for 2 m column-spacing floating column supported embankments built
over Soil B, a decrease in construction rate from 5 to 1 m/month led 28% decrease
(0.163m for Case L versus 0.117 m for Case M; Table 5.5) in post-consolidation
horizontal toe movement. There was only a marginal (5%) increase in this horizontal toe
movement from 0.163 m (Case L) to 0.171 m (Case N) again with an increase in
construction rate from 5 to 10 m/month (Figure 5.13; Table 5.5).
At a construction rate of 5 m/month, the widening of centre-to-centre column
spacing from 2 m (Case L) to 3 m (Case P) for 9 m floating column supported
embankment over Soil B more than tripled post-consolidation horizontal toe movement
from 0.163 m (Case L) to 0.53 m (Case P) (Figure 5.13). This increase arose from: (i)
less stress transfer from soil to column and consequential larger soil shear deformation
with the wider column spacing; (ii) less horizontal restraint to lateral extrusion of
foundation soils provided by fewer columns with larger column spacing.
For 2 m column-spacing floating column supported embankments over Soil A,
decreasing construction rate from 5 (Case E) to 1 (Case J) m/month caused 28% decrease
(1.163 m versus 0.839 m; Table 5.5 and Figure 5.14) in the post-consolidation maximum
crest settlement. Similarly, for 2 m column-spacing floating columns supported
embankments over Soil B, this maximum crest settlement was decreased by 35% (0.395
m for Case L versus 0.257 m for Case M; Table 5.5 and Figure 5.14) with decreasing
construction rate from 5 to 1 m/month. This finding is consistent with Huang and Han’s
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(2010) conclusion that increasing construction rate from 0.25 to 4 m/month led larger
maximum crest settlement for fully penetrating column-supported embankment. The
likely reason for this observation was that a slower gain of effective stress in foundation
arising from faster construction rate resulted in unfavourable stress redistribution in
complex system (soil, columns, reinforced platform, and embankment fill) and hence
more accumulated plastic strains inducing a larger associated crest settlement. A further
increasing construction rate to 10 m/month (Cases K and N) resulted in a small (8 and
8 %) additional increase in this maximum crest settlement for the case constructed either
over Soil A or Soil B.
For 9 m floating columns supported embankments constructed over Soil B at 5
m/month, increasing the column spacing from 2 m (Case L) to 3 m (Case P) more than
doubled the maximum crest settlement (0.395 m versus 0.932 m; Figure 5.14).
For 2 m column-spacing floating columns supported embankments, there was a 27%
(0.377 m versus 0.276 m) and 38% decrease (0.08 m versus 0.05 m) in post-consolidation
differential crest settlement, respectively for the case over Soil A and Soil B, with
decreasing construction rate from 5 to 1 m/month (Figure 5.15).
For floating columns supported embankments over Soil B at 5 m/month, increasing
column spacing from 2 m to 3 m more than tripled the differential crest settlement (0.08
m versus 0.265 m; Figure 5.15).
All discussions above indicate a crucial role of columns in controlling embankment
deformations with respect to horizontal toe movement, maximum crest settlement and
differential crest settlement.
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5.5 Conclusions
Working heights for DMM floating column supported embankments over a soft soil,
corresponding to the long-term allowable reinforcement strains of about 5 % respectively
for two different forms of geosynthetic reinforcement were established using 3D finite
element simulations. Based on these two working heights, the relative time-dependent
performance of reinforced column-supported embankments under working conditions
was examined considering the effect of the soil profile, variable hydraulic conductivity,
viscous nature of geosynthetic reinforcement, column stiffness, construction rate, column
spacing and column type (floating columns and fully penetrating columns). The
following conclusions were reached for the reinforced and DMM floating column
supported embankments examined:
1. To interpret time-dependent behaviour particularly post-construction increase in
horizontal toe movement of reinforced, column-supported embankments over soft clay, it
was necessary to consider both reinforcement viscosity and decreasing subsoil hydraulic
conductivity with consolidation.
2. For DMM floating column supported embankment, increasing reinforcement
stiffness from 900 to 8000 kN/m effectively reduced the post-consolidation horizontal toe
movement by 35% (from 0.447 m to 0.289 m) and decreased post-consolidation
differential crest settlement by 20% (from 374 mm to 301 mm).
3. In terms of controlling post-consolidation embankment deformations, there was
limited benefit from increasing the column Young’s modulus above 100 MPa.
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4. Speeding up construction rate from 5 m/month to 10 m/month only marginally
increased embankment deformations. Decreasing construction rate from 5 m/month to 1
m/month, reduced the post-consolidation horizontal toe movement and maximum crest
settlement respectively by 26% (0.447 m versus 0.333 m) and 28% (1.163 m versus 0.839
m) over a very slightly consolidate Soil A with no crust and resulted in a corresponding
decrease by 28% (0.163 m versus 0.117 m) and by 35% (0.395 m versus 0.257 m) Soil B
which was over a very slightly consolidate below a crust.
5. The DMM floating columns played an important role in controlling postconsolidation embankment deformations including horizontal toe movement, maximum
crest settlement and differential crest settlement. The deformations increased by a factor
2-3 due to an increase in floating column spacing from 2 m to 3 m based on one
calculation case. Fully penetrating columns substantially reduced deformations compared
with the comparable case with floating columns.
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Table 5.1 Viscoelastic reinforcement model parameters.

Symbol

Parameters

Material
type

/

/

/

α

β

G1

PP

8.5×105

3.2×10

4.9×106

0.03

0.99

10

9

G2

HDPE

3.6×105

6.4×10

2.4×10

0.06

0.89

11

9

Table 5.2 Foundation Drucker-Prager/cap parameters (modified from Rowe and
Taechakuthorn 2011).
Subsoil parameters

Soil A

Soil B

1.07 27°

1.17 29°

Aspect ratio,

0.93

1.02

Compression index,

0.3

0.16

Recompression index,

0.03

0.034

Poisson's ratio,

0.35

0.3

15

17

Shear failure slope,

Bulk unit weight,
Hydraulic conductivity,

∅

/
/

4

Hydraulic conductivity varying index,
Initial void ratio,
Coefficient of earth pressure at rest,
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10

2

10

0.2

0.4

2.0 to 2.5

1.34 to 1.5

0.6

0.75

Table 5.3 The properties for embankment fill materials (based on Huang and Han 2009).
Material name

γ
°

/

Embankment fill

20

40

0.33

5

38

Platform fill

20

20

0.33

5

32

Table 5.4 Parametric variables considered.
Item parameter

Range

Soft soil type

A: no crust*; B: crust

Construction rate (m/month)

1, 5*, 10

Elastic modulus

50, 100*, 200, 300

Deep-mixing-method

(MPa)

column

Length (m)

9*; 15

Spacing (m)

2*; 3
G1 PP* geotextile (G1e: J= 1600 kN/m)

Reinforcement material

G2 HDPE geogrid (G2e: J= 900 kN/m)

(5% Secant stiffness in kN/m)

G3 PET geogrid

(G3e: J= 4800 kN/m)

G4 PET geotextile (G4e: J= 8000 kN/m)
*

Base case
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Table 5.5 Summary of post-consolidation embankment behaviour at the working height of 7 m for all cases examined.

Case

Soil
profile

Ref.
A

A

B

A

C

A

D

A

A

Horizontal
Crest
Crest
Column Column
Reinforcement
CR,
RS
toe
shoulder
centreline
spacing, stiffness,
type
m/month (%) movement, settlement, settlement,
m
MPa
m
m
m
G2
2
100
5
4.8
0.483
0.789
1.179
e
G1
2
100
5
3.6
0.438
0.783
1.155
J=1600 kN/m
G2e
2
100
5
3.9
0.447
0.785
1.159
J=900 kN/m
G3e
2
100
5
2.5
0.332
0.763
1.082
J= 4800 kN/m
G4e
2
100
5
2
0.289
0.756
1.057
J=8000 kN/m

Differential
crest
settlement,
m
0.390
0.372
0.374
0.319
0.301

E
A
G1
2
100
5
3.9
0.447
0.786
1.163
0.377
(Base Case)
F
A
G1
2
50
5
4.3
0.507
0.809
1.172
0.363
G
A
G1
2
200
5
3.7
0.422
0.774
1.162
0.388
H
A
G1
2
300
5
3.7
0.413
0.770
1.162
0.392
I (FP)*
A
G1
2
100
5
1.6
0.151
0.03
0.04
0.01
J
A
G1
2
100
1
3.3
0.333
0.563
0.839
0.276
K
A
G1
2
100
10
4.1
0.477
0.846
1.254
0.408
L
B
G1
2
100
5
1.5
0.163
0.315
0.395
0.08
M
B
G1
2
100
1
1.4
0.117
0.208
0.257
0.049
N
B
G1
2
100
10
1.6
0.171
0.34
0.428
0.088
P
B
G1
3
100
5
4.4
0.53
0.667
0.932
0.265
Note: CR = construction rate; RS = reinforcement strain; all embankments were supported by 9 m floating columns except for Case I
with fully penetrating columns (15m)
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15 m
84 m

Figure 5.1 Finite element mesh for reinforced embankment supported by 9 m long
floating columns at a 2 m centre-to-centre spacing.
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Figure 5.2 Variation maximum G1 strain with time for four cases (viscous G1 and
varying subsoil hydraulic conductivity; viscous G1 and constant hydraulic conductivity;
inviscous G1 and varying subsoil hydraulic conductivity; inviscous G1 and constant
conductivity) over Soil A and the comparable case (viscous G1 and varying subsoil
hydraulic conductivity) over Soil B.
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Figure 5.3 Variation in excess pore pressures with time at the embankment centreline at
the elevation of the end of the columns for three cases (viscous G1 and varying subsoil
hydraulic conductivity; viscous G1 and constant hydraulic conductivity; inviscous G1
and varying subsoil hydraulic conductivity) over Soil A.
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Figure 5.4 Variation of the differential settlement at the original ground surface level
between points A and B with time for four cases (viscous G1 and varying subsoil
hydraulic conductivity; viscous G1 and constant hydraulic conductivity; inviscous G1
and varying subsoil hydraulic conductivity; inviscous G1 and constant conductivity) over
Soil A and the comparable case (viscous G1 and varying subsoil hydraulic conductivity)
over Soil B.
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Figure 5.5 Variation in the maximum crest settlement at the centreline with time for four
cases (viscous G1 and varying subsoil hydraulic conductivity; viscous G1 and constant
hydraulic conductivity; inviscous G1 and varying subsoil hydraulic conductivity;
inviscous G1 and constant conductivity) over Soil A and the comparable case (viscous
G1 and varying subsoil hydraulic conductivity) over Soil B.
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Figure 5.6 Post-consolidation crest settlement profiles for four cases (viscous G1 and
varying subsoil hydraulic conductivity; viscous G1 and constant hydraulic conductivity;
inviscous G1 and varying subsoil hydraulic conductivity; inviscous G1 and constant
conductivity) over Soil A and the comparable case (viscous G1 and varying subsoil
hydraulic conductivity) over Soil B.
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Figure 5.7 Variation in horizontal toe movement with time for four cases (viscous G1
and varying subsoil hydraulic conductivity; viscous G1 and constant hydraulic
conductivity; inviscous G1 and varying subsoil hydraulic conductivity; inviscous G1 and
constant conductivity) over Soil A and the comparable case (viscous G1 and varying
subsoil hydraulic conductivity) over Soil B.
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Figure 5.8 Effect of reinforcement stiffness on crest settlement development history at
both shoulder and centreline for Cases B, C and D (with corresponding 900, 4800, 8000
kN/m).
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Figure 5.9 Effect of reinforcement stiffness on differential crest settlement between
centreline and shoulder for Cases B, A, C and D (with corresponding 900, 1600, 4800,
8000 kN/m).
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Figure 5.10 Post-consolidation horizontal toe movement and maximum crest settlement
with reinforcement stiffness (900, 1600, 4800, 8000 kN/m for Cases B, A, C and D).
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Figure 5.11 Post-consolidation horizontal toe movement with column stiffness (50, 100,
200, 300 MPa for Cases F, E, G, H) and type (floating and fully penetrating column for
Case I).
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Figure 5.12 Post-consolidation crest settlement profile with column stiffness (50, 100,
200, 300 MPa for Cases F, E, G, H) and type (floating and fully penetrating column for
Case I).
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Figure 5.13 Post-consolidation horizontal toe movement with construction rate (1, 5, 10
m/month for Cases J, E, K over Soil A; 1, 5, 10 m/month for Cases M, L, N over Soil B)
and column spacing (2 m and 3 m for Case P).
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Figure 5.14 Post-consolidation maximum crest settlement at the centreline with
construction rate (1, 5, 10 m/month for Cases J, E, K over Soil A; 1, 5, 10 m/month for
Cases M, L, N over Soil B) and column spacing (2 m and 3 m for Case P).

222

0.5

Differential crest settlement (m)

H = 7m, Columns (Length: 9m; E = 100 MPa):
Soil A, Column spacing: 2 m

Soil A; Column spacing: 2m
CR = 1 m/month (Case J);
CR = 5 m/month (Case E);
CR = 10 m/month (Case K)

0.4

0.3
Soil B, Column spacing: 3 m
(Case P)
0.2
Soil B; Column spacing: 2m
CR = 1 m/month (Case M);
CR = 5 m/month (Case L);
CR = 10 m/month (Case N)

0.1

0.0

0

Soil B, Column spacing: 2 m

5

10

Construction rate (m/month)

Figure 5.15 Post-consolidation differential crest settlement between crest shoulder and
centreline with construction rate (1, 5, 10 m/month for Cases J, E, K over Soil A; 1, 5, 10
m/month for Cases M, L, N over Soil B) and column spacing (2 m and 3 m for Case P).
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Chapter 6
Numerical modelling of prefabricated vertical drains and surcharge on
reinforced floating column-supported embankment behaviour
6.1 Introduction
To prevent excessive deformations in road construction on soft clays with low hydraulic
conductivity, low shear strength, and high compressibility, the use of piles or columns
formed using the deep mixing method (DMM) is becoming widely used (e.g., Noriyasu
et al. 1996; Bergado et al. 1999; Bruce 2000; Habib et al. 2002; Zanzinger and Gartung
2002; Lambrechts et al. 2003; Stewart et al. 2004; Liu et al. 2007; Wachman and Labuz
2008; Chen et al. 2010; Chai et al. 2010; Chai and Carter 2011; Voottipruex et al. 2011;
Briançon and Simon 2012; Dahlström and Wiberg 2012; Diaz et al. 2012; Kamruzzaman
et al. 2012; Pye et al. 2012; Bruce et al. 2013; Xing et al. 2014; Taha et al. 2014;
Uthayakumar and Chakraborty 2014).
According to Chai and Carter (2011), when the soft clayey deposit is improved by
fully penetrating columns, there can be a dilemma that the ground beneath the bridge
structure may become so stiff that large differential settlements can be incurred between
the structures and the adjacent road or embankment. In contrast, the use of floating DMM
columns is increasing its popularity in soft ground improvement, as it provides a less stiff
foundation option than fully penetrating columns and also reduces the construction cost
of columns (Shen et al. 2001; Alén et al. 2005; Baker et al. 2005; Olsson et al. 2009; Chai
et al. 2010; Chai and Carter 2011; Igaya et al. 2011). In addition, there can be another
advantage for the improvement with floating columns when the aquifer is situated
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immediately below the treated soft clay layer. In such case, when the clayey deposit is
not fully penetrated (i.e., floating column improved), an intact clay sub-layer (without
improvement) would likely serve as a barrier to preclude chemicals from the cement
involved in DMM penetrating and possibly contaminating the groundwater (Chai and
Carter, 2011). However, high excess pore water pressure can be accumulated close to the
end of floating columns positioned in soft clay of low hydraulic conductivity and this can
result in large residual (post construction) settlement and a lengthy consolidation period if
no other treatment is provided.
The use of prefabricated vertical drains (PVDs) alone or in conjunction with
preloading and, often, basal reinforcement has been widely used to accelerate the
consolidation of soft soils and provides a cost-effective means of construction of
embankments (without columns) over soft foundations (e.g., Li and Rowe 2001a;
Bergado et al. 2002; Bo 2004; Chai et al. 2004, 2006, 2013; Zhu and Yin 2004;
Indraratna et al. 2005a, 2005b, 2007, 2010, 2012; Shen et al. 2005; Sinha et al. 2007;
Rowe and Taechakumthorn 2008; Lin and Chang 2009; Saowapakpiboon et al. 2010,
2011; Cascone and Biondi 2013; Bari and Shahin 2014; Chung et al. 2014; Xu and Chai
2014; Xue et al. 2014).
The combination of geosynthetic basal reinforcement and DMM columns allows a
larger column spacing with the associated cost savings and reduced horizontal toe
displacements (e.g., Huang and Han, 2010, Yapage and Liyanapathirana, 2014). This
technique has been increasingly used for embankments constructed over soft clays (e.g.,
Forsman et al. 1999; Plomteux et al. 2004; Parmantier et al. 2005; Lai et al. 2006; Chen
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et al. 2008; Borges and Marques 2011; Chandra 2012; Pooranampillai et al. 2012; Dash
and Bora 2013).
Based on the advantages for each technique stated above, over the past decade there
has been growing interest in the combined use of PVDs and floating columns for
embankments over soft foundations as reported in two field case studies in China (Ye et
al. 2006, 2013; Liu et al. 2008; Zhang et al. 2013). For the case study reported by Liu et
al. (2008) and Zhang et al. (2013), the PVDs were intentionally introduced to overcome
construction problems that may involve the column’s sudden sinking into the ground
after column installed with the method of dry-jet-mixing (DJM) due to the high air
pressure jetted into the ground and associated large excess pore pressure during the
installation of DJM columns. In these cases, the PVDs were of the same length as the
DJM columns and were installed prior to the construction of DJM columns since the
PVDs’ primary function was as an outlet of high air pressure. Chen et al. (2009)
conducted numerical analysis using a simplified 2D plane-strain model to examine the
benefit of this combined DJM-PVD method based on this case study. In contrast, in the
circumstance of floating columns constructed by DMM, as reported by Ye et al. (2006,
2013), the PVDs were driven into the ground after the installation of DMM columns and
had much longer length (fully penetrated the soft clayey layer) than that of DMM
columns as the PVDs’ main role was to speed up the dissipation of excess pore pressures.
Ye et al. (2013) conducted a 3D numerical analysis which gave good agreement with
observed excess pressures and settlement for this field case involving DMM floating
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columns in conjunction with PVDs; unfortunately they did not have a comparable control
case without PVDs.
Considering the very limited number of publications regarding embankment
systems involving embankment fill, a geosynthetic reinforced platform, DMM columns,
PVDs, and foundation soils, knowledge is needed to improve the design and performance
of reinforced and DMM floating-column supported embankments over soft soils
improved with PVDs. Thus, this chapter uses a fully 3D coupled finite element model: (i)
to explore the effects of PVDs on both short-term and long-term performance of DMM
floating column-supported embankments by explicitly comparing the case with and
without PVDs; and (ii) to examine the significance of combined use of PVDs and
surcharge preloading in controlling post-construction embankment deformations.
6.2 Finite element modelling
A typical 5 m high embankment examined herein was adopted to be similar to that
examined by Rowe and Taechakumthorn (2008) with a 2:1 (horizontal: vertical) side
slope and overlaying a 15 m thick soft cohesive deposit underlain by the rigid and
permeable layer (Figure 6.1a). In present study, the subsoil was improved with fully
penetrating 15 m long PVDs and 9 m long DMM floating columns with a typical
diameter of 1 m and a centre to centre spacing of 2 m (Figure 6.1a; Figure 6.1b). This
DMM floating column configuration gave an area replacement ratio of 20% (defined as
the ratio of the cross-sectional area of a column to the total cross-sectional area of the
zone improved by a single column) and the depth improvement ratio of 60% (defined as
the ratio of the length of a column to the thickness of the soft clayey deposit). This case
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was selected in the middle of the practical range provided by Chai and Carter (2011).
PVDs were installed in a square grid with a centre to centre spacing of 2 m identical to
that for DMM columns (Figure 6.1b). A control case with the same configuration of
DMM floating columns but without PVDs was examined under the same embankment
loading with other things being equal.
6.2.1 Mesh discretization details
Although the reinforced embankment with a lateral slope over a foundation improved
with a square grid of columns and PVDs is fully 3D, the computational cost can be
minimized by taking advantage of symmetries and considering a 3D slice which is taken
as the computational unit (Figure 6.1b) with appropriate boundary conditions. The fully
3D coupled finite-element (FE) analysis in this chapter was performed using FE program
ABAQUS 6.11-2 (Hibbitt et al. 2011). Computationally efficient 8-noded linear
displacement brick elements with linear pore pressures (C3D8P) has been successfully
used to simulate the working stress behaviour involving ground improvement with
piles/columns and or PVDs in many recent publications (e.g., Zhuang 2009;
Keykhosropur et al. 2012; Rose et al. 2013; Thach et al. 2013; Ye et al. 2013; Tho et al.
2014). Thus, this type of element is regarded sufficient to model the coupled mechanical
and hydraulic behaviour for the working stress conditions examined in this chapter; (Had
the chapter been considering the ultimate limit state, higher order elements would have
been required). The geosynthetic reinforcement was modelled using 4-noded linear
membrane elements (M3D4). The FE discretization for the 5 m reinforced embankment
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with above-mentioned floating columns and PVDs (Figure 6.1a and Figure 6.1b)
consisted of 46,846 elements, and 82,687 nodes (Figure 6.2a).
Rujikiatkamjorn and Indraratna (2006) conducted a 3D FE analysis of
consolidation of soil in a unit cell with a PVD using ABAQUS and confirmed that the
back-calculated equivalent diameter of practical band shape of PVD was very close to
that from the equation proposed by Hansbo (1979) based on the rule of equal perimeter of
PVD. Accordingly, to overcome possible numerical problem resulting from the
significant mesh size transition from PVDs to the surrounding soils with columns, the
practical physical size of typical PVD (width of 100 mm and thickness of 4 mm) was
converted to an identical perimeter band shape (208 mm perimeter) with width of 84 mm
and thickness of 20 mm (Figure 6.2b). The influence on associated consolidation caused
by this reasonable idealization should be marginal. According to Rujikiatkamjorn et al.
(2008), the same smear zone size with a rectangular shape (200 mm

150 mm) (Figure

6.2b) was taken considering very similar dimensions of the PVD and the associated
dimensions of mandrel installing PVDs.
6.2.2 Boundary conditions
The 15 m deep soft clayey deposit was modelled with a permeable (zero excess pore
water pressure) and rough-rigid (zero displacement in three directions) boundary along
the plane of z=0. To minimize boundary effects, the lateral boundary of the FE mesh was
extended to 84 m which is three times the half width of embankment base (Figure 6.2a).
The centreline of embankment and far field lateral boundaries (the plane of x=0 and x=84)
were smooth rigid (zero displacements in x direction). The two vertical planes (y=0 and
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y=1) were smooth rigid (zero displacements in the y direction considering symmetry of
the section being considered). The free drainage condition was taken at the ground
surface plane (z=15 m). Lateral flow was not allowed across the planes of x=0 and x=84
and y=0 and y=1.
6.2.3 Other modelling details
Based on Coduto (2001) and Brown et al. (2010), the coefficient of lateral earth pressure
after DMM column installation was taken to be same as that before installation. Interface
elements were used to simulate interactions between column-soil, embankment fillreinforcement, and embankment-subsoil interfaces. These interfaces were modelled by
the master-slave contact pairs provided in ABAQUS. A Coulomb friction model was
used to simulate the interaction on interfaces. According to Coduto (2001), the columnsoil interface frictional angle can be taken to be the surrounding soil’s effective frictional
angle. The platform fill-reinforcement and the embankment-subsoil interface friction
angle were taken to be the same as that of platform fill and that of subsoil respectively.
The numerical technique adopted in this chapter has been validated by Rowe and
Liu (2015) using observed data for a French case of a reinforced and piled embankment
reported by Briançon and Simon (2012). The embankment construction was modelled as
a series of steps. In the initial geostatic step, the material at the location of the columns
not yet installed had the same properties as adjacent soils. After the initial equilibrium
was established, the initial stress state of subsoil was imported into the following analysis
step and properties of the elements at the column locations were replaced with column
properties and the contact conditions between column and soil were simultaneously
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activated. The subsequent embankment construction was modelled by gradually turning
on the gravity in the fill materials in 0.5 m-thick lifts with a rate of 5 m/month until a
desired height of 5 m (or 5.5 m when a temporary surcharge was applied) and post
construction consolidation was considered after completion of the full height of 5 m (or
5.5 m with 0.5 m surcharge fill).
6.3 Constitutive models and parameters
6.3.1 Constitutive model and parameters for PVDs
Since the main contribution of PVDs to embankment performance is based on its
hydraulic behaviour, pure elastic model was adopted to model its mechanical behaviour
with a Young’s modulus of 100 kPa (based on Yildiz 2009). A sensitivity analysis
performed using a PVD Young’s modulus of 32.5 MPa (deduced from the maximum
tensile strength of 13 kN/m for PVDs reported by Zhang et al. 2013) gave essentially the
same results with respect to embankment deformations. Thus, the impact of Young’s
modulus of the modelled PVDs on embankment deformations was marginal. The
discharge capacity of PVD was taken to be 120 m3 /year, which was very close to 126
m3 /year reported by Chai and Carter (2011). The well resistance of PVDs was ignored
due to the high discharge capacity of the PVD adopted herein (120 m3 /year) (Bergado et
al. 1996; Indraratna and Redana 2000; Rujikiatkamjorn et al. 2008).
6.3.2 Constitutive model and parameters for subsoil
An elasto-plastic constitutive model involving an elliptical yield cap and Drucker-Prager
failure criterion (Chen and Mizuno 1990; Rowe and Li 1999) was adopted in conjunction
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with fully coupled Biot consolidation theory for modelling the subsoil. The yield surface
of the elliptical cap model in
3

is equal to

where

stress space (where

is mean effective stress and

is the second invariant of deviatoric stress tensor) can be

represented as follows:
0

[6.1]

where: = mean effective stress corresponding to the centre of the ellipse;
ratio of the major and minor axis of the ellipse;

cohesion intercept;

aspect

slope of the

Drucker-Prager failure envelope. The strain hardening function is given by:
[6.2]
where:

compression index;

plastic volumetric strain; and

intercept of the

ellipse with mean effective stress axis. The Drucker-Prager shear failure surface is
defined as:
0

[6.3]

The elastic bulk modulus, , and shear modulus, , are defined as a function of mean
effective stress as follows:
[6.4]
[6.5]
where:

mean effective stress,

recompression index,

The varying hydraulic conductivity of soft clay,

Poisson’s ratio.

, was taken to be a function of void

ratio, viz:
exp

[6.6]
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where:

reference hydraulic conductivity;

reference void ratio;

hydraulic

conductivity change index.
The soft soil examined in this study has very similar properties to that studied by
Rowe and Li (1999), Li and Rowe (2002) and Rowe and Taechakumthorn (2011) (Table
6.1). This soft clay was lightly overconsolidated throughout its full depth with a
preconsolidation pressure of 20 and 82 kPa respectively at the ground surface and at the
bottom. It had an effective unit weight of 5.3 kN/m3 and an initial void ratio ranging
between 2.0 to 2.5. The watertable was at the surface and hydrostatic conditions prevailed
prior to construction. According to the laboratory tests from Indraratna and Redana (1998)
and Sathananthan and Indraratna (2006), the hydraulic conductivity ratio (the ratio of the
hydraulic conductivity in the undisturbed zone to that in the smear zone) may vary from
1.5 to 2.0. However, Bo et al. (2003) showed that this ratio could vary from 1.5 to 5 in
the field contingent upon the type of PVD, the surrounding soil properties, and the
installation procedures. Thus, a median value of 3 was taken for this hydraulic
conductivity ratio as suggested by Chai and Miura (1999).
6.3.3 Constitutive model and parameters for polypropylene geotextile reinforcement
The uniaxial formulation of a multi-Kelvin model proposed by Zhang and Moore (1997a)
has been applied to successfully model reinforcement creep in reinforced embankment
(Li and Rowe 2001b, 2008; Rowe and Taechakumthorn 2008, 2011; Karim et al. 2012;
Taechakumthorn and Rowe 2012a, 2012b, 2012c). Therefore, the polypropylene (PP)
geotextile reinforcement constitutive model adopted in this chapter is based on the 3D
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formulation of Zhang and Moore’s (1997b) nonlinear viscoelastic model that was
extended from their uniaxial multi-Kelvin model (Zhang and Moore 1997a).
The total strain tensor,

, is the sum of instantaneous elastic strain tensor,

the time-delayed viscoelastic strain tensor,

, and

. Thus, the total strain rate tensor,

, can

be expressed as:
[6.7]
; and

where the elastic strain rate tensor,

elastic shear modulus. The deviatoric stress tensor,

= deviatoric stress rate tensor;

=

, is defined as:
[6.8]

where:

= stress tensor;

= hydrostatic stress invariant; and,

According to elastic constants conversion,

is related to

= Kronecker delta.

that is modulus (i.e., the

stiffness for geosynthetic reinforcement) of the independent spring.

can be calculated

based on:
exp
where:

and

[6.9]
are material constants; and
[6.10]

The viscoelastic strain rate tensor,

, is represented by:

∑
where:

[6.11]
= viscoelastic strain tensor for the mth

= number of Kelvin elements;

Kelvin element;

/

retardation time; and
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and

= spring modulus (i.e.,

the stiffness for geotextile reinforcement) and the dashpot viscosity of the mth Kelvin
element, respectively. These parameters can be deduced by the proposed equations below:
[6.12]
[6.13]
where:

and

are the material constants.

The reinforcement was modelled using membrane elements in ABAQUS with the
constitutive model being implemented through the ABAQUS subroutine UMAT (Liu and
Rowe 2015). With consideration of its thickness (2 mm), the required seven material
constants,

,

,

,

, α, β and

, for PP geotextile adopted in this chapter can be easily

deduced from similar parameters used in uniaxial case by Li and Rowe (2001b) (Table
6.2).
6.3.4 Parameters of columns and embankment fill
An elasto-perfectly-plastic Mohr-Coulomb model was adopted to model DMM columns,
embankment and platform fill. The unconfined compressive strength, qu, for DMM
columns was taken as 1 MPa and its Young’s modulus, E, was assumed to be 100 MPa
based on the correlation of E = 100 qu (Bruce 2001; Huang et al. 2009; Huang and Han
2009; Chai et al. 2015). At two to four orders lower than the natural soil, the soil-cement
columns have a very low hydraulic conductivity (Kawasaki et al. 1981; Hou and Gong
2000; Yang et al. 2014). Also, Sasanian (2011) reported that the measured hydraulic
conductivity of the Ottawa clay treated with 6.4 % cement was only 1.5x10-12 m/s and,
hence, was nearly two orders less than the same untreated clay. This measurement of a
significant decrease in hydraulic conductivity of the cement-treated Ottawa clay was
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further justified by their finding of a significant reduction in the volume of the macropores in the treated Ottawa clay with the increasing of cement. Similarly, the most recent
experimental tests from Quang and Chai (2015)’s showed that the hydraulic conductivity
of the Ariake clay treated with 8% lime was reduced to 3x10-11 m/s, more than an order
of reduction in the hydraulic conductivity than the untreated Ariake clay. Furthermore,
the addition of bentonite can also decrease the hydraulic conductivity of deep mixing
columns (Broms 1999; Bruce et al. 2013). Given the aforementioned literature and low
hydraulic conductivity in the order of 10-9 m/s of untreated soft clay analysed in this
chapter as well as other potential agent like bentonite that could be included in the DMM
column, the DMM columns were modelled as being impermeable and no water
movement was permitted across the column-soil interface, which is an approximation to
the practical case. To the extent that this idealization of the DMM column as being
impermeable underestimated the drainage that could occur in DMM, it would lead to an
underestimate of the consolidation rate in the bulk of foundation and would be
conservative. The embankment and platform fill were assumed to be the same as
properties used in a field case of reinforced and column supported embankment reported
by Huang and Han (2009) (Table 6.3).
6.4 Results and discussions
In the discussion that follows the base case (Case A; Table 6.4) being considered
involves a polypropylene geotextile (Table 6.2) reinforced, 5 m thick embankment
supported on 9 m long DMM floating columns (with a Young’s modulus of 100 MPa,
diameter of 1 m, and a centre to centre spacing of 2 m) constructed at 5 m/month. The
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calculated behaviour for this case will be compared and contrasted with other cases
involving: the inclusion of PVDs, changing the rate of construction to 1 m/month, and
adding a 0.5 m temporary surcharge.
6.4.1 Effect of PVDs on excess pore pressures
For the base Case A (without PVDs) the calculated excess pore pressure at the elevation
of end of the columns (9 m depth) at the embankment centreline (Point Z1; Figure 6.3)
was 87 kPa at the end of construction (EOC) (short-dashed line in Figure 6.3) as
compared to a slightly lower excess pore pressure of 84 kPa (solid line in Figure 6.3) for
Case B with PVDs (Figure 6.1) and an undrained value of 100 kPa if there had been no
pore pressure dissipation during construction. In contrast, at the elevation of about half
length of column (the depth of 4.4 m) at the embankment centreline (Point Z2), the
calculated excess pore water pressure at the EOC was 26 kPa (long-dashed line in Figure
6.3) and 8 kPa (69% reduction; dash-dot line in Figure 6.3), respectively, for Cases A and
B. The much lower excess pore pressure at Point Z2 than Z1 (26 versus 87 kPa; 8 versus
84 kPa) for both cases was mainly due to the shorter drainage path (closer to the ground
surface at Point Z2 than Z1) although even during the relatively rapid construction there
was an effect of PVDs in reducing pore pressures.
Three months after the EOC, there was a limited further dissipation of excess pore
pressure at Point Z1 (70 versus 87 kPa; Figure 6.3) for Case A (without PVDs) given the
low hydraulic conductivity of subsoil. However, for Case B (with PVDs) there was a
significant post-construction decrease in excess pore pressure from 84 kPa to 24 kPa
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(Figure 6.3) in the same three month period due to the large discharge capacity of PVDs
with shortened drainage paths for excess pore pressures in the bulk of the foundation.
At point Z2 (depth of 4.4 m), there was a slight increase in excess pore pressure
after the EOC for Case A (without PVDs). This arose probably because of the wellknown Mandel-Cryer effect, a feature well recognized in fully coupled consolidation
analysis (Mandel 1953; Cryer 1963; Schiffman et al. 1969) and involving the generation
of additional excess pore water pressure under constant load in the early stage of
consolidation due to stress redistribution arising from volume change during
consolidation. Verruijt (2014) provided an analytical solution for Mandel-Cryer problem
and confirmed this effect analytically in the case with Poisson’s Ratio of 0.25 and
concluded that this effect became less pronounced with increasing of Poisson’s Ratio
from 0 and completely disappeared for Poisson’s Ratio of 0.5. Dai and Qin (2013) also
numerically showed this effect using 3D FE model for a cylindrical soft clay unit cell
with Poisson’s Ratio of 0.3 and reached a conclusion that it was evident only for depths
closer to the pervious surface. Thus, the Mandel-Cryer effect found for the Case A for the
clay with Poisson’s ratio of 0.3 examined in this chapter is consistent with
aforementioned literature.
In contrast, a small increase in excess pore pressure at Point Z2 after the EOC was
not found for Case B (with PVDs). This agrees with the study of Fang and Yin (2006)
who conducted physical modelling of the consolidation of Hong Kong marine clay and
reported that the Mandrel-Cryer effect did not cause an additional increase of pore
pressure after the completion of loading when PVDs were installed.
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6.4.2 Effect of PVDs on differential settlement
In this chapter, differential subsoil settlement is defined as the difference in settlement at
the ground surface level between that at the centreline (midway between two columns)
and that at the head of a column closest to the centreline. Thus, the differential subsoil
settlement between Point X1 (at centreline) and Point X2 (at the head of column closest to
the centreline) at the EOC was 0.037 m for Case A (without PVDs) and 0.028 m for Case
B (with PVDs). The corresponding post-consolidation differential settlement increased to
0.048m for Case A and 0.04 m for Case B (Figure 6.4). Thus, PVDs has minimal effect
on the magnitude of either EOC and final differential settlement at the ground surface.
However, PVDs greatly reduced the time to reach the final differential settlement from
about 7 years for Case A (no PVD) to about 1 year for Case B (with PVDs) due to the
notably faster dissipation of excess pore pressure arising from the use of PVDs (Figure
6.3). For Case A (without PVDs), there was a lag period following EOC when there was
very little change in differential settlement near the centreline prior to a large increase.
This lag period can be related to the increase of excess pore pressure (Figure 6.3) due to
the Mandel-Cryer effect discussed earlier.
6.4.3 Effect of PVDs on mobilized reinforcement strain
The calculated maximum reinforcement strain for both with and without PVDs had
similar trend (Figure 6.5). For Case A (without PVDs), the calculated maximum
reinforcement strain at the EOC was 1.1% and the subsequent (post-construction)
increase was marginal (0.2%). The maximum reinforcement strain at the EOC of 0.9 %
for Case B (with PVDs) was slightly smaller than that for Case A and the post239

construction increase was also negligible. This similar trend for reinforcement strain to
that of differential subsoil settlement (Figure 6.4) is consistent with previous field case or
model tests reported by (e.g., Liu et al. 2007; Van Eekelen et al. 2012a,b) who concluded
that reinforcement strain is closely related to the differential subsoil settlement.
6.4.4 Effect of PVDs on short term embankment deformations
The settlement rate is defined herein as the subsoil settlement divided by the
corresponding period of time since the beginning of embankment construction. Based on
this definition, the subsoil surface settlement rate at the embankment centreline for Case
A (without PVDs) was consistently smaller than that for the counterpart Case B (with
PVDs) during construction and the difference between the two cases increased with
increasing embankment fill thickness (Figure 6.6). This implies that the average degree of
consolidation during the embankment construction was substantially improved with the
use of PVDs.
The horizontal toe movement for both Cases A (without PVDs) and B (with PVDs)
had the same general trend of increasing nonlinearly with the embankment fill thickness
during construction and was consistently smaller when PVDs were used (Figure 6.7a).
This horizontal toe movement at the EOC was 0.124 m for Case A (without PVDs) and
46% lower at 0.067 m for Case B (with PVDs). This difference arises mainly because
PVDs gave lower excess pore pressures (Figure 6.3) and hence less accumulation of
plastic strains contributing to the lateral extrusion and associated horizontal toe
movement.
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During construction, the subsoil surface settlement at the embankment centreline
for Case A (without PVDs) was consistently smaller than that for Case B (with PVDs)
(Figure 6.7b) and at EOC the centreline settlement was 0.17 m for Case A compared to
0.305 m for Case B due, primarily, to the larger dissipation of excess pore pressure
(Figure 6.3) and hence greater consolidation during construction with the use of PVDs.
The settlement profiles with depth at the EOC for both Cases A and B are similar
in shape but differ in magnitude (Figure 6.8). For Case A (without PVDs) settlement was
consistently smaller than that for Case B, again because the fully penetrating PVDs
accelerated consolidation settlement during embankment construction.
6.4.5 Effect of PVDs on long term embankment deformations
PVDs considerably reduced the time for subsoil consolidation after the EOC from about
7 years for Case A (without PVDs) to 1 year for Case B as indicated by arrows in Figure
6.9. At the ground surface level, the post-consolidation subsoil settlement for Case A
(without PVDs) was slightly larger than the counterpart Case B even though the
settlement at the EOC for Case A was smaller (Figure 6.9).

Considering that the

inclusion of PVDs in present chapter has a similar effect to increasing the foundation soil
hydraulic conductivity, the aforementioned finding is consistent with previous studies
without PVDs by Huang and Han (2010) and Yapage and Liyanapathirana (2014) who
showed a slight reduction in subsoil settlement with increasing of subsoil hydraulic
conductivity for fully penetrating column-supported embankments.
The settlement at the embankment crest is of significance since it is directly related
to the serviceability of a highway and, in particular, to maintenance of positive drainage
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off the road surface and also bumps approaching a bridge abutment. Post-consolidation
differential crest settlement (the difference between at the crest centreline and at the crest
shoulder settlement) was reduced by 21% from 0.139 m for Case A to 0.11 m for Case B
when PVDs were utilized (Figure 6.10a).
The use of PVDs reduced the post-consolidation maximum crest settlement (i.e., at
the centreline) by 24% from 0.58 m for Case A to 0.44 m for Case B (Figure 6.10b),
however the general shape of the differential settlement profile across the embankment
width (Figure 6.11) was maintained. The reduced differential settlement at all locations is
ascribed to the much faster gain of effective stress in foundation due to the use of PVDs
contributing to relatively favourable stress redistribution in the complex system (soil,
PVDs, columns, reinforced platform, and embankment fill) and hence less accumulated
plastic strains inducing less associated crest settlement.
The post-construction crest settlement (i.e., EOC crest settlement subtracted from
final post-consolidation crest settlement), a crucial embankment working indicator, was
reduced by 29% from 0.55 m for Case A to 0.39 m for Case B. However, even with the
use of PVDs, this post-construction crest settlement (0.39 m) still exceeds the normally
required magnitude of 0.3 m (or less) required for highway embankments (Chai and
Carter 2011). This finding prompted the examination of the use of a temporary surcharge
discussed in the next sub-section.
The post-consolidation lateral displacements below the toe with depth had a similar
pattern for Cases A and B (Figure 6.12) with the maximum lateral displacement
occurring at the depth close to the end of columns and a much smaller displacement at the
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ground surface. This distribution profile is an agreement with the finding for the floating
column supported embankment over PVD-improved soft soils reported by Ye et al.
(2013). The finding likely arises because of a combination of factors including higher
excess pore pressures around the base of the columns at the end of construction (Figure
6.3), restraint of lateral spreading of embankment slope by the reinforced platform and
foundation soil zone with stiffer columns to a depth of 9 m below which there was little
available restraint against lateral movement, and the load transfer to depth by the floating
columns which resulted in the development of larger plastic shear strains and consequent
greater lateral displacement of subsoil. However, PVDs did have a beneficial effect in
reducing the post-consolidation lateral displacement at the ground surface level by 58%
from 0.130 m for Case A to 0.055 m for Case B and the corresponding maximum
movement was reduced by 29% from 0.194 m (no PVDs) to 0.138 m (with PVDs). This
can be attributable to the faster rate of strength gain in the bulk of foundation due to the
faster consolidation induced by PVDs. The consequent smaller shear strain resulted in
smaller lateral displacements.
6.4.6 Effect of sole surcharge preloading on post-construction crest settlement
In response to the high post-construction crest settlement for Cases A and B in the
previous sub-section the effect of applying a temporary 0.5 m surcharge on reducing
post-construction crest settlement (i.e., the final post-consolidation settlement minus the
settlement at the time of surcharge removed) for floating column-supported embankments
without PVDs was explored. This approach recently has been used in a field case of a
bridge approach embankment constructed in British Columbia, Canada (Uthayakumar
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and Chakraborty 2014). For the embankment without PVDs at a construction rate of 5
m/month, leaving the 0.5 m surcharge in place for three months (Case C), reduced the
post-construction crest settlement by 44% from 0.55 m for Case A (no preloading) to
0.31 m for Case C (with preloading; Figure 6.13; Table 6.4), although the 0.31 m still
slightly exceeds the 0.3 m limit suggested by Chai and Carter (2011).
A previous by Huang and Han (2010) showed that the crest settlement may be
reduced by adopting a slower construction rate for embankments with fully penetrating
columns prompted consideration in the present study of partially penetrating columns of a
reduction in construction rate to 1 m/month both without (Case D) and with a threemonth 0.5m surcharge (Case E). For Case D post-construction crest settlement was
indeed decreased, in this instance by 27% from 0.55 m for Case A (5m/month
construction rate) to 0.40 m for Case D (1m/month construction rate; Figure 6.13; Table
6.4). However, since even at the slower rate this post-construction crest settlement still
exceeds the suggested of 0.3 m limit, consideration was given to the use of a 0.5m threemonth surcharge and a slower construction rate (1 m/month; Case E; Table 6.4) and the
post-construction crest settlement was reduced to 0.23 m which was within the
recommended 0.3 m for highway embankment (Figure 6.13).
6.4.7 Combined use of PVDs and preloading on post-construction deformations
For a bridge approach embankment with a very strict requirement of post-construction
settlement to within 100 mm at the end of 25 years (Uthayakumar and Chakraborty 2014),
afore-mentioned settlement (0.23 m) for Case E (without PVDs; Table 6.4) is still
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problematic. Consequently, this sub-section investigates the combined use of PVDs and
surcharge.
At a construction rate of 5 m/month, the synergistic effects of 9 m floating columns,
fully penetrating PVDs, and 0.5 m fill surcharge (Case F) minimized the postconstruction (i.e. after removal of the surcharge) crest settlement to only 0.036 m (36 mm)
(Figure 6.14; Table 6.4), even far less than the strict requirement of 100 mm for the
bridge approach embankment cited above. In other words, the combined use of PVDs and
surcharge preloading not allowed faster embankment construction (construction rate of 5
m/month versus 1 m/month) compared to surcharge preloading alone without PVDs, but
also decreased the post-construction crest settlement by 84% from 0.23m (Case E) to
0.036 m (Case F). The final post-consolidation maximum crest settlement was essentially
identical for Cases E and F.
In addition to the benefits of smaller maximum crest settlement at a slower
construction rate of 1 m/month (Case E) than at 5 m/month (Case C) (Figure 6.13; Table
6.4), the post-consolidation lateral displacement at the ground surface level was also
diminished from 0.155 m for Case C to 0.115 m for Case E (Figure 6.15; Table 6.4). In
contrast, even if with a faster construction rate of 5m/month, Case F (combined use of
PVDs with surcharge) gave a much reduced horizontal movement of 0.067 m compared
to 0.115 m for Case E (without PVDs; Figure 6.15; Table 6.4).
In summary, the synergistic effects of PVDs and surcharge not only significantly
improved the floating column-supported embankment performance in terms of reducing
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both post-construction crest settlement and lateral movement but also largely speeded up
the embankment construction.
6.5 Conclusions
A fully 3D coupled elasto-plastic Biot consolidation analysis with a Drucker-Prager cap
material behaviour was used to explore the impact of PVDs on both the end-ofconstruction (EOC) and post-consolidation performance of 5 m thick reinforced and
DMM floating column-supported embankment over soft clay. Also, the use of a
temporary surcharge (preloading) and changing construction rate as a means of
controlling post-construction crest settlement was examined.
For reinforced and floating column-supported embankment, the inclusion of PVDs
reduced the EOC horizontal toe movement and long term displacements below the toe of
embankment, even though EOC subsoil settled more, due to faster strength gain with the
accelerated excess pore pressure dissipation and the consequent smaller shear
deformations in the bulk of foundation resulted in a reduction in horizontal toe movement.
Also, the less post-construction crest settlement was benefited from this faster subsoil
strength gain and related favourable stress redistribution with the use of PVDs. Either
slower construction rate or surcharge preloading is a means of controlling postconstruction embankment crest settlement. Further, the use of PVDs in conjunction with
surcharge preloading worked effectively together to substantially improve the floating
column-supported embankment performance in terms of reducing both post-construction
crest settlement and post-consolidation lateral displacements below the toe even with a
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considerably faster construction rate than the comparable case with surcharge preloading
but without PVDs.
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Table 6.1 Drucker-Prager/cap parameters for the soft clay examined (Modified from
Rowe and Taechakuthorn, 2011).
Subsoil parameters
Shear failure slope,

1.07 27°

∅

Aspect ratio,

0.93

Compression index,

0.3

Recompression index,

0.03

Poisson's ratio,

0.35
/

5.3

Hydraulic conductivity index,

0.2

Effective unit weight,

/

Undisturbed hydraulic conductivity,
Smeared hydraulic conductivity,

/

4
1.3

Hydraulic conductivity ratio (undisturbed/smeared)

10
10
3:1

2.0 to 2.5

Initial void ratio,

0.6

Coefficient of earth pressure at rest,
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Table 6.2 The viscoelastic model parameters for PP geotextile reinforcement (deduced
from Li and Rowe, 2001b).
Parameters
Material
/
PP

/

8.5×105

Geotexitle

3.2×10

/

(hour)

4.9×106

0.03

α

β

0.99

10

9

Table 6.3 The properties for embankment fill and platform fill materials (based on Huang
and Han, 2009).
γ

Type

°

/

Embankment fill

20

40

0.33

38

5

Platform fill

20

20

0.33

32

5

Note: γ

Unit weight; E

friction angle;

Young’s modulus; ν

Effective cohesion.
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Poisson’s ratio;

Effective

Table 6.4 Summary of DMM floating column-supported embankment deformations under different scenarios.
Case
symbol

Scenario

CR
(m/month)

Post-consolidation
crest settlement
(m)

Case A

No PVDs

5

0.584

0.031

Postconstruction
crest settlement
(m)
0.553

Case B

PVDs

5

0.442

0.048

0.394

0.055

5

0.606

0.295

0.311

0.155

1

0.451

0.048

0.403

0.097

1

0.465

0.237

0.228

0.115

5

0.464

0.428

0.036

0.067

EOC
crest settlement
(m)

Post-consolidation
lateral displacement
below the toe at the
ground level (m)
0.13

No PVDs
Case C

with 0.5 m
surcharge

Case D

No PVDs
No PVDs

Case E

with 0.5 m
surcharge
PVDs

Case F

with 0.5 m
surcharge

Note: CR= Construction rate; EOC = End-of-construction; EOC crest settlement is referred to the crest settlement at the time of 0.5 m
surcharge removed for cases with 3-month surcharge or explicitly equal to the crest settlement at EOC for cases without surcharge;
Post-construction crest settlement is calculated by post-consolidation crest settlement minus EOC crest settlement.
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Figure 6.1 Embankment considered: (a) Cross-section; (b) Plan view of DMM column
and PVD arrangement (PVD location to scale but PVD dimensions not to scale).
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Figure 6.2 Finite element mesh adopted: (a) 3D slice; (b) Close-up of mesh for column,
smear zone, and PVD.
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Figure 6.3 Change in excess pore pressures with time at the depths of 4.4 m and 9 m
below ground level for Case A (no PVDs) and Case B (with PVDs).
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Figure 6.4 Variation in ground surface differential settlement between Point X1 (at
centreline) and Point X2 (at the head of column closest to the centreline) with time for
Case A (no PVDs) and Case B (with PVDs).
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Figure 6.5 Variation in maximum reinforcement strain with time for Case A (no PVDs)
and Case B (with PVDs).
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Figure 6.6 Variation in subsoil settlement rate with fill thickness for Case A (no PVDs)
and Case B (with PVDs).
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Figure 6.7 Variation in embankment deformations with fill thickness during construction
for Case A (no PVDs) and Case B (with PVDs): (a) horizontal toe movement, and (b)
ground-level settlement at the centreline.
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Figure 6.8 Subsoil settlement profile with depth at end-of-construction (EOC) for Case A
(no PVDs) and Case B (with PVDs).
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Figure 6.9 Variation in post-construction subsoil settlement at the centreline (Point X1)
with time for Case A (no PVDs) and Case B (with PVDs).
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Figure 6.10 Variation in crest deformations with time for Case A (no PVDs) and Case B
(with PVDs): (a) differential crest settlement, and (b) maximum crest settlement at the
centreline.
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Figure 6.11 Variation in post-consolidation crest settlement with distance from the
centreline for Case A (no PVDs) and Case B (with PVDs).
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Figure 6.12 Variation in post-consolidation lateral displacements below the toe with
depth for Case A (no PVDs) and Case B (with PVDs).
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Figure 6.13 Variation in maximum crest settlement at the centreline with time for Case A
(no PVDs, no surcharge, construction rate 5m/month), Case C (no PVDs, 0.5m surcharge
for 3 months, construction rate 5m/month), Case D (no PVDs, no surcharge, construction
rate 1m/month).

281

Maximum crest settlement at the centeriline (m)

0.0

0.1 year

1.1 years

11 years
H = 5 m,
0.5 m fill surcharge for 3 months

-0.1

Surcharge removed

-0.2

-0.3

Case E (Without PVDs,
CR = 1 m/month )

-0.4

-0.5
Case F (With PVDs,
CR = 5 m/month)

Surcharge removed
-0.6

-0.7

103

104

105

106

Time (hours)

Figure 6.14 Variation in maximum crest settlement at the centreline with time for Case E
(no PVDs, 0.5m surcharge for 3 months, construction rate 1m/month) and Case F (with
PVDs, 0.5m surcharge for 3 months, construction rate 5m/month).
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Figure 6.15 Variation in post-consolidation lateral displacements below the toe with
depth for Case C (no PVDs, 0.5m surcharge for 3 months, construction rate 5m/month),
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(with PVDs, 0.5m surcharge for 3 months, construction rate 5m/month).
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Chapter 7
Conclusions and recommendations
7.1 Summary and conclusions
This thesis reported a study of the time-dependent performance of geosyntheticreinforced embankments constructed over soft soils improved by columns or in
combination with prefabricated vertical drain (PVD)s.
In Chapter 2, it provided a summary of the use of geosynthetic products involving
geosynthetic reinforcement and PVDs to aid construction of embankment without
columns over soft soils. The reason for the success and the benefits that can be achieved
using geosynthetics, as a basal reinforcement, and PVDs to increase short-term stability
of embankments and to accelerate consolidation and long-term strength gain is explored.
It highlighted not only the advantages but also the limitations of different types of
reinforcement for different types of soils involving fibrous peats and a range of soft clays
including rate-sensitive clays. Also, the effects of combined use of piles and
reinforcement based on a case study were discussed and compared with a hypothetical
control case of an unreinforced, unpiled embankment under similar conditions.
In Chapter 3, a proposed fully 3D coupled finite element (FE) model was calibrated
by successfully capturing the performance of the full scale embankments involving
reinforced and piled sections, and the observed difference in performance of different
improvement methods, with respect to pore-water pressures, settlements, subsoil stresses,
lateral displacements below the toe of the embankments, and geosynthetic reinforcement
strains.
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The reinforcement constitutive model based on a 3D formulation of the nonlinear
viscoelastic Kelvin-element based model proposed by Zhang and Moore (1997) was
implemented into FE program ABAQUS through its subroutine UMAT in Chapter 4.
This implementation was validated by giving excellent agreement between numerical
results and creep test data for two creep sensitive geosynthetic reinforcement products
made of polypropylene (PP) and high density polyethylene (HDPE). Using the calibrated
fully 3D coupled model and validated reinforcement constitutive relationship, it was
illustrated that reinforcement viscosity had an important effect on post-construction
performance of reinforced embankments with DMM columns (both floating and fully
penetrating). Also, the impact of reinforcement strain at EOC on post-construction
embankment performance was explored for cases involving two soft soil profiles (with
and without crust) and two geosynthetic reinforcements (PP geotextile and HDPE
geogrid).
In Chapter 5, it was demonstrated that considering both reinforcement viscosity and
subsoil hydraulic conductivity varying with consolidation was necessary to interpret the
time-dependent behaviour of floating column-supported embankments at a working
height corresponding to a post-consolidation polypropylene geotextile strain of about 5%.
Also, a series of elasto-plastic Biot consolidation analyses with a Drucker-Prager cap
model were systematically performed to simulate column-supported embankments
constructed under a wide range of conditions giving consideration of reinforcement
viscosity and time-varying subsoil hydraulic conductivity.
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The effects of PVDs on both the short-term and long-term performance of
reinforced embankment over a soft clay deposit improved with DMM floating columns
were explored in Chapter 6. Also, influence of sole surcharge and changing construction
rate on controlling post-construction deformations was discussed. In addition, the
significance of PVDs in concurrent use of surcharge preloading on improving
embankment performance in a tight schedule was illustrated.
For the cases examined in this thesis, the primary conclusions reached were as
follows:
1. The numerical analysis based on the aforementioned French field case (Briançon
and Simon 2012) indicated that, in this case, the inclusion of piles and the
combined use of single layer of geotextile reinforcement and piles respectively
reduced the subsoil surface settlement to 52% and 31% of that for an unimproved
base case. Also, the combination of piles and single geotextile basal
reinforcement reduced the maximum lateral movement below the toe of
embankment to only 38% of that for the unimproved base section and decreased
the subsoil differential settlement at the ground level to about 38% of that of the
comparable section with only piles but without reinforcement.
2. The numerical method and the hand methods of Hewlett and Randolph (1988) and
Russell and Pierpoint (1997) gave the best estimates of stress reduction ratio
within ≤ 3% difference from the measured data in the French field case study.
The methods of Filz and Smith (Filz et al. 2012) and EBGEO (EBGEO 2011)
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gave an acceptable prediction (within about 6% and 13% discrepancy
respectively).
3. A subsequent (post-construction) increase in the maximum reinforcement strain in
viscous PP geotextile reinforcement can be 36% - 40% larger than that for the
corresponding inviscous reinforcement for the studied embankments with DMM
columns (both floating and fully penetrating).
4. The isolated creep test of the reinforcement under a sustained load equal to that
required to achieve the same strain in the reinforcement in the column-supported
embankment at the end-of-construction (EOC) underestimated the postconstruction tensile strain that was mobilized in the embankment. This arose
because the isolated creep test did not reflect the changes that occurred in the
reinforcement strains due to stress transfer with consolidation of the embankment
foundation soil.
5. The foundation shear deformations and horizontal toe movement for
embankments with either floating or fully penetrating columns increased due to
the creep and stress relaxation in reinforcement.
6. The impact of reinforcement viscosity on maximum crest settlement at the
embankment centreline was marginal.
7. For DMM floating column-supported embankments, a small increase in
embankment thickness associated with an increase in the allowable EOC
reinforcement strain from 3% to 4.5% resulted in a considerably larger post-EOC
horizontal toe movement and maximum crest settlement.
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8. The use of relatively stiffer and less viscous reinforcement played an important
role in reducing the post-consolidation horizontal toe movement of columnsupported embankments.
9. For DMM floating column supported embankment, increasing reinforcement
stiffness from 900 to 8000 kN/m effectively reduced the post-consolidation
horizontal toe movement by 35% (from 0.447 m to 0.289 m) and decreased postconsolidation differential crest settlement by 20% (from 374 mm to 301 mm).
10. In terms of controlling post-consolidation embankment deformations, there was
limited benefit from increasing the column Young’s modulus above 100 MPa.
11. Speeding up the construction rate from 5 m/month to 10 m/month only marginally
increased deformations of the reinforced and DMM floating column-supported
embankments examined. However, decreasing the construction rate from 5
m/month to 1 m/month, gave at least a 26% reduction in both post-consolidation
horizontal toe movement and maximum crest settlement for these embankments
over the two soft clays examined.
12. The DMM floating columns played an important role in controlling postconsolidation embankment deformations including horizontal toe movement,
maximum crest settlement and differential crest settlement. The deformations
increased by a factor 2-3 due to an increase in floating column spacing from 2 m
to 3 m. Fully penetrating columns substantially reduced deformations compared
with floating columns (other things being equal).

288

13. For DMM floating column-supported embankment over the soft clay examined,
compared to no PVDs, the inclusion of PVDs fully penetrating soft clayey deposit
resulted in a smaller EOC horizontal toe movement even though the EOC subsoil
surface settled more with the PVDs.
14. Compared to reinforced embankments with only floating columns but no PVDs,
the inclusion of fully penetrating PVDs significantly reduced the time for
foundation soil consolidation and decreased the final post-consolidation
maximum crest settlement and lateral displacements below the toe (other things
being equal)
15. The use of PVDs in conjunction with surcharge preloading worked effectively
together to substantially improve the floating column-supported embankment
performance in terms of reducing both post-construction crest settlement and
post-consolidation lateral displacements below the toe even with a considerably
faster construction rate.
7.2 Limitations and future recommendations
A fully 3D coupled model, verified against the field data from a well-documented case
study involving geosynthetic reinforced and end-bearing piled embankment sections, was
used to examine the performance of embankment with both DMM floating and fully
penetrating columns. Given the significant stiffness difference between DMM columns
and concrete piles, it would be desirable to obtain comprehensive field data for reinforced
DMM column-supported embankments together with control cases on the same soil
profile to allow a validation of the model for that case. While the influence of
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reinforcement (stiffness, viscosity, selection of EOC reinforcement strain) on the
performance of DMM column-supported embankment was extensively discussed, there
was almost no literature reporting measured reinforcement strains for embankments with
DMM columns (with the notable exception of Forsman et al. 1999). Unfortunately, the
very limited data of measured reinforcement strains reported by Forsman et al. (1999)
showed significant fluctuations and was considered to be inconclusive (Huang and Han
2009). Therefore, the acquisition of reliable data regarding the time-history of
reinforcement strains in a DMM column supported embankment is highly recommended.
The deformation of reinforced and column-supported embankments based on an
allowable long-term limit of reinforcement strain of 5% was shown to be excessive (at
least for the cases examined). To control the embankment deformations to a modest level
while maximizing its long-term service height, future study of the selection of a suitable
allowable long-term reinforcement strain is recommended.
This study has shown the significant role of fully penetrating columns in
minimizing crest settlement and also the synergistic effects of PVDs and floating
columns on controlling post-construction embankment deformations. A related cost
analysis regarding these two methods will certainly be meaningful for industry to provide
a better guide for selection of construction methods.
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Appendix A
Discussion on the secondary creep of geosynthetic reinforcement
investigated in Chapter 4,5

Figure A.1 Original figure screen shot from Yeo and Hsuan (2010).

As explicitly shown in Figure A.1, the tested HDPE geogrid (G2 in Chapter 4, 5) only
experienced the secondary creep after 10% strain. Given the reinforcement used in
embankments with columns should not be strained this 10% limit, no viscoplastic
deformation in this reinforcement would be incurred when the mobilized strain is less
than 10%. Thus, the viscoelastic model is reasonably suitable for the application being
considered in this thesis.
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The test data (30% tensile strength) for aforementioned HDPE geogrid G2 was
obtained by the digitizer tool as shown in this purple line (Figure A.2). The black line
was the fitted line by original authors. From this figure, it is also hard to tell the
secondary creep (a stage of near constant strain rate) as has been demonstrated in Figure
A.1.

Figure A.2 Original test data (30% tensile strength) used for G2.
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Figure A.3 The measured and calculated strain developed with time in creep tests for two
geosynthetic reinforcement products subjected to a constant load 30% of the ultimate
strength.

To better capture reinforcement creep strains in different time ranges, multiple Kelvin
elements (9 in this case) were adopted, which likely resulted in a slightly abrupt increase
of the calculated strain plotted in the dashed line after 10 hours (Figure A.3). This
abrupt increase probably should not be interpreted as the secondary creep beginning let
alone being close to the tertiary creep (a stage of exponential increasing in strain rate).
Reference:
Yeo, S.S., Hsuan, Y.G., 2010. Evaluation of creep behaviour of high density
polyethylene

and

polyethylene-terephthalate

Geomembranes 28 (4), 409-421.
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Appendix B
Reinforcement constitutive model and parameter conversion
B.1 Constitutive equations
, is the sum of instantaneous elastic strain,

The total strain,
viscoelastic strain,

. Thus, the total strain rate tensor,

, and the time-delayed

, can be expressed as:
[B.1]

; and

where the elastic strain rate tensor,
elastic shear modulus. The deviatoric stress,

= deviatoric stress rate tensor;

=

, is defined as:
[B.2]

where:

= stress tensor;

= hydrostatic stress invariant; and,

According to elastic constants conversion,

is related to

= Kronecker delta.

that is modulus (i.e., the

stiffness for geosynthetic reinforcement) of the independent spring.

can be calculated

based on:
exp
where:

and

[B.3]
are material constants; and
[B.4]

The viscoelastic strain rate tensor,

, is represented by:

∑
where:

[B.5]
= viscoelastic strain tensor for the mth

= number of Kelvin elements;
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/

Kelvin element;

retardation time; and

and

= spring modulus (i.e.,

the stiffness for geosynthetic reinforcement) and the dashpot viscosity of the mth Kelvin
element, respectively. These parameters can be deduced by the proposed equations below:
[B.6]
[B.7]
where:

and

are the material constants.

B.2 Finite element implementation
The incremental finite element approach is based on the explicit/implicit method
proposed by Zienkiewicz and Taylor (1990) for the viscoelastic problem. The strain
increment ∆
∆
where

∆

during time increment ∆

is:

1

[B.8]

is the numerical constant,

0 corresponding to Euler method and

corresponding to backward difference method. The strain rate at

1

1 step can be

written as below:
∆

∆

and

Let

[B.9]
.

The stress increment is
∆

∆

∆

[B.10]

Substituting Equations B.8 and B.9 into B.10 and arranging the term gives:
∆

1

∆

∆

∆

∆
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∆

[B.11]

B.3 Parameter conversion

Table B.1 The viscoelastic model parameters deduced from Li and Rowe (2001) for PP
geotextile reinforcement G1.
Parameters
Type

/

/
G1

(hour)

/

8.5×105

3.2×10

4.9×106

0.03

α

β

0.99

10

9

Table B.2 Original viscoelastic model parameters from Li and Rowe (2001).
Parameters
Type
/
G1

1700

/

(hour)

9800

0.03

/
4×10

α

β

0.99

10

9

The thickness, t for G1 was assumed as 2 mm for membrane elements of ABAQUS. To
deduce parameters in Table B.1, the length of parameters for original 2-noded line
element in 2D in Afena in Table B.2 should be converted to area for membrane element
in 3D in ABAQUS by taking account of membrane thickness. Detailed calculation is
given as follows (superscript B1 and B2, respectively represents the parameter in Table
B.1 and B.2):
1700
0.002

8.5

10
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;

4×10
9800
0.002

0.002

3.2×10

4.9×106

;

;

Correspondingly, when converting the stress (with respect to area) directly calculated for
membrane element from ABAQUS to the force (with respect to length) used in figures, a
factor of the thickness of membrane was taken into account. Similar conversion of
reinforcement stress into tensile force of reinforcement in 3D analysis using ABAQUS
can be found in Ariyarathne et al. (2013).
B.4 Reference
Ariyarathne, P., Liyanapathirana, D. S. and Leo, C. J. 2013. Effect of geosynthetic creep
on reinforced pile-supported embankment systems. Geosynthetics International,
20, No. 6, 421–435.
Li, A.L. and Rowe, R.K., 2001. Influence of creep and stress-relaxation of geosynthetic
reinforcement on embankment behaviour. Geosynthetics International, 8(3), 233270.
Zhang, C. and Moore, I.D., 1997. Finite Element Modelling of Inelastic Deformation of
Ductile Polymers, Geosynthetics International, Vol. 4, No. 2, 137-163.
Zienkiewicz, O.C., and Taylor, R.L. 1990. The finite element method, McGraw Hill,
fourth edition, Vol. 2.
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Appendix C
UMAT code of viscoelastic reinforcement
C Membrane
SUBROUTINE UMAT(STRESS,STATEV,DDSDDE,SSE,SPD,SCD,
1 RPL,DDSDDT,DRPLDE,DRPLDT,
2 STRAN,DSTRAN,TIME,DTIME,TEMP,DTEMP,PREDEF,DPRED,CMNAME,
3 NDI,NSHR,NTENS,NSTATV,PROPS,NPROPS,COORDS,DROT,PNEWDT,
4 CELENT,DFGRD0,DFGRD1,NOEL,NPT,LAYER,KSPT,KSTEP,KINC)
C
INCLUDE 'ABA_PARAM.INC'
c
CHARACTER*80 CMNAME
DIMENSION STRESS(NTENS),STATEV(NSTATV),
1 DDSDDE(NTENS,NTENS),
2 DDSDDT(NTENS),DRPLDE(NTENS),
3 STRAN(NTENS),DSTRAN(NTENS),TIME(2),PREDEF(1),DPRED(1),
4 PROPS(NPROPS),COORDS(3),DROT(3,3),DFGRD0(3,3),DFGRD1(3,3)
C user code starts
C local arrary
DIMENSION DE(NTENS,NTENS),E1(10),TAU1(10),TERM1(10),DS(NTENS),
2 DVEOLD(NTENS),CC(10,NTENS), DVENEW(NTENS),DVESTRAN(NTENS),
3 CCN(10,NTENS),G1(10),EELAS(NTENS),DSIG(NTENS)
PARAMETER (ZERO=0.D0,ONE=1.D0,TWO=2.D0,THREE=3.D0,FOUR=4.D0,
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1 SIX=6.D0,TOLER=1.0D-6,TAUMIN=1.0D0)
ENU=PROPS(1)
NK=PROPS(2)
A0=PROPS(3)
ALFA=PROPS(4)
BETA=PROPS(5)
A1=PROPS(6)
EMOD1=PROPS(7)
TAO1=PROPS(8)
c

THETA=PROPS(9)
SIGE=STATEV(1)
write (6,*) 'KSTEP=, KINC=, effective stress='
write (6,*) KSTEP, KINC, statev(1)
EMOD0=A0*EXP(-A1*(SIGE)**3)

c

EMOD0=A0
write (6,*) 'KSTEP=,KINC=,TIME(1)=,TIME(2)=,DTIME=,emod0,ntens'
write (6,*) KSTEP, KINC,TIME(1),TIME(2),DTIME,emod0,ntens
AL=ONE/EMOD0
BL=-ENU/EMOD0
CL=TWO*(ONE+ENU)/EMOD0
ETERM1=EMOD0/(ONE-(ENU)**2)
ETERM2=EMOD0*ENU/(ONE-(ENU)**2)
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ETERM3=EMOD0/TWO/(ONE+ENU)
DO K1=1,NTENS
DO K2=1,NTENS
DE(K2,K1)=ZERO
ENDDO
ENDDO
C DEFINE THE JACOBIAN USING INITIAL STIFFNESS
DO K1=1,NTENS
DO K2=1,NTENS
DDSDDE(K2,K1)=ZERO
ENDDO
ENDDO
DO K1=1, NDI
DO K2=1, NDI
DDSDDE(K2,K1)=ETERM2
ENDDO
DDSDDE(K1,K1)=ETERM1
ENDDO
DO K1=NDI+1,NTENS
DDSDDE(K1,K1)=ETERM3
ENDDO
c jacobian
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C

K+4G/3 K-2G/3 K-2G/3

C K-2G/3 K+4G/3 K-2G/3
C J= K-2G/3 K-2G/3 K+4G/3
C

G

C

G

C

G

C DEFINE THE MATRIX OF INCREMENTAL ELASTIC STRAIN OVER
STRESS,DE
DO K1=1, NDI
DO K2=1, NDI
DE(K2,K1)=BL
ENDDO
DE(K1,K1)=AL
ENDDO
DO K1=NDI+1,NTENS
DE(K1,K1)=CL
ENDDO
C DEFINE DEVIATORIC STRESS DS
SMEAN=ZERO
DO I=1,NDI
SMEAN=SMEAN+STRESS(I)/THREE
write (6,*) 'KSTEP=,KINC=,TIME(1),TIME(2),DTIME,I=,Current strI='
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write (6,*) KSTEP, KINC, TIME(1),TIME(2),DTIME, I, STRESS(I)
ENDDO
DO I=1,NDI
DS(I)=STRESS(I)-SMEAN
ENDDO
DO I=1,NSHR
DS(I+NDI)=STRESS(I+NDI)
ENDDO
C
C
E1(1)=EMOD1
c

G1(1)=EMOD1/TWO/(ONE+ENU)
TAU1(1)=TAO1
DO I=1, NK
E1(I)=ALFA**(I-1)*E1(1)

c

G1(I)=ALFA**(I-1)*G1(1)
TAU1(I)=BETA**(I-1)*TAU1(1)

C

IF (TAU1(I).LT.TAUMIN) TAU1(I)=TAUMIN
TERM1(I)= -DTIME*ONE/TAU1(I)
ENDDO

C assign current viscoelastic strain as the end of the previous step values
c CC(J,I) is current value of viscoelastic strain in I-direction of J-th kelvin element
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DO I=1,NTENS
DVEOLD(I)=ZERO
DO J=1,NK
C

DVE((J-1)*NTENS+I)=STATEV((J-1)*NTENS+1+I)

C

CC(J,I)=STATEV((J-1)*NTENS+1+I)
CC(J,I)=STATEV((J-1)*NTENS+1+2*NTENS+I)
DVEOLD(I)=DVEOLD(I)+CC(J,I)
write (6,*) 'KSTEP=,KINC=, TIME(1),TIME(2),DTIME,
1

Jth klv, Idir, OLD Jth VEstran at I direction'
write (6,*) KSTEP, KINC, TIME(1),TIME(2),DTIME,J, I, CC(j,i)
ENDDO

ENDDO
C calculate the new viscoelastic strain at t+dtime for each kelvin element J at each
direction I, stored by cc(j,i)
c dvenew is the new viscoelastic strain at t+dtime for all elements at each direction I
DO I=1,NTENS
DVENEW(I)=ZERO
DO J=1,NK
C

CCN(J,I)= STATEV((J-1)*NTENS+1+I)*EXP(TERM1(J))+
CCN(J,I)= STATEV((J-1)*NTENS+1+2*NTENS+I)*EXP(TERM1(J))+
1 THREE/TWO*DS(I)/E1(J)*(ONE-EXP(TERM1(J)))

c

1 ONE/TWO*DS(I)/G1(J)*(ONE-EXP(TERM1(J)))
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DVENEW(I)=DVENEW(I)+CCN(J,I)
write (6,*) 'KSTEP=,KINC=, TIME(1),TIME(2),DTIME,
1

Jth klv, Idir, NEW Jth VEstran at I direction'
write (6,*) KSTEP, KINC, TIME(1),TIME(2),DTIME,J, I, CCN(j,i)
ENDDO

ENDDO
C CALCULATE THE INCREMENTAL VISCOELASTIC STRAIN DDVE
DO I=1,NTENS
DVESTRAN(I)=DVENEW(I)-DVEOLD(I)
ENDDO

C UPDATE STRESS TENSOR
DO I=1,NTENS
DO J=1,NTENS
STRESS(J)=STRESS(J)+DDSDDE(J,I)*(DSTRAN(I)-DVESTRAN(I))
ENDDO
write (6,*) 'KSTEP=,KINC=, TIME(1),TIME(2),DTIME,
1

I, total dstrain=, UPDATED STRESS I'

write (6,*) KSTEP,KINC,TIME(1),TIME(2),DTIME,I,dstran(I),STRESS(I)
ENDDO
c
c

DO I=1,NTENS
DSIG(I)=ZERO
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c

DO J=1,NTENS

c

DSIG(I)=DSIG(I)+DDSDDE(I,J)*(DSTRAN(J)-DVESTRAN(J))

c

ENDDO

c

ENDDO
DO I=1,NTENS

C

EELAS(I)=STRAN(I)+DSTRAN(I)-DVENEW(I)
EELAS(I)=ZERO
DO J=1,NTENS
EELAS(I)=EELAS(I)+DE(I,J)*STRESS(J)
ENDDO
write (6,*) 'KSTEP=,KINC=, TIME(1),TIME(2),DTIME,I,CURRENT STRAN,
1

total dstrain=, TOTAL DVESTRAN=, UPDATED ELSTRAN'

write (6,*) KSTEP,KINC,TIME(1),TIME(2),DTIME,I,stran(I),
1

dstran(I),DVESTRAN(I), EELAS(I)

ENDDO
C UPDATE STATE VARIABLES
SIGE=(STRESS(1)-STRESS(2))**2+(STRESS(2)-STRESS(3))**2+
1 (STRESS(3)-STRESS(1))**2
DO I=1+NDI,NTENS
SIGE=SIGE+SIX*STRESS(I)**2
ENDDO
SIGEN=SQRT(SIGE/TWO)
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C
STATEV(1)=SIGEN
c

STATEV(1)=ZERO

C

write (6,*) 'KSTEP,KINC,new effective stress'

C

write (6,*) KSTEP,KINC, sigen
DO I=1,NTENS
STATEV(1+I)=EELAS(I)
ENDDO
DO I=1,NTENS
STATEV(1+NTENS+I)=DVENEW(I)
ENDDO
DO I=1,NTENS
DO J=1,NK
STATEV((J-1)*NTENS+1+2*NTENS+I)=CCN(J,I)
ENDDO
ENDDO
RETURN
END
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Appendix D
Sensitivity analysis on element choice
D.1 Computation comparison between linear element and quadratic element
A preliminary sensitive analysis was performed to identify the influence of element type
(order of element) on deformations of reinforced and piled embankment based on the
French field case section S3 examined in Chapter 3. The examined case using first-order
element (8-noded linear displacement brick elements with linear pore pressure, C3D8P)
and quadratic-order element (20-noded quadratic displacement elements with linear pore
pressure and eight excess pore pressure degrees of freedom at the corners, C3D20RP) is
respectively referred to Cases D1 and D2 hereafter. The only difference between the two
cases is the type of element (with all other things being equal). These two elements are
both already provided by ABAQUS for fully 3D coupled hydraulic and mechanic
analysis.
At the end of consolidation, the Case D1 (C3D8P) gave very close shape and
magnitude of contour of resultant displacement magnitude as that for the Case D2
(C3D20RP) (Figure D1). The maximum resultant displacement magnitude only differs
within 3% (0.108 m versus 0.111 m) between the two cases. The negligible difference of
4% (2.696 cm versus 2.592 cm) and 3% (0.107 m versus 0.110 m) is calculated
respectively in the horizontal displacement contour and vertical displacement contour is
also found between the two cases (Figure D2; D3). The biggest difference of 6% (15.1
mm versus 14.2 mm) between Cases D1 and D2 was found in the horizontal toe
movement below the toe at the ground surface level as examined in Figure 3.13 in
Chapter 3.
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Although the calculated reinforced and piled embankment deformations differed by
only 6% (or less), the computation time using quadratic-order element (C3D20RP) was
approximately 8 times than that using first-order element (C3D8P) (56 hours versus 7
hours roughly). Since this thesis is focused on working stress (serviceability) behaviour
and serviceability limit state conditions, to minimize the computational cost within an
acceptable accuracy, computationally efficient C3D8P element was considered adequate
to model the coupled mechanical and hydraulic behaviour for the conditions examined in
this thesis. This is consistent with the finite element idealization that has been widely
used in many recent publications addressing similar issues (e.g., Zhuang 2009;
Keykhosropur et al. 2012; Ye et al. 2013; Thach et al. 2013; Rose et al. 2013; Tho et al.
2014). However, higher order elements would have been required had the thesis been
considering the ultimate limit state.
D.2 References
Keykhosropur, L., Soroush, A., and Imam, R. 2012. 3D numerical analyses of
geosynthetic encased stone columns. Geotextiles and Geomembranes 35: 61–68.
Rose, A.V., Taylor, R.N. and El Naggar, M.H. 2013. Numerical modelling of perimeter
pile groups in clay. Canadian Geotechnical Journal, 50: 250–258.
Thach, P-N., Liu, H-L., and Kong, G-Q. 2013. Evaluation of PCC pile method in
mitigating embankment vibrations from a high-speed train. Journal of
Geotechnical and Geoenvironmental Engineering, 139 (12): 2225-2228.
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Tho, K.K., Chen, Z., Leung, C.F., and Chow, Y.K. 2014. Enhanced analysis of pile
flexural behaviour due to installation of adjacent pile. Canadian Geotechnical
Journal, 51: 705–711.
Zhuang, Y. 2009. Numerical modelling of arching in piled embankments including the
effects of reinforcement and soil. PhD Dissertation, the University of Nottingham,
Nottingham, UK.
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Figure D.1 Comparison of the contour of post-consolidation resultant displacement
magnitude: (a) C3D8P; (b) C3D20RP.
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Figure D.2 Comparison of the contour of post-consolidation horizontal displacement: (a)
C3D8P; (b) C3D20RP.

312

(a)

z
y

x

(b)

Figure D. 3 Comparison of the contour of post-consolidation vertical displacement: (a)
C3D8P; (b) C3D20RP.
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Appendix E
Sensitive analysis on Young’s modulus of PVDs
(supplementary materials to Chapter 6)

Although the main function of PVDs is its hydraulic behaviour, a sensitive analysis
regarding mechanic behaviour related Young’s modulus of PVDs was performed to
exclude its influence on performance of embankment with DMM floating columns and
PVDs. A small value of 100 kPa for Young’s modulus of PVDs was selected by Yildiz
(2009) while a maximum Young’s modulus of 32.5 MPa was deduced from the
maximum tensile strength of 13 kN/m for PVDs reported by Zhang et al. (2013).
Therefore, two cases based on these two limits of Young’s modus of PVDs were
examined with referenced names of Case E1 (100 kPa) and Case E2 (32.5 MPa).
Case E1 and Case E2 had practically the same contour of shape and magnitude of
horizontal displacement (Figure E.1), and vertical displacement (Figure E.2) at the end of
construction of 5 m embankment.
References
Yildiz, A., 2009. Numerical analyses of embankments on PVD improved soft clays.
Advanced Engineering Software, 40(10):1047–1055.
Zhang, D-W, Liu, S-Y, Han, W-J and Du, G-Y., 2013. A combined dry jet mixingprefabricated vertical drain method for soft ground improvement: a case study.
Marine Georesources and Geotechnology, 31:4, 332-347.
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Figure E.1 Comparison of the contour of horizontal displacement: (a) Case B1 (100
kPa); (b) Case B2 (32.5 MPa).
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Figure E.2 Comparison of the contour of vertical displacement: (a) Case B1 (100 kPa);
(b) Case B2 (32.5 MPa).
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Appendix F
Plastic strain contour at the base of columns below the toe
(supplementary materials to Chapter 6)

Toe

z
y

x

Figure F.1 Post-consolidation plastic strain contours at the base of columns.
This figure shows the post-consolidation plastic strain developed at the base of columns
due to high excess pore pressure developed during construction of the embankment. This
explains the lateral displacement pattern with depth below the embankment toe. Along
the highlighted line, the maximum plastic strain is incurred at the elevation of the end of
columns, contributing to the maximum lateral displacement at this level. In contrast, the
plastic strain is very small in the upper depth and hence a smaller lateral displacement at
the ground surface was calculated (Fig. 6.12; 6.15), which was because the lateral
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spreading at the ground surface was restrained by geosynthetic reinforced platform and
also stiffer columns in foundation soil to a depth of 9 m.
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