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Abstract 

This research conducted herein comprises two phases: experimental and numerical. In the experimental 

phase, the effect of low temperature (-20 °C to -25 °C) and temperature differentials (∆T = -30 °C) on the 

static and fatigue behaviour of eight large-scale reinforced concrete beams is examined. Additionally, the 

accuracy and performance of two novel sensor technologies, Digital Image Correlation (DIC) and Fibre 

Optic Strain Sensors (FOS), in monitoring crack widths, deflections and strains in reinforced concrete 

members are investigated. In the numerical phase, a nonlinear finite element modelling and analysis study 

is conducted on statically determinate and indeterminate reinforced concrete beams with and without 

temperature differentials. The results of the static tests showed that the strength, ductility, and cracking 

load of the beams increased at low temperature. The results also demonstrated that the number, depth, and 

widths of the cracks decreased at low temperature. The fatigue testing showed that the fatigue life of the 

reinforced concrete beams improved at low temperature as a result of the higher shear strength and 

stiffness of the reinforced concrete, the lower number of cracks with smaller widths, and improved fatigue 

properties of steel (i.e., delayed fatigue crack initiation and reduced fatigue crack growth rate at low 

temperature). Calibration tests conducted to correct DIC and FOS readings for temperature showed that 

both DIC and FOS systems are affected by temperature, and that the response of each DIC camera setup 

is uniquely affected by temperature changes. The DIC and FOS measurements showed that these 

structural health monitoring techniques produce promising results and are capable of measuring crack 

widths and strains to a similar level of accuracy as conventional strain gauges. However, the external FOS 

have the advantage of being able to measure the strains in concrete in compression and give an indication 

of the strains in the tensile reinforcement. The numerical results showed that the finite element models are 

capable of predicting the load-displacement behaviour (i.e., cracking, yield, and ultimate loads) as well as 

cracking patterns for statically determinate and indeterminate reinforced concrete beams with and without 

temperature differentials at room and low temperature. The modelling also showed that indeterminacy 

(fixed-ends) substantially increases the ultimate strength of the reinforced concrete (up to 110%). 
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Chapter 1. Introduction 

1.1. Motivation and Contribution 

    The first concrete in history was fabricated by the Greek and the Romans. Some Roman concrete 

structures have survived to date. In the present time, the most commonly used structural materials are 

concrete and steel which complement one another (Neville 2006). Many of the concrete structures are 

located in cold climates with prolonged freezing seasons; e.g. Canada, northern United States, Russia, 

Scandinavia, etc. 

 
   In recent years, research on structures in cold regions has become more important due to the high 

demand for repairing the decaying infrastructure. In Canada, reinforced concrete bridges are vital links of 

the country’s transportation system. However, most of Canada’s bridges are reaching the end of their 

service life, and need to be repaired, retrofitted or even destroyed. According to Statistics Canada, bridges 

in Canada, on average, have passed 57 percent of their useful life, since many of Canada's highway 

bridges have been built in the 1960s and 70s (Cusson 2008; Gagnon 2008).  

 
  These aging concrete bridges are degraded due to overloading and fatigue caused by increased legal load 

limits, corrosion, impact damage, and environmental conditions, i.e. large temperature fluctuations and 

freeze-thaw cycling (Kim and Heffernan 2008). For instance, Viaduc de la Concorde overpass, a 36-year 

old structure, collapsed in 2006 in Laval, Quebec resulting in the loss of 5 lives. The collapse was due to 

shear failure as a result of concrete cracking in a zone of weakness. A study conducted by Mitchel et al. 

(2011) suggested that the cracking could have been initiated by shrinkage of the concrete, thermal 

stresses, and vehicle impact on the expansion joint. After initiation, Mitchell et al. (2011) surmised that 

the inclined crack provided a natural path for the entry of water from the expansion joint resulting in 

freeze-thaw deterioration in the presence of deicing salts. As such, the failure was a combination of shear 

failure affected by the effects of a cold climate. 
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Furthermore, the bridge had been inspected visually not long before the failure occurred (Dutton 2012). 

Since visual inspection was not able to predict the impending collapse, more sophisticated monitoring 

systems are required. The ability to monitor the growth and movement along the pre-existing shear cracks 

on the overpass could have provided critical information in the assessment of the safety of the structure. 

Therefore, it is extremely important to better understand the performance of the concrete bridges in cold 

regions and to investigate structural health monitoring systems that work properly in cold regions so that 

asset managers and engineers can continuously inspect and evaluate the state and performance of the 

bridges, and thus prevent costly repair or catastrophic collapse. 

 
   Much research has been conducted on the effects of extreme environmental conditions; i.e. temperature, 

moisture, etc. on curing and pouring, behaviour and mechanical properties of concrete as well as on the 

behaviour and mechanical properties of reinforcing steel. In fact, most of the past research focused on the 

material level (Lee et al. 1988; Korhonen and Sherri 2001; Korhonen 2006; Shoukry et al. 2011) rather 

than on structural behaviour of reinforced concrete members. In addition, several studies have been 

conducted on cryogenic (≤-50 °C) applications of reinforced and prestressed concrete, e.g. storage of 

liquefied natural gas or liquefied petroleum gas, and concrete behaviour in severe conditions (Lee et al. 

1988; Dahmani et al. 2007) as well as seismic behaviour of reinforced concrete at low temperature 

(Montejo et al. 2008; Montejo et al. 2009a; Montejo et al. 2009b; Montejo et al. 2010). However, limited 

research is available describing the structural response of reinforced concrete beams at low temperature 

(DeRosa 2012). Because of this lack of research and collapses such as the Viaduc de la Concorde 

overpass, it is essential to gain a better understanding of the structural response of reinforced concrete 

beams at low temperature.  

 
   Conventionally, in order to assess the state of a structure, visual inspections are coupled with numerical 

modelling and analysis. The results of these assessment methods are not always sufficiently accurate 

because of damages that are not obvious to visual inspection, the lack of quantitative assessment with 
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visual inspection, and simplifications and assumptions in numerical modelling. Consequently, critical 

structural imperfections may not be identified that may lead to tragic collapses (DeRosa 2012, Mitchell et 

al. 2011).  

 
   One approach to overcome the limitations of visual inspection is to install structural health monitoring 

(SHM) systems to compare the condition and performance of a structure with a baseline representing the 

healthy state of the structure (Flynn and Todd 2010). Fibre optic strain measurement (FOS) and digital 

image-based strain monitoring (DISM), commonly known as Digital Image Correlation (DIC) or particle 

image velocimetry (PIV), are two SHM breakthrough techniques providing more accurate and 

comprehensive performance data than conventional techniques such as strain gauges. Although these 

SHM techniques are reasonably well developed, there is still a gap between the monitoring data and 

serviceability and reliability indicators due to uncertainty of measurements resulting in little benefit to the 

bridge industry from these monitoring systems (Ko and Ni 2005). 

 
   For an accurate assessment of concrete bridges, the effects of parameters varying with time on 

monitoring and sensing systems must be identified and quantified. Temperature effects, especially in 

regions with high temperature fluctuations, are one of the major parameters of uncertainty in monitoring 

of concrete structures. Temperature variations largely affect FOS and DIC systems, and hence cause 

significant errors in sensor readings (DeRosa 2012). The study on the effect of temperature variations on 

the output of FOS and DIC, and also on their long-term performance and durability is insufficient thus 

impeding wide acceptance of these techniques in bridge monitoring applications (Ko and Ni 2005; 

DeRosa 2012). Therefore, it is imperative to better understand the effects of temperature on these novel 

technologies to facilitate the development of these techniques in structural monitoring. 
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1.2. Area of Study 

       In this research, the structural performance of the reinforced concrete beams subjected to static and 

cyclic loading at room and low temperature (-20 °C to -25 °C) will be studied through investigating the 

changes in the stiffness, strength, ductility, crack widths, cracking pattern and distribution, strains in the 

reinforcement and concrete, mode of failure and fatigue life of large-scale reinforced concrete beams. 

This research will shed light on the static and fatigue behaviour of steel reinforced concrete bridges at low 

temperatures. The results of this research will contribute to a better understanding of serviceability and 

reliability issues of reinforced concrete structures in cold regions. For instance, it may change the 

maximum allowable stress range or fatigue threshold in straight reinforcement for the bridges located in 

cold regions; however, it may not affect the dynamic load allowance. In fact, this research will facilitate 

the development of relations between the properties and performance of concrete members in standard 

laboratory conditions and temperatures that normally occur in cold climates. 

 
   In addition, the relationship between temperature and the behaviour of the DIC and FOS techniques will 

be explored to more accurately interpret the results obtained from these systems. For instance, 

temperature-related strains are induced in the optical fibres because of the expansion and contraction due 

to changes in temperature, and the difference in the coefficient of thermal expansion of the optical fibre 

and of the concrete may lead to some difficulty in interpreting the strain data. Temperature variations also 

affect the camera’s internal charge coupled device (CCD), the lens, and other internal components of the 

camera causing changes in the images with temperature. All these temperature effects on distributed FOS 

and DIC systems will be explored and quantified in the experimental phase of this research program to 

determine the effects of temperature variations on the DIC and FOS measurements. In addition, DIC and 

FOS measurements (i.e., crack widths, strains and deflections) will be compared to readings from 

conventional sensors during the static and fatigue tests to investigate the accuracy and performance of the 

DIC and FOS techniques.  
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1.3. Research Objectives 

  The three main objectives for this research are: 

1) to understand how low temperature (-20 °C to -25 °C) affects the structural performance of 

reinforced concrete beams, 

2) to evaluate how low temperature affects the performance of FOS and DIC for structural health 

monitoring, and 

3)  to develop and validate a numerical model for predicting the structural performance of reinforced 

concrete beams at low temperature, and to use this numerical model to estimate the performance 

of statically indeterminate beams. 

 

• To accomplish objective 1, the static and fatigue performance of the reinforced concrete beams 

will be investigated at room and low temperature through testing eight large-scale reinforced 

concrete beams that have a temperature differentials of approximately  ∆T = 30 °C over their 

depth to simulate solar radiation on bridges. 

 
• For achieving objective 2, the reinforced concrete beams will be monitored with DIC and FOS 

techniques.  The errors induced in DIC and FOS measurements as a result of temperature 

variations will be quantified, and the performance and accuracy of these two technologies in 

structural applications (i.e., measurement of strain, crack widths and deflection) will be assessed 

by comparing the measurements performed by these two techniques with the conventional sensor 

technologies. 

 
• To accomplish objective 3, a numerical model that accounts for the effects of temperature (i.e., 

low temperature and / or temperature differentials) on the static behaviour reinforced concrete 

beams under combined bending and shear will be developed and validated against the 
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experimental results.  Then, the behaviour of statically indeterminate beams with and without 

temperature differentials will be investigated to understand the effects of temperatures on a wider 

range of bridge configurations (i.e., continuous beams) that cannot be tested in the laboratory. 

1.4. Contributions  

   This thesis makes several important and original contributions to the understanding of the structural 

response of large-scale reinforced concrete beams with temperature differentials when subjected to static 

and cyclic loadings at room and low temperature.  

 
  New insights were obtained on the effect of temperature (i.e., low temperature and temperature 

differentials) on the load-deflection and cracking behaviour of reinforced concrete members through tests 

on reinforced concrete beams. Such information is crucial to understand the performance of reinforced 

concrete beams and bridges in cold regions. 

 
  Additional innovation was achieved through the study of the fatigue behaviour of reinforced concrete 

beams with temperature differentials at room and low temperature. The effect of low temperature on the 

fatigue performance of the reinforced concrete was previously unexplored. Discerning the response of the 

reinforced concrete beam to cyclic loading is of paramount importance since concrete bridges in cold 

regions are subjected to cyclic loading from the passage of moving vehicles. 

 
  Furthermore, the investigation of the accuracy and performance of DIC and FOS techniques at low 

temperature will allow these innovative techniques to be applied with more accuracy in cold climates. The 

development of a new “subtraction technique” to measure the coefficient of thermal expansion of the FOS 

systems was particularly novel. 

     
  Several original aspects were developed for the finite element models of the beams: i) temperature 

differentials or uniform temperature profiles were incorporated into the models through sequentially 

coupled thermal-stress analysis techniques, and temperature-dependent material properties were used, ii) 
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two values of tension stiffening were used for analysis of the statically determinate beam models to 

investigate the effect of the rate of concrete softening in tension on the response of the reinforced concrete 

beams, iii) statically indeterminate beam models to simulate one span of continuous multi-span beams 

were developed and analyzed to extend the knowledge beyond the simply-supported beams tested in the 

laboratory. 

 

1.5. Scope of Work 

1.5.1. General 

   This research includes two phases: experimental and numerical phase. The experimental phase consists 

of testing eight large-scale steel reinforced concrete beams under static or cyclic loading, ancillary tests, 

i.e. material tests (concrete and reinforcing steel), and calibration (temperature correction) tests of DIC 

and FOS systems. In addition, the DIC and FOS techniques were employed in this phase to measure the 

deformations on the reinforced concrete beams.  

 
   In the numerical phase, finite element modelling and analysis were conducted on the reinforced 

concrete beams to investigate the response of the beams to temperature effects, various types of loadings 

and boundary conditions 

1.5.2. Experimental Phase 

   Two series of experiments were conducted at Structural Lab at Queen’s University. The first series of 

the experiments consisted of four static tests, and the second series of the experiments consisted of four 

fatigue tests that were performed on eight large-scale simply-supported reinforced concrete beams with 

four-point bending setup. Two of the beams used in each of the static and fatigue tests had shear 

reinforcement while the other two beams used in each series of the experiments had no transverse 

reinforcements. One beam of each type was tested at room temperature (15 °C ) and the other one at low 

temperature (-20 °C to -25 °C). All the room and low temperature beams had temperature differentials 
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(∆T = 30 °C) over their depth to simulate solar radiation and in-service temperature of the concrete 

bridges. 

 
   The first series of the experiments consisted of the testing of four beams (static beams) under monotonic 

load, sustained load and ten load cycles. Once the desired temperature differentials over the depth of the 

beams was achieved, the beams were loaded to an appropriate service load, then the service load was 

maintained on the beams for 48 hours followed by several load cycles to simulate variations in service 

load. After completion of the load cycles, the beams were monotonically loaded to failure.  

 
   The second series of the experiments included the testing of four beams (fatigue beams) under cyclic 

loading. The fatigue tests were designed for a fatigue life of approximately one million cycles. To 

investigate the changes in the strains, deflection and stiffness of the beams under cyclic loading, periodic 

monotonic tests were performed on the beams. 

 
   To monitor shear cracks during different stages of each test and measure the widths of the shear cracks, 

digital cameras on tripods were placed at the opposite sides of each beam approximately at the same 

distance from the beam focusing the central region of one of the shear spans. To measure the compressive 

and tensile strains, the optical fibres were applied on the beam at both the top and bottom portion of the 

beams. The optical fibres were applied approximately at the same height as the tensile and compression 

reinforcements to be able to compare the strains measured by FOS with the readings of the strain gauges 

installed on the reinforcement. 

 
   In addition, during the experimental phase of this research, DIC and FOS calibration tests were 

conducted to correct their measurements for temperature, and material tests were carried out to determine 

the mechanical properties of the reinforcing steels and concrete.  
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1.5.3. Numerical Phase 

   In the numerical phase, nonlinear finite element modelling and analysis were conducted on the static 

beams tested at room and low temperature during the experimental phase of this research as well as on the 

beams tested by DeRosa et al. (2015) then the NLFEA were used to explore the response of the similar 

statically indeterminate reinforced concrete beams with and without temperature differentials at room and 

low temperature.  

1.6. Thesis Outline 

  This thesis consists of seven main chapters in manuscript format. Chapter 2 consists of a literature 

review on the static and fatigue behaviour of concrete, reinforcing steel and reinforced concrete at room 

and low temperature as well as a background on DIC and FOS technologies. Chapter 3 and 4 discuss the 

static and fatigue behaviour of reinforced concrete at room and low temperature, respectively. Chapter 5 

details the thermal effects on DIC and FOS systems, and compares the measurements performed by these 

two structural health monitoring techniques with the conventional sensors. Chapter 6 describes the finite 

element modelling and analysis of the reinforced concrete beams and compares the numerical results with 

the corresponding experimental results. Lastly, Chapter 7 provides the conclusions drawn from the 

present work and gives some recommendations. 
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Chapter 2.  Literature Review 

2.1. Introduction 

   This chapter provides a literature review and background on several topics that are related to this 

research program. The first section details the effect of low temperature and freeze-thaw cycling on the 

mechanical properties of concrete. The second section reviews the effect of low temperature on the 

mechanical properties of the reinforcing steel as well as low-cycle fatigue behaviour of the reinforcing 

steels. The third section describes the effect of low temperature on the performance of the reinforced 

concrete, the fatigue behaviour of the strengthened reinforced concrete at room temperature as well as the 

fatigue behaviour of the prestressed concrete at low temperature. Lastly, the fourth section introduces 

Digital Image Correlation (DIC) and Fibre Optic Sensor (FOS) as two breakthrough Structural Health 

Monitoring (SHM) techniques and discusses the effect of temperature variations on the measurements 

made using these two technologies. Lastly, the literature discussing the effect of low temperature on the 

performance of reinforced concrete as well as DIC and FOS is summarized and discussed.  

2.2. Concrete 

2.2.1. The Effect of Low Temperature 

   Lee et al. (1988) investigated the change in mechanical properties of concrete (water/cement ratio of 

0.48) when temperature was reduced from 20 °C to -10 °C, -30 °C, -50 °C and -70 °C. The results 

showed that the compressive and splitting tensile strength of concrete increased uniformly at almost the 

same rate as the temperature reduced, compressive strength increased 30% and 55% and splitting tensile 

strength increased 34% and 59% when temperature reduced from 20 °C to -10 °C and -30 °C, 

respectively. However, Young’s modulus of elasticity increased about 10% and 25% at -10 °C 

and -30 °C, respectively, indicating a lower rate of increase than compressive and splitting tensile 

strength. The value of Poisson’s ratio increased 9% and 20% at -10 °C and -30 °C, respectively. This 



13 
 
 

increase may have an impact on the confined behaviour of concrete, i.e. causing the confining steel to 

rupture prematurely.  

 

   The increase of strength at low temperatures could result in brittle behaviour of concrete during an 

earthquake which is not desirable for seismic design (Paulay 1992; Sloan 2005). Sloan (2005) also 

showed that the local bond strength of deformed bars embedded in confined concrete generally increased 

as temperature decreased under monotonic, repeated cyclic or fully reversed (R=-1) cyclic loadings. 

However, the ratio of bond strength at low temperature to room temperature was generally lower under 

repeated cyclic loading than monotonic loading, but this ratio was higher under fully reversed cyclic 

loading than monotonic loading at -70 °C. Bond strength under monotonic, repeated cyclic and fully 

reversed cyclic loadings increased 35%, 19% and 40% at -10 °C and 55%, 48% and 76% at -30 °C, 

respectively (Sloan 2005). 

 
   Green et al. (2006) studied the behaviour of concrete columns with and without FRP materials in 

extreme conditions. They exposed the specimens to temperatures as low as -18 °C and -40 °C for 200 and 

16 days, respectively. The first set of specimens were tested for strength in axial compression at room 

temperature, but the second set of specimens were tested in frozen conditions immediately after taking out 

from the cold room. For the first set of tests, no change was observed in strength of the cylinders due to 

exposure to low temperature while an increase of strength was seen in the second set due to freezing of 

water in pores at the time of testing. All the specimens, wrapped or unwrapped, failed in a more brittle 

and sudden manner than those control ones that were kept at room temperature. It is believed that the 

increase of concrete strength is due to the expansion of water when frozen which fills the large capillary 

pores and closes the microcracks by microprestressing, and hence delays cracking (Elices 1987). 

 
   In general, for the range of 0 °C to -50 °C, the percentage of increase in compressive strength is a linear 

function of temperature (Montejo et al. 2008). Figure  2.1 shows the difference between data measured 
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and the proposed equations. Okada and Iguro (1978), only considered temperature, Eq.2.1. Goto and 

Miura (1979), Eq.2.2, and Browne and Bamforth (1981), Eq.2.3, considered both temperature and 

moisture content: 

𝑓𝑐´(𝑇) = 𝑓𝑐´�20 ℃� + 5.3− 0.84𝑇 − 0.0027𝑇2    −10 ℃ > 𝑇 > −100 ℃  (2.1) 

𝑓𝑐´(𝑇) = 𝑓𝑐´�20 ℃� − 𝑤𝑇( 2
15

+ 𝑇
2700

)    0 ℃ > 𝑇 > −120 ℃  (2.2) 

𝑓𝑐´(𝑇) = 𝑓𝑐´�20 ℃� − 𝑤𝑇
12

      0 ℃ > 𝑇 > −120 ℃   (2.3) 

where 𝑓𝑐´(𝑇), 𝑓𝑐´�20 ℃�, T and w are the temperature-dependant compressive strengths of the concrete, 

compressive strength of the concrete at room temperature, temperature, and moisture, respectively. 

 
Figure  2.1. Predictive empirical equations – percentage of the change in compressive strength vs. temperature 

(Montejo et al. 2008) 

 

   Figure  2.1 shows that Eq.2.2 and 2.3 are in good agreement with the experimental results; however, 

Browne and Bamforth equation, Eq.2.3, best describes the increase in compressive strength with decrease 

of temperature for the range of 0 °C to -50 °C. 

 
   Splitting tensile strength of concrete increases with decreasing temperature at a higher rate than the 

compressive strength. Eq.2.4 was derived from the available experimental data to estimate the tensile 

strength of concrete at low temperatures (Montejo et al. 2008): 
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𝑓𝑡(𝑇) = 𝑘2𝑇(𝑇)𝑘1𝑇�𝑓𝑐′(𝑇) = (1 − 0.0105𝑇)𝑘1𝑇�𝑓𝑐′(𝑇)             0 ℃ > 𝑇 > −50 ℃   (2.4) 

where    𝑘1𝑇 =  𝑓𝑡�20 ℃�

�𝑓𝑐′(20 ℃)
   and    𝑘2𝑇(𝑇) =

( 𝑓𝑡(𝑇)
𝑓𝑡�20 ℃�

)

� 𝑓𝑐′ (𝑇)
𝑓𝑐′ (20 ℃)

  are two temperature-dependant variables that are 

functions of the splitting tensile strength and compressive strength of the concrete at room temperature, 

i.e. 𝑓𝑡�20 ℃�, 𝑓𝑐′(20 ℃), respectively, and / or temperature-dependent splitting tensile strength and 

compressive strength of the concrete, i.e. 𝑓𝑡(𝑇) and 𝑓𝑐′(𝑇), respectively.  

 
  Montejo et al. (2008) collected other researchers’ data and illustrated the increase percentage of modulus 

of elasticity versus temperature. The trend showed that modulus of elasticity of concrete (𝐸𝑐) increased 

with decreasing temperature, but at a smaller rate than compressive strength (𝑓𝑐′). They also found that the 

conventional equation of 𝐸𝑐 = 𝑘�𝑓𝑐′ (k = constant) is valid at low temperature if the corresponding 

compressive strength at low temperature is used 

 
   Sloan (2005) showed that stress-strain behaviour of the concrete was highly affected by decrease of 

temperature as well as moisture content, and the concrete failed abruptly at -40 °C as shown in Figure  2.2. 

 
Figure  2.2. Concrete stress-strain change with decreasing temperature (Sloan 2005) 

2.2.2. The Effect of Freeze-Thaw Cycles 

   Another reason for damage of concrete is moisture transfer during freeze-thaw cycles where change of 

volume leads to cracking that may result in structural failure. Studies on environmental effects on 
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reinforced concrete structures determined that damage due to temperature and moisture is initiated when 

the relative humidity (RH) level in concrete reaches a critical level between 50% and 70% (Straube 

2002). 

 
  Green et al. (2006) exposed concrete cylinders to up to 250 freeze-thaw cycles (16 hours of freezing 

at -18 °C and 8 hours of thawing in a water bath at 15 °C) and tested them in axial compression. The 

results showed that the unwrapped cylinders lost most of their strength due to freeze-thaw exposure; 

however, the wrapped ones did not. 

 
   Lee et al. (1988) showed that the compressive strength, Young’s modulus and Poisson’s ratio of the 

specimens which were exposed to 10 or more cyclic temperature changes, from 8 °C to -52 °C in 24 

hours, decreased up to 9%. Bond strength under monotonic load decreased 3% and 9% and under 

reversed cyclic load decreased 29% and 21% after respectively 10 and 30 freezing cycles. This indicates 

that the reduction in bond strength depends on both the number of freezing cycles and type of loading. 

 
   Shang et al. (2008) studied the strength and deformation of plain concrete under triaxial compression 

after 25, 50 and 75 of freeze-thaw cycles. They observed that the tensile strength decreased 60% after 25 

cycles comparing to the uncycled specimens, and the reduction rate decreased with increasing the number 

of cycles. The compressive strength under triaxial compression decreased as the number of freeze-thaw 

cycles increased, but the rate of this reduction was smaller than that under uniaxial compression. The 

reason for this change in behaviour of the plain concrete after freeze-thaw cycles is the formation of the 

new micro cracks and propagation of those cracks that already existed in the concrete. During the thawing 

process (𝑇 > 0 ℃), the level of saturation in pore structures increases by absorbing more water. During 

the freezing process (𝑇 < 0 ℃), the soaked water becomes frozen and the formed ice causes tension in 

the concrete due to volume increase. If the tensile stress exceeds the tensile strength of concrete, 

micro-cracks are formed. With repeating freeze-thaw cycles, more water can penetrate into the existing 
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cracks during thawing causing higher expansion and number of cracks during freezing. The formation of 

the new cracks and propagation of the old ones after freeze-thaw cycles cause a decrease in carrying load 

area. Consequently, the compressive strength of the concrete decreases while the plastic strain increases 

by increasing the damage to the concrete. 

2.3. Reinforcing Steel 

2.3.1. The Effect of Low Temperature 

   Filiatrault and Holleran (2001) found that the increase in strain rate (up to 0.1s-1) and the decrease in 

temperature (down to -40 °C) increased the yield strength and the ultimate strength of reinforcing steels 

by about 20% and 10%, respectively. However, their most important finding was that the ultimate tensile 

strain did not decrease significantly at high strain rate and low temperature. This indicated that under 

monotonic loading the low temperatures did not decrease the ductility of the reinforcement. 

 
  Sloan (2005) found that the modulus of elasticity and ductility of steel reinforcing specimens are not 

considerably affected at low temperatures as shown in Figure  2.3. 

 
Figure  2.3. Stress-strain behaviour of reinforcing steel at various temperatures (Sloan 2005) 

 

2.3.2. Low-cycle Fatigue Behaviour 

   Brown and Kunnath (2004) studied the low cycle fatigue behaviour of reinforcing steel bars with 

different diameters (D), No.6 (D=19.05 mm), No.7 (D=22.23 mm), No.8 (D=25.40 mm) and No.9 

(D=28.65 mm), to determine the low-cycle fatigue failure of the longitudinal reinforcement in potential 
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plastic hinge zones of RC members subjected to seismic loads and to develop a fatigue life relationship to 

characterize the response. The bars were tested under monotonic and cyclic loads, monotonic test with 

uniaxial tensile strain until failure to determine stress-strain properties of the steel, and cyclic test with 

constant strain amplitudes in the range of ±0.015 to ±0.025. This study showed that the bars with larger 

diameters exhibit longer fatigue life at lower strain amplitudes, however, with increasing strains (in the 

plastic range) the trend is reversed and the bars with smaller diameters exhibited longer fatigue life. The 

comparisons of the experimental results with fatigue-life models based on total strain amplitude and 

strain-energy based models showed that strain-energy based models are more reliable than fatigue-life 

based models which could be partly attributed to decrease of energy per cycle with increasing number of 

cycles, especially considering variation in the number of cycles to failure following the initiation of a 

fatigue crack. This study also suggests that, in addition to monotonic characteristics, the low cycle fatigue 

behaviour of reinforcing steel is considered in design of reinforced concrete members subjected to 

dynamic loads. 

2.4. Reinforced Concrete Members 

2.4.1. The Effect of Temperature Variations 

   Studies on environmental effects on reinforced concrete structures showed that temperature variations 

have the highest impact on these structures producing large strains, comparable to loading strains. 

Therefore, temperature is known as the most important environmental effect on concrete structures 

(Peeters and Roeck 2000).  

 
   Tennyson et al. (2001), as ISIS Canada researchers, monitored six bridges in Canada: Beddington Trail 

and Crowchild Trail in Alberta, Salmon River in Nova Scotia, Taylor in Manitoba, Joffre in Quebec and 

Confederation in Prince Edward Island-New Brunswick using FOS systems. They found out that 13 °C 

change in temperature produced large strains, i.e.130 µε to 140 µε, as shown in Figure  2.4, which is 

significant and comparable with strains produced during static tests by truck loading. 
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Figure  2.4. Temperature vs. microstrain in concrete (Tennyson et al. 2001) 

 
   DeRosa et al. (2012) explored the effect of thermal cycling, -20 °C to 20 °C, on the accuracy of FOS 

and DIC, and on the crack widths, stiffness, strength, and short-term creep behaviour of reinforced 

concrete structures. 

 
   Two series of experiments were conducted. The first series involved monitoring crack widths in four 

small-scale concrete beams (75 mm × 75 mm × 500 mm) centrally reinforced with a single 15M steel bar 

as shown in Figure  2.5. These beams were sustained under an axial load of 32 kN to 35 kN (fs = 0.4 fy  

where fs is the stress in the tensile reinforcement that corresponds to the applied load, and fy is the yield 

strength of the reinforcing steel) while exposed to four-week temperature cycles, two beams between 

21 °C and -20 °C and the other two between 7 °C and -7 °C to simulate Canada’s annual and daily 

temperature shifts, respectively. 

 
Figure  2.5. Small-scale specimen (DeRosa 2012) 

 
   The second series of the experiments surveyed the application of FOS and DIC technologies in 

measuring strain in four large-scale concrete beams (200 mm × 400 mm × 4200 mm) reinforced with two 

10M bars at the top and two 20M bars at the bottom. Only two of the large-scale beams were reinforced 

All dimensions are in Millimeters (mm) 
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with 10M stirrups at 175 mm spacing as shear reinforcement. These simply supported beams were tested 

under four-point bending as shown in Figure  2.6. The applied load was increased to 75 kN with load 

stages at 10 kN increments. Once the load had reached 75 kN, the beams were left under 75 kN load for 

48 hours. Two of these loaded beams, one with stirrups and another without stirrups, were left at room 

temperature and the other two beams were left at -20 °C.  

 
  The results of the first series experiments showed that the crack widths in the four small-scale beams 

were reduced 18.0% to 24.0% when load decreased 4.0% to 7.0% and temperature was lowered from 

+21 °C to -20 °C. The crack widths also decreased 7.5% to 9.0% when load reduced 1.5% and 

temperature was lowered from +7 °C to -7 °C, indicating the decrease in the crack width is three times 

more than the load reduction percentage. It was concluded that the decrease in the crack widths was 

mostly because of temperature reduction; however, this change was observed in only four small-scale 

beams when the load and temperature decreased. More tests, preferably on large-scale reinforced concrete 

members must be carried out to explore the behaviour of crack widths at varying temperatures under 

various types of loads.  

 
  The results of the second series experiments showed that the strength of the large-scale beams slightly 

changed while stiffness remained unchanged at low temperatures. The crack widths near the middle of the 

shear span, inside the region of interest, reached 0.17 mm to 0.21 mm close to the bottom of the beam 

under 75 kN load. The crack widening observed in all the beams during the 48-hour constant load period; 

however, the crack widening was less prevalent in beams with stirrups. The cracks in those beams that 

were left at -20 °C under constant load closed up and increased at a lower rate when load increased to 

failure. 
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Figure  2.6. Large-scale beam dimension and instrumentation (DeRosa 2012) 

 
  DeRosa et al. (2012) also found that the yield load and shear strength of the large-scale beams with and 

without shear reinforcement at low temperature increased by 5.0% and 26.0%, respectively. Two reasons 

for this improvement were given: specimen variability or non-opening of the cracks at low temperatures, 

and this study recommended more experiments to clarify the situation and investigate the effect of low 

temperature on the strength of reinforced concrete beams.  

 
  The study also showed that strain errors due to temperature on both FOS and DIC were significant, and 

small out-of-plane-movement (rotation and translation) could cause significant errors in DIC 

measurements. It was concluded that DIC and FOS techniques are capable of providing the values of 

strains and crack widths with a good accuracy if temperature effects on these systems are accounted for. 

However, the results were obtained from few specimens, for that reason, further research was suggested 

to better understand how effective DIC and distributed FOS are at measuring strains and crack widths, 

and to find an applicable fibre strong enough to withstand the strains in reinforced concrete structures.  

 
      Montejo et al. (2008, 2009a, b) studied the effect of low temperature on the seismic behaviour 

(low-cyclic response) of reinforced concrete columns. Fourteen specimens including ten flexural 

dominated and four shear dominated circular columns were tested under reversed cyclic loading at 

+23 °C, -20 °C, -30 °C and -36 °C to -40 °C. The flexural dominated columns comprised six ordinary 

All dimensions are in Millimeters (mm) 
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reinforced concrete columns: four with longitudinal and transverse steel ratios of  𝜌𝑙 = 1%  and  𝜌𝑡 =

1.1%, respectively, two with 𝜌𝑙 = 3.1%  and  𝜌𝑡 = 1.2%; and, four reinforced concrete filled steel tube 

(RCFST) with 𝜌𝑙 = 2.1%  or 3.1% and  𝜌𝑡 = (1.2 + 8.5)% . All the half-scale columns had a cantilever 

length of 1651 mm and diameter of 457 mm. The columns were transversely reinforced using spirals 

spaced at 60-63 mm to ensure a flexural failure. The shear dominated columns consisted of four circular 

reinforced concrete columns with a cantilever length of 762 mm and diameter of 419 mm. Two of the 

shear dominated columns had a 𝜌𝑙 = 2.2%  and  𝜌𝑡 = 0.8%, and the other two had a 𝜌𝑙 = 3.8%  and  

𝜌𝑡 = 0.6% to ensure ductile shear and brittle shear failure, respectively. This research showed that the 

strength of the flexural dominated columns increased by 15% at -40 °C and this increase was 

accompanied by 20% reduction in the displacement capacity of these columns. However, the 

displacement capacity of the ductile shear dominated columns increased at low temperature by 33%. This 

study also demonstrated that the shear strength of the cold ductile and brittle shear dominated columns 

increased by 20% and 32%, respectively. The increase in the shear capacity of the cold columns was at a 

higher rate than the flexural strength since the onset of shear failure was delayed in the cold shear 

dominated specimens even though higher flexural strength at low temperature caused shear demand to 

increase. The initial stiffness (slope of load-deflection curve) and the elastic stiffness (defined as the load 

level required for first yield of the room temperature specimen) of the cold columns increased at low 

temperature. The elastic stiffness of the lightly reinforced flexural dominated specimens (𝜌𝑙 = 1%) 

increased by 40% at -20 °C and 90% at -40 °C, and the elastic stiffness of the heavily reinforced cold 

flexural dominated specimens (𝜌𝑙 = 3.1%) as well as ductile and brittle shear dominated specimens 

increased by 27%, 56% and 35%, respectively. Although the failure of all the lightly reinforced flexural 

dominated columns was due to buckling of the longitudinal reinforcing bars followed by subsequent 

rupture of the bars, bar fracture occurred earlier in the cold (-40 °C) specimen which could be explained 

by the significant reduction in the spread of plasticity of this specimen, and possible decrease of ductility 

in the steel caused by the low temperature and the reversal of the loads. In the case of heavily reinforced 
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flexural dominated columns, the specimens failed as result of buckling of the reinforcing bar; however, 

the failure of the cold specimen was more brittle since it involved the rupture of the spiral at the level that 

the bar buckled.  

 
  Montejo et al. (2008, 2009a, b) noted an increase in strength and effective stiffness as well as decrease in 

ductility and displacement capacity of the reinforced concrete specimens at low temperatures whereas 

Baumert (1995) and DeRosa (2012) reported that the stiffness of the reinforced concrete does not change 

at low temperature. Further study is required to determine how stiffness changes with temperature. 

2.5. Fatigue Behaviour of Strengthened Reinforced Concrete Beam 

   The fatigue behaviour of reinforced concrete beams strengthened with carbon fibre-reinforced polymer 

(CFRP) and glass fibre-reinforced polymer (GFRP) was investigated by performing third-point and 

four-point bending tests on non-strengthened and strengthened simply-supported reinforced concrete 

beams (Barnes and Mays 1999; Papakonstantinou et al. 2001; Heffernan and Erki 2004). These tests 

showed that both the non-strengthened and strengthened RC beams failed primarily due to the fatigue 

failure (rupture) of the steel reinforcement indicating that the fatigue failure of reinforcing steel was the 

major factor, and the fatigue life of all the beams (with and without GFRP or CFRP) was a function of the 

fatigue characteristics of the tensile reinforcing steel and its stress history. However, the presence of 

GFRP and CFRP sheets significantly enhanced the fatigue endurance and fatigue life of the strengthened 

beams due to lowering the stress range in the reinforcing steel. In addition, the investigations suggested 

that the existing fatigue models for reinforcing steel can be used in strengthened reinforced concrete 

beams. 

 
   Ekenel et al. (2006) investigated the effect of fatigue loading on flexural residual capacity of the 

reinforced concrete beams (165 mm × 254 mm × 1956 mm) strengthened with two techniques: a) CFRP 

fabric and pre-cured laminates bonded with epoxy, and b) fibre-reinforced polymer (FRP) pre-cured 

laminates mounted with mechanical fasteners. The beams with a span of 1829 mm were fatigue tested 
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with a loading range of 33% to 63% of their theoretical ultimate flexural capacity for two million cycles. 

The study showed that most of stiffness loss occurred within 500,000 cycles, and the reduction in the 

stiffness at two million cycles was the highest, 22%, in the CFRP pre-cured laminate beam with 

mechanical fasteners while the stiffness loss for the rest of the beams was the same, 15%, at that life. The 

results showed that repeated loading causes the ductility of the beams to decrease by 18% and the 

unstrengthened and strengthened beams failed initially by crushing of the concrete. 

 
   Charalambidi et al (2016a) studied the fatigue behaviour of seven large-scale CFRP strengthened 

reinforced concrete beams with rectangular and T cross-section (web dimensions of 200 mm × 500 mm 

and a length of 3050 mm) that were strengthened with two different FRP techniques: externally bonded 

CFRP laminates and near-surface-mounted laminates. The beams were subjected to either low (20% to 

60% of their design ultimate strength) or high amplitude fatigue loading (20% of their design ultimate 

strength to 80% of the strength corresponding to the nominal yield stress of the longitudinal 

reinforcement). The results showed that the two beams that were subjected to low-amplitude loading 

survived 1.3 and 2 million cycles while four of the five beams that were subjected to high-amplitude 

loading did not reach 1 million cycles, and only one of these beams survived 1.4 million cycles. All of the 

beams subjected to high-amplitude loading primarily failed due to tensile fracture of their steel 

reinforcement. This study showed that the restrictive action of FRP strengthening is more efficient for 

lower ratio of axial rigidity of the tensile reinforcement to CFRP ( 𝑘𝑠 𝑘𝑓⁄  ) and leads to higher fatigue life 

of the strengthened reinforced concrete. 

 
   Charalambidi et al. (2016b) investigated the accuracy of the available fatigue design models and the 

corresponding critical parameters in predicting the fatigue life of FRP strengthen reinforced concrete 

beams. The study showed that the ratio of axial rigidity of the tensile reinforcement to CFRP ( 𝑘𝑠 𝑘𝑓⁄  ) 

remarkably affects the fatigue performance of FRP strengthened beams for the beams with the same stress 

range in their reinforcing steel and the same ratio of the maximum stress in steel to the yield stress. The 
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proposed fatigue design model in this study, which incorporated the two aforementioned ratios as well as 

yield strength of steel, significantly improved the fatigue life prediction of the FRP strengthened 

reinforced concrete beams, with an absolute average error of 25% and average ratio of 0.9, when 

compared to the other existing models.  

 
   Gheorghiu et al. (2007) performed fatigue tests on thirteen small-scale (100 mm × 200 mm × 1215 mm) 

CFRP-strengthened reinforced concrete beams. Seven beams subjected to low-amplitude fatigue loading 

(12% to 28% of their ultimate design load) and six beams were subjected to high-amplitude fatigue 

loading (28% to 61% of their ultimate design load). This study demonstrated that energy dissipation due 

to progressive micro-cracking is the highest in the first cycle, and the rate of increase in deflection as well 

as stiffness degradation become considerably lower after 100,000 cycles. This investigation also showed 

that three of the beams subjected to high-amplitude loading failed before reaching the designed 2 million 

cycles due to premature degradation of the CFRP and concrete interface. 

 
   The study conducted by Ferrier et al. (2011) on the fatigue behaviour of the reinforced concrete beams 

that were strengthened with externally bonded FRP showed that one layer of composite plate could 

increase the service load (corresponding to 1 million cycles) of the strengthened beam for 40%, and 

reduces the beam deflection as well as the strains in the steel and concrete during fatigue loading. None of 

the tested beams in this study experienced premature failure in concrete-composite interface because the 

average shear stress in the adhesive layer remained very low (0.2 MPa). 

 
   Sena-Cruz et al. (2012) investigated the efficiency of three strengthening techniques; Externally Bonded 

Reinforcement (EBR), Near-Surface Mounted (NSM) and Mechanically Fastened (MF-EBR); in 

strengthening reinforced concrete by performing fatigue and static test on two series of the reinforced 

concrete beams; each series included one unstrengthened beam and three strengthened beams using the 

above three different techniques. The results of the static test showed that MF-EBR was the most 
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effective strengthening technique since it increased the load-carrying capacity of the beam about 37%. In 

fact, MF-EBR FRP laminates failed by bearing rather than FRP peeling or concrete cover rip-off that 

happened to EBR and NSM systems, respectively. In addition, the normalized ductility of the beam 

strengthened with MF-EBR system was 46% and 142% higher than the NSM and EBR, respectively. The 

post-fatigue monotonic test showed that the increase in the ultimate load of NSM, MF-EBR and EBR 

beams were respectively 101%, 84% and 43% when compared to the peak load of the control beam. In 

the fatigue tests, the normalized deflection capacity of NSM, MF-EBR and EBR beams were 6.7, 3.5 and 

2.4, respectively.  

2.5.1. Fatigue Behaviour of Prestressed Beam at Low Temperature 

   Saeidi et al. (2011) studied the combined effect of cyclic loading and low temperature on seven 4.4 m 

prestressed beams. Five beams were prestressed to various levels with the CFRP rods and two beams with 

conventional steel strands. All the beams had a history of sustained loading; four beams at room 

temperature and three beams at low temperature. Four beams were subjected to high-cycle fatigue 

loading; two at room temperature and the other two at low temperature. Cyclic loading consisted of three 

million cycles of flexural loading between 30 kN and 60 kN at a frequency of 0.85 Hz. This load range 

represented 21% to 42% of the experimental flexural capacity for the CFRP-prestressed beams and 30% 

to 60% of that for the steel-prestressed beam. One steel-prestressed beam failed in fatigue at low 

temperature after 185,000 cycles. The rest of the beams survived the fatigue test, and were monotonically 

loaded to failure at the same temperature that they were fatigue tested. The results suggested that the 

cyclic loading could weaken CFRP-concrete bond at both room and low temperature. The beams tested at 

low temperature showed initial slip (partial failure) in the range of 69% to 73% of flexural capacity of the 

beams. This phenomenon is thought to be linked to exposure to low temperature more than cyclic loading. 

The tests also showed that the stiffness of CFRP-prestressed beams decreased slightly throughout cyclic 

loading. 



27 
 
 

2.6. Structural Health Monitoring (SHM) 

   Durability of civil infrastructures is a critical issue highly affecting public safety (Henault et al. 2011). 

For instance, many of concrete bridges that were built in the past few decades are deteriorated or 

approaching the end of their design life. As a result, the construction sector is confronting crucial 

concerns, i.e. optimizing maintenance strategies, extending civil infrastructure service lives, and above 

all, assuring public safety (Casas and Cruz 2003; Henault et al. 2011). These concerns have highlighted 

the necessity of developing long-term structural health monitoring (SHM) systems to identify structural 

deterioration and prevent costly repair and catastrophic failures. 

 
   Structural health monitoring (SHM) refers to in situ sensing, data acquisition and classification in order 

to evaluate the state of a structure by comparing the measured data with a baseline representing 

undamaged and healthy state of the structure (Flynn and Todd 2010). Deflection, strains, cracking of the 

concrete, and corrosion of the reinforcement are the main parameters showing the state of a concrete 

bridge (Casas and Cruz 2003). Recent advancements in SHM technologies enable inspectors to perform 

real-time diagnosis to determine the level of deterioration, and take initial steps to switch from 

schedule-based to condition-based assessment (Carden and Broenjohn 2008). Fibre optic strain 

measurement (FOS) and digital image-based strain monitoring (DISM), commonly known as digital 

image correlation (DIC) or particle image velocimetry (PIV), are two progressive SHM techniques 

replacing conventional sensors. 

2.7. Fibre Optic Sensing (FOS) 

   Application of fibre optic sensing / sensors (FOS) technology in civil engineering is developing rapidly. 

FOS involves using optical fibre sensors for strain and temperature measurements (Bao et al. 2009). FOS 

systems can provide profile, long-term condition and detailed structural data of new or rehabilitated 

structures. These fibres are very efficient for SHM applications due to their high durability, small size, 

strong immunity to electromagnetic interference, very low signal transmission loss, embedding flexibility, 

inside or outside the structural members (especially concrete) distributed measurement and easy coupling 
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with telecommunication systems for remote structural monitoring. However, FOS systems need careful 

installation and expensive equipment to analyse the measurements. They are highly susceptible to damage 

during or after installation (Tennyson et al. 2001; Casas and Cruz 2003). 

 
   An optical fibre is a flexible strand of dielectric material that can measure the change in the physical 

properties of the guided light (Casas and Cruz 2003). A pulse of light sent through the optical fibre and 

the echo of the backscattered light, is analyzed. The important spectral components of the backscattered 

light from the strongest to the weakest are: Rayleigh, Brillouin and Raman peaks shown in Figure  2.7 

(Bao et al. 2009). Rayleigh and Brillouin effects are both temperature and strain sensitive while Raman 

effect is only temperature sensitive (Henault 2011). 

 

Figure  2.7. The important spectral components of the backscattered light: Rayleigh, Brillouin and Raman 
peaks  (Guemes et al. 2010) 

    
   Optical time domain reflectometry (OTDR), optical frequency domain reflectometry (OFDR), Brillouin 

optical time domain reflectometry (BOTDR) and Brillouin optical time-domain analysis (BOTDA) are 

the techniques that are usually used to measure these spectral components and convert them into strain 

and temperature. Brillouin-based and OFDR techniques are more accurate and less sensitive than OTDR 

techniques since they measure frequency rather than intensity (Casas and Cruz 2003; Guemes 2010; 

Henault et al. 2011; DeRosa 2012). In this research, OFDR technique will be used to measure strain and 

temperature sensed by the fibres. 
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2.7.1. Distributed FOS System (DFOS) 

   There are four main types of optical fibre sensors: point sensor, long-gauge sensor, quasi-distributed 

sensor and distributed sensor (Bao et al. 2009). Distributed optical fibre sensing systems (DOFS) have 

been commercialized recently providing strain and temperature measurements along the full length of the 

fibre with the spatial resolution of 0.1 m to 1.0 m and accuracy of 1% over 10 m to 100 km. These 

properties of the distributed fibres make them ideal for monitoring concrete structures where the location 

of the cracks is not predictable (Thakur et al. 2011). 

 
   To perform a distributed measurement using OFDR technique, the unperturbed (reference) Rayleigh 

scatters of the fibre are compared to the perturbed scatters. Data sets are broken into intervals along the 

fibre then Fourier transformed into optical frequency domain. For each interval along the fibre, a 

cross-correlation is performed to determine the spectral shifts (shift in the correlation peak). A distributed 

measurement is obtained by compiling the spectral shifts for each interval along the fibre. The 

relationship between the spectral shift and the change in strain and temperature is given by Eq.2.5: 

∆𝑣𝑣𝑣=  𝐶𝜀𝑣𝑣𝜀𝑣𝑣 +  𝐶𝑇𝑣𝑣Δ𝑇𝑣𝑣   (2.5) 

where ∆𝑣𝑣𝑣 is the spectral shift, 𝜀𝑣𝑣 the fibre strain, Δ𝑇𝑣𝑣 the fibre temperature change, and 𝐶𝜀𝑣𝑣 and 

𝐶𝑇𝑣𝑣 are the calibration constants (Henault 2011). 

2.7.2. Polarization-maintaining (PM) fibres 

   Polarization Maintaining (PM) or Hi-Bi fibres are the optical fibres that preserve the polarization state 

of the light that is launched into it, even when subjected to environmental perturbations. PM sensors plays 

an important role in SHM due to their negligible level of temperature-strain cross sensitivity which is 

critical for structures experiencing wide temperature variations. The cross-section of the three main types 

of PM fibres, Bow-Tie, Panda and Elliptical Jacket fibres are shown in Figure  2.8. Bow-tie is mostly used 

in sensor applications (Méndez and Morse 2007; Thakur et al. 2011) 
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Figure  2.8. The cross section of PM fibres – fast and slow axes shown (Méndez and Morse 2007) 

    PM fibres are engineered in such a way that the two, orthogonally-polarized modes are forced to travel 

at different velocities with different propagation constants. When the polarized light is launched along the 

‘Slow Axis’, it is forced to travel at a lower velocity than if it had been launched along the ‘Fast Axis’ and 

vice-versa. This property prevents optical energy to cross-couple, with the result that the polarization state 

of the transmitted light is preserved (Méndez and Morse 2007). 

2.7.3. Temperature Compensation 

   Studies showed that SHM systems, i.e. DIC and FOS techniques, are significantly affected by 

temperature (Tennyson et al. 2001; DeRosa 2012; Ma et al. 2012). These effects must be isolated in order 

to determine the true behaviour of the structures. One of the most significant limitations of FOS systems 

is their dual sensitivity to temperature and strain. Temperature variations along the fibre lead to incorrect 

strain readings. The problem is not separating the strain into two components, one due to loading and the 

other one due to temperature variations. The problem is that part of the shift in the wavelength is caused 

by the strain in the structure due to load and thermal components together and the other part is caused by 

the change of the optical properties of the fibre due to temperature variations. The former shift gives 

information about the measurand due to strain while the latter shift causes an error in the value of the 

measurand. To address this issue, one approach is using reference fibres that are free from any local strain 

but in thermal contact with the structure. In order to compensate, the shift of the reference fibres is 

subtracted from the shift of the sensing fibres. Another approach is measuring the temperature at the same 

point where the sensor is located to obtain a temperature-shift curve and correct the measurand 

wavelength shift (Thakur et al. 2011). 
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   In this research a commercial sensing and measuring system manufactured by Luna Innovations 

Incorporated will be used. This system uses OFDR technique for strain and temperature measurements. 

2.8. Digital Image Correlation (DIC) 

   Digital image correlation (DIC) or particle image velocimetry (PIV) is a photomechanical technique 

widely used for deformation measurements in various fields. The typical examples of the desired 

information that could be found using this method are global and relative displacement and strain 

variations in structural assessment and full-field vector displacements of small-scale landslides in 

geotechnical research. The resolution of DIC is about 0.01 pixels for displacement measurement and 

40-50 𝜇𝜀 for strain measurement (Dutton 2012). 

 
   DIC method compares a series of deformed images with a reference image. This technique has two 

stages: recording successive images during the experiment and post-processing the images afterwards 

using a software package to find the desired information. The reference image is divided into a grid of 

square subsets, typically 20 × 20 or 30 × 30 pixels, which are identified by their unique pixel intensity 

variation as a signature. To find the displacement vector, a search is performed by the code in a specified 

zone of the deformed image to find the subset with maximum similarity in intensity pattern to the subset’s 

signature in the reference (undeformed) image. In simple terms, a subset from the undeformed image is 

chosen and its location is then found in the deformed image. The difference between the subset location in 

the reference and deformed image is the displacement vector of the subset’s centre measured in pixel (Pan 

et al. 2009).  

 
   DIC method has several advantages and disadvantages. The main advantages of this technique are no 

requirement to know the accurate location of the cracks, provision of direct two-dimensional 

displacement or strain field for the surface under investigation and simple experimental setup. However, 

the disadvantages of DIC are the dependence of measurement accuracy on the specimen’s texture, subset 
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size, the quality of the artificial pattern, etc. (Jahne 2004; Lecompte and Vantomme 2006; Yaofeng and 

Pang 2007; Fazzini et al. 2010). 

 
   DIC measurements are significantly affected by the errors. Therefore, realizing the sources of the errors 

and estimating the errors is of paramount importance to improve the accuracy of the measurements. The 

errors can be classified into two categories: the errors related to measuring devices, working environment, 

loading, and imaging; and the errors related to the correlation algorithm. The sources of the first category 

of the errors are speckle pattern, out-of-plane displacement, lens distortion, lighting and noises during 

image acquisition and digitization. Subset size, correlation function, interpolation scheme, sub-pixel 

algorithm and shape function are the sources of the second category of the errors (Haddadi and Belhabib 

2008; Pan et al. 2009). The measurement errors in DIC, including the errors from image noise, 

illumination fluctuations, lens distortion, algorithms and imaging geometry have been extensively 

discussed in the literature, however, the errors due to thermal effects have been rarely studied. 

 
   Recently, Ma et al. (2012) studied the systematic error in DIC due to self-heating of the camera. They 

captured the images of a metal textured board at room temperature (20 ºC) to measure the induced error in 

DIC due to camera self-heating. Thermocouple sensors were bonded to the board, the lens and the camera 

to measure the temperature of each. This study showed that the temperature of the board remained 

unchanged during the experiment, while the temperature of the camera increased more than 10 °C in the 

first 1.5 hours of the experiment, due to camera self-heating as shown in Figure  2.9. 
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Figure  2.9. Temperature variations of charged-coupled device (CCD), board and lens in 5-hour image 
capture (Ma et al. 2012) 

 

   DIC analysis showed that the displacement field at 30 min and 90 min, during temperature increase, 

were translated and tensioned, and the strain at 90 min is larger than at 30 min. The translation and strain 

can only be due to errors induced by temperature (Ma et al. 2012).  

 
   Ma et al. (2012) also performed the same experiment using six cameras of four different types. It was 

noted that the smaller cameras need less time to reach heat balance stage. Total average strain error varied 

from 70 𝜇𝜀 to 230 𝜇𝜀 in different cameras and temperature increase was from 9.0 °C to 13.5 °C. Table  2.1 

shows strain error and temperature variation captured for each type of camera. 

Table  2.1. Parameters describing systematic strain error due to camera self-heating (Ma et al. 2012) 

Camera 
Temperature 

Variation  
(◦ C) 

Time needed 
for Heat 
Balance  

(h) 

Total 
Average 

Error 
(με) 

Average strain 
increase 

 strain error rate 
 (με / °C) 

IPX-16M3-L-1 12.1 1.5 170 14 
IPX-16M3-L-2 11.9 1.5 177 14.9 

Point Grey-1 12 0.6 227 18.9 

Point Grey-2 11.1 0.6 221 19.9 

Basler A641f 13.5 1 121 9 

DH-V1300FM 9 1 74 8.2 
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  This study also indicates that environmental temperature changes could induce the systematic strain 

error and suggest DIC results performed in the environments with temperature variations must be 

corrected (Ma et al. 2012). 

 
  Ma et al. (2012) and DeRosa et al. (2012) both found out that each camera setup behaved uniquely to 

temperature changes, and showed that the temperature changes in the camera can cause large strain errors 

comparable to the strains caused by loading. These studies also indicated that environmental temperature 

changes could induce the systematic strain errors, and suggested that the DIC measurements must be 

corrected for temperature. Further study is necessary to correlate temperature-related errors in DIC strain 

measurements with temperature changes. In addition, lens distortion, out-of-plane-movement, the 

optimum distance between camera lens and surface of interest, and optimum gauge length are the other 

issues that have not been studied adequately, and will make DIC technique an effective monitoring tool if 

investigated and quantified. 

 
   The preceding literature review showed that most of the past research has been conducted on steel and 

concrete materials at low temperatures, and limited research is available on the static behaviour of 

reinforced concrete members subjected to low temperatures. Some of the important findings are that 

concrete and steel increase in strength at low temperatures. These increases in strength could have the 

impact of increasing the moment capacity of structural members and thereby possibly increasing the shear 

demand. Several studies (Filiatrault and Holleran 2001; Saeidi et al. 2011; DeRosa 2012) recommended 

further research for better understanding of the static behaviour of reinforced concrete members at low 

temperatures. 

 
  To the author’s best knowledge, the effect of cyclic loading and low temperature on the reinforced 

concrete has not been investigated, and past research mostly focused on the effect of strengthening with 

CFRP and GFRP on the fatigue performance of reinforced concrete as well as fatigue behaviour of 
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reinforcing steel at room temperature (Brown and Kunnath 2004; Ekenel et al. 2006; Apostolopoulos and 

Papadopoulos 2007; Gheorghiu et al. 2007; Sena-Cruz et al. 2012; Soltani et al. 2012; Charalambidi et al. 

2016a,b). 

 
   Only one study found in the literature that investigated the fatigue behaviour of prestressed concrete at 

low temperature (Saeidi et al. 2011) through testing seven prestressed reinforced concrete beams with 

steel strands or CFRP rods. Considering the significant effect of low temperature on the properties of 

reinforcing steel and concrete (Lee and Chang 1988; Sloan 2005; Green et al. 2006; Montejo et al. 2008; 

Shoukry et al. 2011) and lack of research on the fatigue behaviour of reinforced concrete at low 

temperature, further research is needed to determine the fatigue behaviour of the reinforced concrete 

members at low temperature. 

 
 
   The previous literature review also showed that the effect of temperature on the FOS and DIC 

measurements has been scarcely studied, and there is still some uncertainty in the measurements 

performed by these techniques when they are exposed to temperature variations. Therefore, the effect of 

the temperature variations on DIC and FOS techniques as well as the performance and accuracy of these 

two techniques in measuring the deformations on reinforced concrete members must be investigated and 

temperature-related errors must be quantified. 
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Chapter 3. Effects of Low Temperature on the Static Behaviour of Reinforced 

Concrete Beams with Temperature Differentials 

3.1. Introduction 

   Bridges are the vital links of surface transportation throughout the world. For instance, over 55 million 

cars and 10 million trucks crossed the Canada-U.S. border in 2011 (Transport Canada 2011). A large 

number of these cars and trucks passed over bridges to reach their destination. However, Canada’s 

highway bridges, on average, have passed almost 60 % of their useful life since they were built in the 

1960s and 1970s (Gagnon et al. 2008) Inspecting Quebec’s bridges after the collapse of the Viaduc de la 

Concorde in 2006 in Laval, revealed that 135 bridges in the province posed a potential safety concern 

serving as a warning that a high number of the nation’s bridges could be in a similar condition (O’Reillly 

2007). In the United States, 25 % of the nation’s 607,380 bridges are classified as structurally deficient or 

functionally obsolete. In spite of the condition of these bridges, approximately 210 million daily trips in 

the U.S. are taken across them (ASCE 2013). 

 
   Bridges experience a number of deterioration mechanisms during their service life, predominantly 

caused by environmental conditions and traffic volume. Many concrete bridges are located in cold regions 

with prolonged freezing seasons, e.g. Canada and northern U.S. As these structures approach the end of 

their service life, and need to be repaired, retrofitted or even destroyed and reconstructed, the importance 

of research on structures in cold regions is increasing. 

 
   Much research has been conducted on the effects of extreme environmental conditions, i.e. temperature, 

moisture, etc., on curing and pouring, behaviour and mechanical properties of concrete as well as on the 

behaviour and mechanical properties of reinforcing steel. In fact, most of the past research focused on the 

material level (Lee et al. 1988; Korhonen and Sherri 2001; Korhonen 2006; Shoukry et al. 2011) rather 

than on structural behaviour of reinforced concrete members. Limited research is available describing the 

structural response of reinforced concrete members subjected to various types of loading conditions at 

low temperature (Montejo et al. 2008, Montejo et al. 2009a and b; Montejo et al. 2010; DeRosa 2012). 
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   Montejo et al. (2009a, 2009b, 2010) studied the effect of low temperature on the seismic behaviour of 

reinforced concrete columns. Ten specimens including six flexural dominated and four shear dominated 

circular columns were tested under reversed cyclic loading at +22 °C and -36 °C, respectively. The 

flexural dominated columns comprised two ordinary reinforced concrete and four reinforced concrete 

filled steel tube (RCFST) with a cantilever length of 1651 mm and diameter of 457 mm. The columns 

were transversely reinforced using spirals spaced at 60 mm to ensure a flexural failure. The shear 

dominated columns consisted of four circular reinforced concrete columns with a cantilever length of 

762 mm and diameter of 419 mm. The longitudinal and transverse reinforcements were designed to 

ensure either ductile or brittle shear failure. The ductile shear design consisted of eight No.7 (D=22 mm) 

bars and a No.3 (D=10 mm) spiral spaced at 102 mm, and the brittle shear design consisted of eight No.9 

(D=29 mm) bars and a No.3 (D=10 mm) spiral spaced at 145 mm. This research showed that, at low 

temperature, the strength of the flexural dominated columns increased by 16%, and this increase was 

accompanied by a reduction in the displacement capacity of these columns. However, the displacement 

capacity of the shear dominated columns increased at low temperature. This study also demonstrated that 

the shear strength of the cold ductile and brittle shear dominated columns respectively increased by 20% 

and 32%, and the increase in the shear capacity of the cold columns was at a higher rate than the flexural 

strength since the onset of shear failure delayed in the cold shear dominated specimens even though 

higher flexural strength at low temperature caused shear demand to increase.  The elastic stiffness 

(defined as the load level required for first yield of the room temperature specimen) of the cold flexural 

dominated specimens as well as ductile and brittle shear dominated specimens increased by 27%, 56% 

and 35%, respectively, and initial stiffness (slope of load-deflection curve) of the cold columns increased 

at low temperature as well. 

 
   DeRosa et al. (2012) studied the static behaviour of large-scale reinforced concrete beams at -20 °C and 

room temperature. Two beams were loaded and tested at room temperature while the other two beams 
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were exposed to a temperature of -20 °C during the sustained and the following loading stages. The 

results of that study suggested that the cracks that formed in the two beams that were exposed to -20 °C 

temperature conditions closed up after the 48-hour constant load period, and that the percentage increases 

in crack widths close to the failure load were smaller than those in similar beams tested at room 

temperature. In addition, the failure load for the beam tested at -20 °C was approximately 20 % higher 

than its counterpart at room temperature. This study concluded that temperature had an impact on crack 

widths at ultimate loads, and that cracks in reinforced concrete specimens decreased in size at lower 

temperatures, which could potentially increase the overall shear capacity of the member during colder 

times of the year. 

 
   This chapter presents an investigation of the effect of low temperature on the static behaviour of 

reinforced concrete beams. The results of static tests on four large-scale beams with temperature gradients 

that have a loading history of 48-hour sustained load and 10 load cycles at room temperature and 

at -25 °C are discussed in this chapter. It should be noted that the reinforcements and the dimensions of 

the beams used in this study were as same as the beams tested by DeRosa et al. (2012); however, these 

beams had a temperature differential over their depth, and their material properties as well as the testing 

condition were different, i.e. higher incremental and sustained load, the higher number of load cycles, 

and -25 °C constant ambient temperature from the first stage of the low temperature tests. This study is of 

particular importance to cold regions with prolonged freezing seasons since it helps to better understand 

the structural behaviour of concrete members subjected to low temperatures. 

3.2. Experimental Program 

3.2.1. Material Tests 

3.2.1.1. Concrete Cylinder Test 
   To determine the compressive and tensile strength of the concrete, concrete cylinders were cast together 

with the beams. The concrete mix included a maximum aggregate size of 10 mm, 7 % air entrainment and 

200 mm slump (with super plasticizer). Three compressive and three splitting tensile tests were conducted 
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on concrete cylinders (150 mm × 300 mm) that had attained their minimum specified 28-day strength. 

The compressive and splitting tensile tests were performed in accordance with American Society for 

Testing and Materials (ASTM) C39M-12a and C496M-11, respectively. 

   The mean compressive and splitting tensile strengths (28-day) of the concrete from the cylinder tests 

were 43±0.5 MPa and 3.6±0.3 MPa, respectively. The mean compressive strengths of the concrete at the 

time of the static tests are shown in Table  3.1. 

Table  3.1. Compressive strength of the concrete 

Beam Description Beam ID Compressive Strength (MPa) Age (day) 

No Shear Reinf. - Room Temp. Test NSR 47±1.2 115 

With Shear Reinf. - Room Temp. Test WSR 43±0.8 130 

No Shear Reinf. - Low Temp. Test NSL 45±2.6 255 

With Shear Reinf. - Low Temp. Test WSL 42±1.6 288 

 ±: standard deviation 

3.2.1.2. Deformed Bar Tensile Test 
   Hot rolled bars, 10M (11.3 mm diameter) and 20M (19.5 mm diameter), from a single batch of 400 

Grade steel (HR G30.18 400W) were used in the beams as compression, shear and tension reinforcement. 

Samples of the 10M and 20M bars from the same batch were cut and tested in tension. In total, six tensile 

tests were conducted on the deformed steel bars, three tests on 10M bars and three tests on 20M bars in 

accordance with ASTM A370-12a and A615M-12. The uniaxial tensile tests on the 10M bars resulted in 

mean yield and mean ultimate strengths of 481 MPa and 669 MPa, respectively. Similarly, for 20M bars, 

mean yield and mean ultimate strengths were 421 MPa and 531 MPa, respectively. 

3.2.2. Beam Tests 

   Four reinforced concrete beams, 200 mm × 400 mm × 4200 mm were constructed with two 20M bar 

(300 mm2) and two 10M bar (100 mm2) as tension and compression reinforcement, respectively. 

Figure  3.1 shows the cross-section and details of the internal reinforcement of NSR and NSL beams on 

the left as well as WSR and WSL beams on the right. The WS and NS designations stand for With Shear 

reinforcement and No Shear reinforcement, and R and L stands for the temperatures at which the beams 
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were tested, R for room temperature (+15 °C) and L for low temperature (-25 °C). Shear reinforcement 

was provided for two beams (WSR and WSL) using 10M stirrups at 175 mm spacing. The other two 

beams (NSR and NSL) had no shear reinforcement, although individual 10M stirrups were provided at the 

centre and ends of the beams for constructability purposes. 

 
Figure  3.1. The cross-sections of the beams without stirrups (left) and with stirrups (right) 

 
   Figure  3.2 shows the reinforcement and internal instrumentation details as well as test configuration of 

the beams. Prior to casting the beams, 5 mm electric resistance strain gauges and type T thermocouples 

were attached to the reinforcing steel. The WSR and WSL beams had ten strain gauges: three on the 

tensile reinforcement, three on the compressive reinforcement and four on the stirrups in the middle of the 

shear spans. The beams without stirrups only had the first six strain gauges on their tensile and 

compressive reinforcements. All of the beams were instrumented with nine type T thermocouples, at 

midspan and near the ends at three levels. 
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Figure  3.2. Test configuration and internal reinforcement and instrumentation 

   To simulate solar radiation, heating pads and insulation were placed on the top surface of the beams 

prior to the start of each test to create a temperature gradient over the depth of the beams during the tests. 

The averages of the temperatures, read by the thermocouples, at three levels of the beams at the time of 

testing are shown in Figure  3.3. 

 
Figure  3.3. Thermal gradient over the depth of the beams during the tests 

 
   Two of the simply-supported beams were tested at +15 °C using an electric 900 kN Riehle testing 

machine and the other two beams were tested using a 500 kN servo-hydraulic actuator in a cold room 

equipped with a refrigeration system able to maintain a constant room temperature at -25 ± 2 °C. To 

protect the beams and ensure safe operation, the actuators were operated under stroke control at a rate of 
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1 mm/min during all of the tests. The contact points were supported with rollers to ensure that the load 

was applied evenly during testing. 

 
   All of the beams were tested using a four-point bending setup with a span of 3.4 m and a constant 

moment zone of 1.0 m as shown in Figure  3.2 and described in Table  3.2. Each test consisted of four 

stages performed over a three-day period. In the first stage, the beams were loaded to a service load of 

90 kN in 10 kN increments, providing a shear force of 45 kN. This load was sustained for a period of 

48 hours during the second stage. The third stage consisted of cycling the total applied load between 

50 kN and 90 kN for 10 cycles, representing variations in service load. Finally, in the fourth stage, the 

beams were incrementally loaded up from 90 kN to failure. 

 
   Load values were measured by the built-in load cells of the electric and hydraulic rams, and deflection 

values were measured by linear potentiometers (LP) placed at midspan. Four additional LPs were placed 

in the middle of the shear spans on opposite sides of the beams to monitor possible out-of-plane rotation 

of the beams. It should be noted that during the second stage (48-hour sustained load) of testing NSR and 

WSR beams with the electric testing machine (Riehle), the load dropped to 87- 88 kN several times since 

the actuator was under stroke control. However, to maintain these two beams under the desired sustained 

load, the displacement (stroke) was frequently adjusted to raise back the load to 90 kN. 

Table  3.2. Testing Program 

Beam Description Beam ID 
Load (kN) 

Exposure 
Static Sustained 

48-hour 
Cyclic  

(10 cycles) Final Static 

No Shear Reinf. Room Temp. NSR 0-90 90 90-50-90 90 up to failure +15 °C 

No Shear Reinf. Low Temp. NSL 0-90 90 90-50-90 90 up to failure -25 °C 

With Shear Reinf. Room Temp. WSR 0-90 90 90-50-90 90 up to failure +15 °C 

With Shear Reinf. Low Temp. WSL 0-90 90 90-50-90 90 up to failure -25 °C 
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3.3. Measurement of crack widths using DIC 

   Digital image correlation (DIC) or particle image velocimetry (PIV) is a photomechanical technique 

widely used for deformation measurements in various fields. Typical examples of the desired information 

that could be found using this method include global and relative displacement and strain variations in 

structural assessment and full-field vector displacements of small-scale landslides in geotechnical 

research (Ma et al. 2012; Dutton 2012). 

 
   The two-dimensional DIC method compares a series of digital images of a deformed object to a digital 

image of the same object before deformation (reference image). This technique has two stages: recording 

successive images during the experiment and post-processing the images afterwards using a software 

package to find the desired information. In the post-processing stage, square subsets or patches are 

selected from the reference image. To find the displacement vector, a search is performed by the code in a 

user-specified zone of the deformed image to find the subset with maximum similarity in intensity pattern 

to the subset’s signature in the reference image. The difference between the subset location in the 

reference and post-deformation images is the displacement vector of the subset’s centre measured in 

pixels (Dutton 2012). In this way, a two-dimensional displacement or strain field is created. 

 
   For this research, a program called geoPIV developed by White et al. (2003) specifically for monitoring 

deformations of solids was used. This program was previously used to measure cracks widths in concrete 

(DeRosa 2012), curvature of steel and reinforced concrete specimens (Dutton 2012), strains and cracks in 

kaolin clay beams (Thusyandan 2007), strains in concrete cylinders confined by fibre reinforced polymer 

(FRP) sheets (Bisby et al. 2007) and strains in a steel plate under tension to quantify the experimental 

accuracy of geoPIV (Hoult et al. 2013). 

 
   Prior to each test, two digital cameras (Canon EOS Rebel T2i) on tripods were placed at the opposite 

sides of the beam at the same distance from the beam focusing the central region of one of the shear spans 

as shown in Figure  3.2. This region was chosen to monitor the shear cracks during the different stages of 
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the each test. The digital camera itself is affected by the temperature variations (DeRosa 2012, Ma 2012); 

therefore, two calibration tests were performed to investigate the effect of low temperature on the cameras 

and compensate for temperature-induced errors in measurements. Fluctuations in lighting conditions and 

the quality of the camera affect measurement resolution. Digital cameras cannot reproduce the same 

intensity values of a stationary scene perfectly between multiple exposures, and a slight jitter exists 

between sequential images (Luo et al. 2001). To minimize camera jitter and lighting impacts on the 

measurements, averaging of images has been suggested (Hoult et al. 2013). Five to ten consecutive 

images were taken at each load stage, then the consecutive images were averaged together using 

MATLAB to form a single average image at each load step. 

   In order to measure crack widths, a MATLAB function (Dutton 2012) linked to geoPIV, was used to 

place columns of patches (64 × 64 pixels in size) on either side of the crack in a direction perpendicular to 

the crack plane as shown in Figure  3.4. The two columns of patches act as a ‘virtual strain gauge’ with a 

300-pixel gauge length. To measure variations of crack widths along the crack plane, the images of the 

cracked beam are usually compared to the reference image. However, in this research, in order to reduce 

error in the measurements, the images were compared to the corresponding image from the previous load 

stage and then the readings were added up. 

3.4. DIC Calibration 

   Ma et al. (2012) demonstrated that errors are induced in DIC strain measurements due to camera 

self-heating, and reported total average strain errors ranging from 70 𝜇𝜀 to 230 𝜇𝜀 in six different cameras 

when the ambient temperature changed by approximately 5 °C. To investigate the effect of temperature 

on the digital cameras used in this study, and to compensate the DIC results for temperature, the response 

of each DIC camera system at various temperatures was determined using a calibration test. 

 
  The two Canon T2i cameras that were used in the beam tests were placed in the cold room and were 

focused on an unrestrained steel plate instrumented with two strain gauges and one thermocouple. A 
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reference image was taken at +21 °C, after which the camera timers were set to take photos every two 

hours while the room temperature was gradually lowered to -25 °C.  The room remained at -25 °C for 48 

hours and then the temperature was gradually raised back to +24 °C. To determine the strain error (the 

strain induced into the camera systems due to varying temperature), the strain gauge readings were 

subtracted from the strains calculated by the DIC method. The calibration test results showed that 

temperature variations largely impacted strain measurements using the DIC method and resulted in strain 

errors as high as approximately 2000 µε over a temperature range of 45 °C, or up to 43 µε/ °C. However, 

the effect of thermal errors was negligible when the DIC method was used for measuring crack widths 

due to the magnitude of the deformations involved; the calibration test showed that the ratio of the camera 

system strain errors to the crack widths was approximately 0.2 % to 0.3 %. 

 
 

Figure  3.4. Patches placed parallel to the crack to measure the widths of the crack on NSR beam  

 

3.5. Experimental Results and Discussion 

3.5.1. Cracking Pattern and Distribution 

   To better understand the effect of low temperature on the cracking behaviour of reinforced concrete, the 

beams were visually inspected after each load increment. The cracking behaviour of the beams is 
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summarized in Table  3.3 and Table  3.4, and the crack patterns at failure are shown in Figure  3.5. As 

expected, flexural cracks occurred in the centre of the beam and inclined shear cracks outside of the pure 

bending zone. As the load increased to failure, new inclined cracks also initiated near the supports. 

3.5.1.1. Stage 1: Step loading 
   The first three cracks were observed in the flexural span of NSR beam at an applied load of 40 kN with 

an average depth and spacing of 126 mm and 168 mm, respectively. Similarly, the first flexural crack in 

WSR beam was observed at a load of 30 kN, and a total of six cracks were observed at 40 kN with an 

average depth and spacing of 169 mm and 163 mm, respectively. These cracks propagated further as the 

load was increased and additional cracks were formed along the beam up to a load of 70 kN.  No 

additional cracking was observed up to the maximum applied load of 90 kN. Meanwhile, the first cracks 

in the flexural span of NSL and WSL beams were observed at loads of 60 kN and 50 kN, respectively, 

and no new crack was observed at each load increment up to the maximum applied load of 90 kN. 

   At a load of 70 kN, only two cracks with an average depth of 134 mm had initiated in one shear span of 

the WSL beam while a total of seven shear cracks were observed in the shear spans of the WSR beam 

with an average depth of 169 mm. Increasing the load to 90 kN caused the cracks to propagate in both the 

shear spans and constant moment region of WSR beam, although it had almost no effect on the 

propagation of WSL beam cracks. Three additional shear cracks with an average depth of 153 mm were 

initiated in the shear spans of WSL beam and only one crack with a depth of 174 mm developed in the 

constant moment region of this beam. No crack initiated either in the constant moment region or shear 

spans of WSR beam when load increased to 90 kN. 

3.5.1.2. Stage 2: Sustained load 
   Following the initial step loading stage, the applied load of 90 kN was sustained for 48 hours.  This 

sustained loading had a negligible effect on the propagation of the NSR and NSL beam flexural cracks, 

although the number and the average depth of the shear cracks increased slightly as listed in Table  3.3 and 
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Table  3.4. Overall, the average depth of the cracks remained similar in the NSR and NSL beams, although 

new cracks formed in the NSR beam, resulting in a decrease in the average crack spacing of this beam. 

The sustained loading also had little effect on the propagation of cracks in the WSL and WSR beams, 

although one new crack was observed in the shear span of the WSR beam. After this loading stage, the 

average crack depth in the WSL beam was 11 % lower than the WSR beam. 

3.5.1.3. Stage 3: Cyclic loading 
   The third loading stage consisted of 10 load cycles from 50 kN to 90 kN applied in 10 kN increments.  

These loading cycles resulted in noticeable propagation of the shear cracks in NSR beam and caused one 

new shear crack to initiate in each of three of the four beams, namely NSR, NSL and WSR. Other than 

this, the cyclic loading had no noticeable effect on beam cracking. Comparing the cracking behaviour of 

the beams at room and low temperature shows that the effect of low temperature on crack spacing was not 

significant; however, low temperature delayed the initiation and propagation of the cracks at service load. 

The effect of sustained load and 10 load cycles on the propagation of the flexural cracks was negligible, 

although they resulted in the formation of additional shear cracks. 

 
Table  3.3. Comparison of the spacing and depth of the cracks 

Test Stages 
Average overall crack spacing 

(mm) 
Average overall crack depth 

(mm) 

NSR NSL WSR WSL NSR NSL WSR WSL 
30-40 kN 168 no crack 163 no crack 126 no crack 169 no crack 
50-70 kN 168 172 168 169 202 181 196 176 
70-90 kN 168 180 168 170 215 207 231 175 

48-hr sustained 163 177 167 170 200 204 221 197 
10 cycles 168 176 167 170 221 200 217 206 
At failure 168 174 167 169 229 221 246 260 
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Table  3.4. Number of the cracks in the flexural and shear spans of each beam 

Test Stages 
No. of cracks in flexural span No. of cracks in shear spans 

NSR NSL WSR WSL NSR NSL WSR WSL 
30-40 kN 3 0 6 0 0 0 1 0 
50-70 kN 6 5 6 5 4 1 7 2 
70-90 kN 6 5 6 6 4 4 7 5 

48-hr sustained 6 6 6 6 7 5 8 5 
10 cycles 6 6 6 6 8 6 9 5 
At failure 6 6 6 6 8 7 9 8 

 

 
Figure  3.5. Crack distribution on the tested beams at failure (vertical bars: location of the supports and point loads, 

arrows: the monitored cracks during the tests and / or the shear cracks led to failure) 

 

3.5.2.  Crack width 

   A previous study by DeRosa et al. (2012) suggested that cracks in reinforced concrete specimens that 

are free to expand and contract decrease in size at lower temperatures which could potentially improve the 

aggregate interlock mechanism across shear cracks.  DIC measurements were used to investigate the 

effect of different loading stages on the crack widths at low and room temperature. The crack widths 

reported in this section (Figure  3.6) correspond to cracks in the shear span of each beam, which formed in 

a similar location within the region of interest. The locations of the selected cracks are shown in 

Figure  3.5. 
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   Figure  3.6 shows crack widths after each of the four loading stages. In all cases, the crack is the widest 

at the bottom of the beam and becomes narrower closer to the top. Because of large deflections of the 

WSR and WSL beams (the beams with transverse reinforcement) at failure, tracking the changes of the 

cracks by the DIC method was not possible, and hence there is no crack width data at failure for these two 

beams. 

 
Figure  3.6. Crack widths at different load stages 

 
   Table  3.5 shows the average widths of the selected cracks at different loading stages. The average width 

for a given crack was calculated over the total length of the crack (i.e., up to 250 mm along the length of 

NSR and NSL beams, and up to 200 mm along the length of WSR and WSL beams). The average width 
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of the crack on NSL beam remained almost half of the width of the crack on NSR beam until the end of 

the 48-hour sustained load stage, although this difference was reduced following the 10 load cycles. 

While the crack width for the NSR beam did not change significantly in load stages 3 and 4, the measured 

crack widths increased noticeably during these load stages for the NSL beam. The average crack width of 

the WSR beam after the first load stage was more than two times that of the crack on the WSL beam, 

although the difference was reduced after each load stage. In general, the crack widths were larger for the 

beams tested at room temperature. Unsurprisingly, the results also indicated that the shear crack widths in 

beams with stirrups were considerably smaller than those for beams without stirrups because of the 

restraint provided by the reinforcement crossing the diagonal crack. 

Table  3.5. Average crack widths in mm 

Beam ID 90 kN 48hrs (90 kN) 10 cycles Failure 
NSR 0.14 0.22 0.25 0.28 
NSL 0.08 0.11 0.22 0.29 
WSR 0.12 0.15 0.17 NA 
WSL 0.05 0.09 0.13 NA 

 

   Figure  3.7 shows the normalized crack widths (the ratio of the crack widths to the widest crack) versus 

the height of the NSR and NSL beams as well as their counterpart beams tested by DeRosa (2012). As 

can be seen, the cracks in the NSR beam gets wider than Beam 3 cracks near the top of the beam, where 

temperature is the highest, while the width of the crack in the NSL beam is lower than Beam 1 cracks and 

the crack widths become constantly smaller toward the top of the beam. This could potentially indicate 

that no correlation exists between temperature differential and crack widths in reinforced concrete beams. 
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Figure  3.7. Comparison of normalized crack widths 

 

3.5.3. Load-Deflection and Mode of Failure 

   The load versus midspan deflection curves of the NSR, NSL, WSR and WSL beams, as well as the 

corresponding theoretical load-deflection response for a fully cracked member (Icr) and a partially cracked 

member (Ie) as calculated using Equation 3.1 and 3.2, are plotted in Figure  3.8. In order to provide 

additional data for these short-term tests, the load-midspan deflection curves obtained from the initial 

loading of an additional set of fatigue beams (NSRF, NSLF, WSRF and WSLF beams) up to 90 kN at 

room and low temperature are also provided. For these beams, the mean compressive and splitting tensile 

strengths of the concrete from cylinder tests were 40.0 MPa and 4.1 MPa, respectively, and their 

reinforcement properties were the same as those for the static beams. Additional results from the fatigue 

tests will be presented in chapter 4. 

𝐼𝑒 = 𝐼𝑐𝑐 + (𝐼𝑔 − 𝐼𝑐𝑐)(𝑀𝑐𝑐
𝑀𝑎

)3  (3.1) 

∆𝑚𝑚𝑚= 𝑃𝑚
48𝐸𝐸

(3𝑝2 − 4𝑎2)  (3.2) 

   where, Ie, Icr, and Ig are the effective, cracked section, and gross section moments of inertia, 

respectively, Mcr and Ma are the cracking and applied moments, respectively, ∆max is the displacement at 

midspan, P is the applied load, l and a are the span between supports and the length of the shear span, 

respectively, and E is the modulus of elasticity of the concrete at room temperature. 
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   As expected, NSR and NSL beams experienced brittle shear failures with no warning. A large shear 

crack propagated in NSR beam near the middle of the shear span causing a sudden load drop from 123 kN 

to 72 kN that led to failure along that plane. Meanwhile, failure of the NSL beam resulted from the 

simultaneous propagation of two relatively symmetric cracks near the middle of each shear span. The load 

first dropped to 106 kN after propagation of the first crack with an average width of 1.00 mm, followed 

by a second load drop to 52 kN due to the propagation of the second large crack that ultimately led to 

beam failure. The post-failure images of NSR and NSL beams are shown in Figure  3.9. The peak loads 

for NSR and NSL beams were 123 kN and 139 kN, respectively, suggesting that low temperature 

increased the shear capacity of the reinforced concrete beam by 13 %. The ultimate deflection of NSR and 

NSL beams were around 10 mm and 15 mm, respectively. This indicates that the ultimate deflection of 

the beams without shear reinforcement increased by 50 % at low temperature. 

   Figure  3.9 shows the failure cracks on NSR and NSL beams, and these cracks, marked with an arrow, 

are shown in Figure  3.5 as well. It should be noted that NSR beam initially failed due to the development 

of a large shear crack in its right shear span. Following the test, the right side of the beam was clamped 

using a set of steel plates and threaded rods, and the beam was reloaded to cause a shear failure in the left 

side of the beam which was being monitored using the DIC system. 

 
   Both the WSL and WSR beams failed in flexure due to crushing of the concrete in the compression 

zone at midspan as shown in Figure  3.9. As expected, these two beams failed at a higher load and in a 

ductile manner because of the higher shear capacity provided by the stirrups. Stirrups improved the 

ultimate load carrying capacity of the beams by 29 % at room temperature and 22 % at low temperature. 

A ductile plateau in the load-deflection curves for these two beams can be seen in Figure  3.8. The 

ultimate deflection of the beams reinforced for shear was five times greater than for the beams without 

stirrups. The peak loads and ultimate deflection were respectively 157 kN and 59 mm for WSR, and 

169 kN and 79 mm for WSL, suggesting that low temperature had an impact on the strength of the beams 
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with stirrups, however, the impact of low temperature on the ultimate deflection of these beams was much 

higher. The strength and ultimate deflection of these beams increased by 8 % and 34 %, respectively. 

 
   Although some studies state that the concrete modulus of elasticity increases at lower temperatures 

resulting in an increase in the flexural stiffness (Neville 2006; Shoukry 2011) the similar slopes in the 

presented load-deflection curves show that low temperature had no effect on the stiffness of the tested 

beams. Similar behaviour has also been reported by Baumert (1995) and DeRosa (2012). 

 

 
Figure  3.8. Midspan deflection for the beams without (left) and with (right) stirrups (top: static beams under 

the four loading stages, bottom: fatigue beams under initial monotonic test prior to cyclic loading) 
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Figure  3.9. The tested beams after failure 

 

3.5.4. Strain in Flexural Reinforcement 

   Figure  3.10 shows load-strain curves in the flexural reinforcement of the beams with and without 

transverse reinforcement. For comparison, the theoretical load-strain curve for a cracked elastic section up 

to the theoretical yield moment of the tested beams is shown in Figure  3.10 as well. Comparing NSR to 

NSL beam shows that up to the cracking moment, lower strains developed in the tensile reinforcement of 

NSL beam than NSR beam. Comparison of NSLF to NSRF beam shows a similar trend after the cracking 

load, where strains increased at a higher rate in NSRF beam relative to NSLF beam. This indicates higher 

contribution of the concrete in resisting the tensile stresses at lower temperatures as a result of higher 

tensile strength of the concrete at low temperature. After cracking, the difference in strains was reduced. 
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Figure  3.10. Strains in the flexural reinforcement (midspan) of the beams without (left) and with (right) 

stirrups 
 
   For the beams with stirrups, the strain values in the flexural reinforcement of the beams tested at low 

temperature were less than those for the beams tested at room temperature. For instance, at 90 kN, the 

strains in the WSR, WSL, WSRF and WSLF beam were 1150 µε, 800 µε, 1260 µε, and 580 µε,  

respectively. Yielding initiated at approximately 2300 με for both the WSR and WSL beam. It should be 

noted that the midspan strain gauge on the flexural reinforcement of the WSR beam failed at a strain 

value of approximately 4000 με, and hence the load-strain curve terminates at this point (Figure  3.10). 

The load-strain curves show that the strains in the tensile reinforcement are relatively small up to the 

cracking moment. After cracking, the strains in the tensile reinforcement of those beams tested at room 

temperature tended to be higher than the ones tested at low temperature. The 48-hour sustained load 
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period and 10 load cycles had a negligible effect on the strains since the reinforcement stresses were 

within the elastic range of the steel reinforcement. 

3.5.5. Strain in the Shear Reinforcement 

   As shown in Figure  3.2, four strain gauges were installed near the top and bottom of the two stirrups 

located near the middle of the shear spans of the beams. Figure  3.11 shows the strains in the top of the 

stirrups of the WSR, WSL, WSRF and WSLF beams at different loading stages. It should be noted that 

one strain gauge in the top portion of the stirrup in the WSR beam malfunctioned during the test, so no 

data was obtained from the top of that stirrup. 

 
   The load at which the strain in the shear reinforcement increased significantly was between 44 kN to 

50 kN in the WSR beam compared to 60 kN to 66kN in the WSL beam. Comparing the strain values in 

the top part of the stirrups of the WSR and WSL beams indicated that the sustained load caused the 

strains to increase in the stirrups of the WSR beam while no such effect can be seen in the stirrups of the 

WSL beam. Loading the beam to failure after cycling caused the strains in the top part of the stirrups of 

the WSL beam to increase drastically which resulted in almost the same strain values in the stirrups of the 

WSR and WSL beam at failure. Similarly, the strain values of the WSLF and WSRF beam indicate that 

stirrups in the WSLF beam came into play between 70 kN to 80 kN, compared to 40 kN to 45 kN for the 

WSRF beam which is indicative of an increased contribution of the concrete to shear resistance at low 

temperatures. These results confirm the findings from comparing the WSR and WSL beams. Overall, the 

sustained load caused higher strains to develop in the stirrups of the WSR beam than the WSL beam 

while cycling had almost no effect and did not change the strains in the stirrups. 
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Figure  3.11. Strains on top part of stirrups of WSR and WSL beams (left) and WSRF and WSLF beams 

(right) 

 

3.6. Discussion 

   Investigation of the cracks during the first stage of loading showed that the lowest load at which the 

flexural cracks became visible on the beams tested at low temperature increased by 50 % (beams without 

stirrups) to 67 % (beams with stirrups) compared to the beams tested at room temperature. It is important 

to note that these loads at first visible cracked were different from the experimental cracking loads of the 

beams (deduced from the load-deflection curves), which were 60 kN, 60 kN, 36 kN and 48 kN for NSR, 

NSL, WSR and WSL beams, respectively. This indicated that the cracking load of the beam with shear 

reinforcement increased by 30 % at low temperature while the cracking load of the beam without shear 

reinforcement did not change at low temperature. Interestingly, the change in the slope of load-deflection 

curves (experimental cracking loads) occurred once at least five to six visually detectable cracks in the 

flexural span of the beams had developed. Therefore, it can be said that the deduced experimental 

cracking loads correspond to the development of at least five visible cracks in the constant moment 

regions of the beams. 

 
   During the first stage of loading, low temperature exposure mainly delayed the initiation and 

propagation of both flexural and shear cracks. In other words, the number of cracks at the same loads 
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during the first stage of loading was lower on the beam tested at low temperature than its counterpart that 

was tested at room temperature. Nevertheless, the stabilized crack patterns at 90 kN for the beams without 

stirrups were independent of temperature although the average crack spacing was slightly higher (7 %) 

and the average depth of the cracks was a little lower (4 %) in the beam tested at low temperature. Low 

temperature had almost no effect on the spacing of the cracks in the beam with stirrups, but decreased the 

average depth of the cracks on that beam by 24 % at 90 kN. 

 
   After the 48-hour sustained load, the cracking behaviour of the beams tested at low temperature was 

much better than those tested at room temperature, higher average crack spacing and/or lower average 

crack depths as shown in Table  3.3 and Table  3.4. The 10 load cycles caused both flexural and shear 

cracks to propagate in the beam without stirrups at room temperature, particularly in the shear span. 

Conversely, the cracks on the counterpart beam at low temperature actually did not propagate noticeably 

and the average depth of the cracks was approximately 10 % lower than those in the beam tested at room 

temperature. 

 
  The first shear cracks were observed on the shear spans of NSR, NSL, WSR and WSL beams at loads of 

40 kN, 90 kN, 40 kN and 70 kN, respectively. This suggests that low temperature can significantly 

increase the stress at which the shear cracks initiate by up to 125 % in the beams without stirrups and up 

to 75 % in the beams with shear reinforcement. Thus, it can be concluded that the shear capacity of the 

reinforced concrete improves at low temperature. 

 
   At 90 kN, crack widths on the beams tested at low temperature were 43 % to 58 % less than the 

corresponding crack widths of the beams tested at room temperature. This difference was reduced to 40 % 

to 50 % after the 48-hour sustained load, and were less significant after the 10 cycles (12 % to 24 % 

difference). The width of the cracks on NSR and NSL beams after the 48-hour sustained load increased 

57 % and 38 %, respectively when compared to 90 kN. The width of the crack on NSR beam had almost 
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no change after the 10 cycles while the width of the crack on NSL beam increased drastically and more 

than doubled in width at the end of the 10 cycles. WSR and WSL beam crack widths increased by 25 % 

and 80 % respectively after the 48-hour sustained load. After the 10 cycles, the change in crack width of 

WSR beam was negligible (13 %) while the width of the crack on WSL beam increased by 44 %. The 

increase in the width of the selected cracks showed that the 48-hour sustained load had a large impact on 

the crack widths in all the beams, and this effect was the highest for the crack in the WSL beam. The 10 

cycles had a negligible effect on the crack widths of the beams that were tested at room temperature and a 

more pronounced effect on the crack widths of the beams that were tested at low temperature. This 

potentially indicates that variations in service load at low/freezing temperature may be much more critical 

than at room temperature for reinforced concrete members. Comparing the selected cracks on the 

counterpart beams showed that low temperature reduced crack widths, although this effect decreased with 

increasing load and numbers of load cycles. 

 
   The Modified Compression Field Theory (MCFT) is an adaptation of the Compression Field Theory 

(CFT) in which cracked concrete is considered as a new material with its own stress-strain characteristics. 

According to the MCFT (Vecchio and Collins 1986), aggregate size, crack width, and crack spacing 

determine the shear and compressive forces transferred across the cracks, and cracks in reinforced 

concrete can transmit substantial shear forces through aggregate interlock. Therefore, any change in the 

aforementioned factors will affect the overall shear resistance of the reinforced concrete member if the 

aggregate interlock behaviour governs the member capacity. 

 
   Low temperature caused the ultimate load capacity of the beams with and without shear reinforcement 

to increase by 8 % and 13 %, respectively. Low temperature also improved the ductility of the beams with 

and without transverse reinforcement for 34 % and 50 %, respectively. The increase in the capacity and 

deflection of the reinforced concrete beams at low temperature was also observed by DeRosa (2012). The 
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increase in shear capacity of the beams without stirrups at low temperature was likely a direct result of 

reduced shear crack widths resulting in improved aggregate interlock. 

 
   Low temperature also increased the load at which stirrups became engaged: the load on WSL beam was 

20 % to 50 % higher than that for the WSR beam, and 56 % to 100 % higher for the WSRF beam 

compared to that for the WSLF beam. According to Walraven (1981), when the crack faces are subjected 

to a shear displacement, a wedging action develops, resulting in compressive stresses normal to the crack 

plane. At this point, the reinforcement crossing the crack is activated, and the forces in the reinforcement 

maintain equilibrium. The stirrups of the beam tested at low temperature came into play at higher loads, 

and the strains in the tensile reinforcement of the beams tested at low temperature were lower than their 

counterparts that were tested at room temperature. This was due to an increase in the concrete 

contribution to shear resistance resulting from smaller inclined crack widths at low temperature. 

 
   Aggregate interlock and dowel action show similar relationships between shear stress and shear 

displacement, however; the crack width is generally considered the most important variable influencing 

the shear stress-shear displacement relation. For small crack widths (<0.25 mm), aggregate interlock 

dominates over dowel action (Walraven 1981). Therefore, it can be concluded that aggregate interlock 

was dominant over dowel action in the tested beams since the average shear crack widths were lower than 

0.25 mm prior to failure, and aggregate interlock was higher in the beams tested at low temperature. 
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Chapter 4. Fatigue Behaviour of Reinforced Concrete Beams with Temperature 

Differentials at Room and Low Temperature 

 

4.1. Introduction 

  Bridges are the vital links of land transportation throughout the world. For instance, over 55 million cars 

and 10 million trucks crossed the Canada-U.S. border in 2011 (Transport Canada 2012), and a large 

number of these vehicles passed over bridges, that are located in cold regions with prolonged freezing 

seasons, to reach their destination. However, a significant percentage of the bridges in North America 

have been built during the construction boom after World War II, and the legal weights of the vehicles 

crossing the bridges have increased considerably over the past 40 years. As a result, many of these aging 

bridges are now deteriorated due to increased legal load limits and impact damage. In addition, corrosion 

resulting from the widespread use of de-icing chemicals on the roads of cold-climate areas has further 

weakened the bridges.  

 
   In Canada, around 53% of the bridges were classified as either deteriorated or in poor condition 

(Canadian Infrastructure Report Card 2012), and in the United States, 25% of bridges were classified as 

structurally deficient or functionally obsolete (ASCE report card 2013).  

 
   Furthermore, the development of high strength and more durable materials allows structural concrete 

members to withstand higher static loads for a longer period of time; therefore, satisfactory fatigue 

performance of those structural members that experience cyclic loading during their service life is 

essential. 

For the reasons outlined above, interest in the fatigue behaviour of reinforced concrete members has 

increased considerably in recent years. Nevertheless, the fatigue behaviour of reinforced concrete 



67 
 
 

members at low temperature is still unexplored in spite of the high demand for repairing decaying 

infrastructure in cold regions, as well as a lack of understanding of the fatigue behaviour of reinforced 

concrete under severe climatic effects (Heffernan et al. 2004). 

 
  To address this lack of knowledge, this chapter presents an investigation into the fatigue life and 

behaviour of four large-scale conventionally reinforced concrete beams with temperature differentials at 

average ambient temperatures of +16 °C and -20 °C. This study is essential to understand the fatigue 

behaviour of large-scale reinforced concrete members, and is of particular importance to cold regions 

with prolonged freezing seasons. 

4.2. Background 

4.2.1. Fatigue Behaviour of Plain Concrete  

   Cyclic loading causes differently oriented microcracks to form in concrete due to the accumulation of 

irreversible energy of deformation which results in the fatigue fracture of concrete at stresses below its 

ultimate static strength. (ACI Committee 215 1992; Heffernan and Erki 2004; Neville 2011). The fatigue 

strength of concrete is affected by material properties as well as loading and environmental conditions. 

The fatigue strength of concrete for 107 cycles under compression, tension or flexure is assumed to be 

approximately 55% of its static strength (ACI Committee 215 1992).  

4.2.2. Fatigue Behaviour of Steel Reinforcement 

   Failure of steel reinforcement under cyclic loading proceeds in three distinct stages:  the failure is 

initiated at a micro-crack at the largest stress concentration site on the bar surface, usually at the 

intersection of transverse lugs and longitudinal ribs (crack initiation). As the stress continues to cycle, the 

crack gradually propagates (crack propagation) until the crack reaches a critical length at which its 

propagation becomes unstable and sudden fracture occurs (brittle failure) (Schläfli and Bruhwiler 1998; 

Papakonstantinou et al. 2001).  

   The fatigue strength of reinforcing bars is largely affected by physical and geometric characteristics, i.e. 

size of the bar, lug geometry and rib pattern as well as welds and the curvature of the bent bars. These 



68 
 
 

characteristics and deformations create stress concentrations that lead to fatigue fracture of the reinforcing 

bar. Corrosion, grade and type of bar, mean stress and loading pattern are the other factors that influence 

the fatigue strength of reinforcing bars (Corley et al. 1978, Moss 1982; Schläfli and Bruhwiler 1998; ACI 

Committee 215 1992; Heffernan and Erki 2004). 

 
   No S-N relationship has been prescribed for reinforcing steel by ACI or AASHTO standards; however, 

a significant amount of research has investigated the fatigue behaviour of reinforcing bars to develop 

empirical equations that describe their S-N relationship. Helgason and Hanson (1974) statistically 

analyzed test data from deformed bars that were axially tested in air, and derived the following fatigue 

relationship: 

log(𝑁) = 6.969− 0.0055𝜎𝑐  (4.1) 

where N is the number of cycles to failure and σr is stress range in the tensile steel in MPa. Moss (1982) 

performed fatigue tests on 118 high-strength reinforcing bars including axial tests on the bars in air and 

bending tests on the bars embedded in concrete and derived the following fatigue relationship: 

𝑁𝜎𝑐𝑚 = 𝐾    (4.2) 

where N is the number of cycles to failure, “m” is the inverse slope of the log σr-log N curve and K is a 

constant. The slope “m” was found to be 8.7 for the bending tests and 9.5 for the axial tests; however, the 

study suggested a simplified value of m=9 for both types of tests. K was defined as either K0=0.59 x 1029 

for the mean line of the relationship, or K2=2.9 x 1027 for the mean minus two standard deviations for bars 

up to 16 mm in diameter. Soltani et al. (2011) adopted the following S-N relationships for bars with 

diameters less than 16 mm:  

S5 × N = 4.08 × 1017 (MPa) or S9 × N = 2.19 × 1019 (ksi)  N < 106 

S9 × N = 7.71 × 1026 (MPa) or S5 × N = 2.62 × 1013 (ksi)  106 < N < 108      (4.3) 

S-N curves, obtained from the above equations, are shown in Figure  4.1. 
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Figure  4.1. Stress range vs. fatigue life for reinforcing steels 

 
   Moss showed that the fatigue performance of bars embedded in concrete was approximately 20 % 

higher than that of similar bars tested axially in air. The higher fatigue properties of the embedded bars 

was attributed to the contribution of the concrete in carrying some load and the difference between the 

stress distributions over the cross section of the axially and flexurally tested reinforcing bars. Uniform 

stress distribution across the cross section of the axially tested bars caused the fatigue crack to initiate at 

the worst defect while the stress gradient over the cross section of embedded bars could cause similar 

defects to be less critical if they were in a less highly stressed portion of the cross section. In addition, it is 

less likely that the defects in the bar coincide with the tensile cracks in concrete where stresses in the 

embedded reinforcing bars are highest. Nevertheless, it was suggested to determine the fatigue properties 

of reinforcement from axial tests since the beneficial effect of embedment in concrete may vary in 

different structures (Moss 1982; Papakonstantinou 2001).  

 
   Hefferman and Erki (2004) showed that deformed bars had a significantly lower fatigue life than 
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machined bars. The shorter fatigue life of the deformed bars was attributed to a combination of the stress 

concentration resulting from the presence of the circumferential ribs and the surface condition due to 

rolling. The stress range required to induce fatigue failure at 106 cycles varied from 670 MPa for the 

machined bars to 230 MPa for the deformed bars, a reduction of approximately 66 % in the stress range.  

4.2.3. Low Temperature Fatigue Behaviour of Steel  

   Previous studies have shown that the fatigue properties of steel improve at low temperatures (Sines and 

Dolan 1959; Troshchenko 1971; Forrest 1974; Frost et al. 1974; Stephens et al. 1984). An investigation 

conducted by Forrest (1974) showed that the fatigue strength (106 cycles) of unnotched carbon steel 

increased by 20% and 30% at -40 °C and  -78 °C, respectively, compared to the fatigue strength of that 

carbon steel at room temperature; however, the increase in fatigue strength for notched specimens was 

found to be substantially smaller than that for unnotched specimens, e.g. 10% increase in fatigue strength 

at -78 °C. Troshchenko et al. (1971) showed that at 2 × 106 cycles, the fatigue strengths of unnotched 

420 MPa (60 ksi) yield strength steel increased by 250 MPa (36 ksi) or a factor of two as temperature was 

lowered from +20 °C to -140 °C; however, the fatigue strengths of the notched specimens increased by up 

to 40 MPa or 25%. Stephens et al. (1984) studied constant and variable amplitude fatigue behaviour of 

five cast steels with carbon weight percentages of 0.23, 0.24, 0.30, 0.34 and 0.49, at room temperature 

and -45 °C, which falls in either the lower shelf impact CVN energy region or lower transition region of 

the steels.  This study showed that at low temperature the fatigue limits of the steels at fatigue lives longer 

than 105 reversals increased by 24%. The number of cycles to crack initiation was increased by 2.5 times, 

while crack growth rates were reduced by 1.2 to 3.0 times at low temperatures. 

4.2.4. Fatigue Behaviour of Reinforced Concrete  

   The fatigue behaviour of a composite member such as reinforced concrete not only depends on the 

fatigue properties of the constituent parts, but also depends on the composite action between the parts 

(i.e., the bond between steel and concrete (Papakonstantinou et al. 2001; Heffernan et al. 2004)). Barnes 

and Mays (1999) carried out fatigue tests on two unstrengthened and three strengthened reinforced 
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concrete beams (2300 mm × 230 mm × 130 mm); they showed that fatigue fracture of the tensile 

reinforcement was the dominant factor governing failure mode, and that the fatigue lives of strengthened 

and unstrengthened beams with comparable values of stress range in the steel bar were very similar to 

each other. Papakonstantinou et al. (2001) performed fatigue tests on fourteen simply supported 

reinforced concrete beams (1321 mm × 152 mm × 152 mm) with and without GFRP sheets on their tensile 

surfaces. All the beams had transverse reinforcement to avoid shear failure. The study showed that 

although the fibre strengthening system increased the fatigue life of the beams, it did not change the 

fatigue failure mechanism, and both strengthened and unstrengthened beams failed because of fatigue 

failure of the tensile reinforcement. Heffernan and Erki (2004) studied the fatigue performance of twelve 

3 m span beams with and without CFRP sheets at three different stress ranges, as well as three 5 m span 

beams. The study showed that the fatigue lives of the CFRP strengthened beams were significantly 

increased when compared to the reinforced concrete beams without CFRP sheets because of lower 

stresses in the tensile reinforcement, and that both strengthened and unstrengthened beams failed 

primarily as a result of brittle fracture of the tensile reinforcement. However, the beams with CFRP sheets 

did not necessarily become unstable at the fracture of one of the reinforcing bars and continued to support 

the load cycles.  

 
   Ekenel et al. (2006) investigated the effect of fatigue loading on flexural residual capacity of reinforced 

concrete beams (254 mm × 165 mm × 1956 mm) strengthened with two techniques: CFRP fabric and 

pre-cured laminates bonded with epoxy, and FRP pre-cured laminates mounted with mechanical 

fasteners. The study showed that repeated loading caused the ductility of the beams to decrease by 18% 

with most of the stiffness loss occurring within the first 500,000 cycles. All beams failed initially by 

crushing of concrete. 

 
  Charalambidi et al. (2016a) studied the fatigue behaviour of seven large-scale CFRP strengthened (with 

externally bonded CFRP laminates or near-surface-mounted laminates) reinforced concrete beams with 
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rectangular or T-shaped cross-sections (web dimensions of 200 mm × 500 mm and a length of 3050 mm). 

This study showed that all of the beams subjected to high-amplitude loading primarily failed because of 

tensile fracture of the steel reinforcement, and that the fatigue life increased as the ratio of FRP stiffness 

to steel stiffness increased.  

   Charalambidi et al. (2016b) investigated the accuracy of the available fatigue design models and the 

corresponding critical parameters for predicting the fatigue life of FRP strengthened reinforced concrete 

beams. The study showed that the ratio of axial rigidity of the tensile reinforcement to CFRP ( 𝑘𝑠 𝑘𝑓⁄  ) 

remarkably affected the fatigue performance of FRP strengthened beams. The proposed fatigue design 

model in this study significantly improved the fatigue life prediction of the FRP strengthened reinforced 

concrete beams, with an absolute average error of 25% when compared to other existing models.  

 
   Gheorghiu et al. (2007) performed fatigue tests on thirteen small-scale (100 mm × 200 mm × 1215 mm) 

CFRP-strengthened reinforced concrete beams. This study demonstrated that energy dissipation due to 

progressive microcracking was highest in the first cycle, and that the rate of increase in deflection as well 

as stiffness degradation become considerably lower after 100,000 cycles. This investigation also showed 

that high-amplitude loading caused premature degradation of the CFRP-concrete interface which resulted 

in early failure of the CFRP-strengthened beams. 

 
   The study conducted by Ferrier et al. (2011) on the fatigue behaviour of the reinforced concrete beams 

that were strengthened with externally bonded FRP showed that one layer of composite plate increased 

the service load (corresponding to one million cycles) of the strengthened beam by 40%, and reduced the 

beam deflection as well as the strains in the steel and concrete during fatigue loading. None of the tested 

beams in this study experienced premature failure at the concrete to composite interface because the 

average shear stress in the adhesive layer remained very low (0.2 MPa). 
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   Sena-Cruz et al. (2012) investigated the efficiency of three strengthening techniques: Externally Bonded 

Reinforcement (EBR), Near-Surface Mounted (NSM) and Mechanically Fastened (MF-EBR) by 

performing fatigue and static tests on the unstrengthened and strengthened reinforced concrete beams. 

The study showed that MF-EBR was the most effective strengthening technique when the beams were 

subjected to static loading while the NSM technique was the most effective technique when the beams 

were subjected to cyclic loading. 

4.2.5. Low Temperature Low-Cycle Fatigue (Seismic) Behaviour of Reinforced Concrete 

   Montejo et al. (2008, 2009a, 2009b) studied the effect of low temperature on the seismic behaviour 

(cyclic response) of reinforced concrete columns. Fourteen specimens including ten flexural dominated 

and four shear dominated circular columns were tested under reversed cyclic loading at 

+23 °C, -20 °C, -30 °C and -36 °C to -40 °C. The flexural dominated columns consisted of six ordinary 

reinforced concrete (four with longitudinal and transverse steel ratios of  𝜌𝑙 = 1%  and  𝜌𝑡 = 1.1%, 

respectively; two with 𝜌𝑙 = 3.1%  and  𝜌𝑡 = 1.2%) and four reinforced concrete filled steel tubes 

(RCFST) with 𝜌𝑙 = 2.1%  or 3.1% and  𝜌𝑡 = (1.2 + 8.5)% . All the half-scale columns had a cantilever 

length of 1651 mm and diameter of 457 mm. The columns were transversely reinforced using spirals 

spaced at 60-63 mm to ensure a flexural failure. The shear dominated columns consisted of four circular 

reinforced concrete columns with a cantilever length of 762 mm and diameter of 419 mm. Two of the 

shear dominated columns had a 𝜌𝑙 = 2.2%  and  𝜌𝑡 = 0.8%, and the other two had a 𝜌𝑙 = 3.8%  and  

𝜌𝑡 = 0.6% to ensure ductile shear and brittle shear failure, respectively. This research showed that the 

strength of the flexural dominated columns increased by 15% at -40 °C and this increase was 

accompanied by 20% reduction in the displacement capacity of these columns. However, the 

displacement capacity of the ductile shear dominated columns increased at low temperature by 33%. This 

study also demonstrated that the shear strength of the cold ductile and brittle shear dominated columns 

increased by 20% and 32%, respectively. The stiffness of the columns increased at low temperature. The 

elastic stiffness of the lightly reinforced flexural dominated specimens (𝜌𝑙 = 1%) increased by 40% at -
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20 °C and 90% at -40 °C, and the elastic stiffness of the heavily reinforced cold flexural dominated 

specimens (𝜌𝑙 = 3.1%) as well as ductile and brittle shear dominated specimens increased by 27%, 56% 

and 35%, respectively. Although the failure of all the lightly reinforced flexural dominated columns was 

due to buckling of the longitudinal reinforcing bars followed by subsequent rupture of the bars, bar 

fracture occurred earlier in the cold (-40 °C) specimen which was explained by the significant reduction 

in the spread of plasticity of this specimen, and possible decrease of ductility in the steel caused by the 

low temperature. In the case of heavily reinforced flexural dominated columns, the specimens failed as 

result of buckling of the reinforcing bar; however, the failure of the cold specimen was more brittle since 

it involved the rupture of the spiral at the level that the bar buckled.  

4.2.6. Low Temperature High-Cycle Fatigue Behaviour of Prestressed and Reinforced Concrete 

   To the best of the authors’ knowledge, the effect of low temperature on the fatigue behaviour and life of 

conventionally reinforced concrete is still unexplored. The authors have found only one study that has 

investigated the high-cycle fatigue behaviour of CFRP prestressed concrete T-beams at low temperature 

(Saeidi et al. 2010). This study showed that all CFRP prestressed beams survived the three million 

loading cycles at both low and room temperature. However, a comparable steel prestressed beam failed in 

fatigue at low temperature after only 185,000 cycles which indicated the superior fatigue performance of 

the CFRP prestressed concrete beams. This study also showed that the stiffness and camber gradually 

decreased during cyclic loading, and that the bond between CFRP rods and concrete could be weakened 

because of cyclic loading, low temperature during loading, or high prestress level. 

4.3. Experimental Program 

4.3.1. Material Tests 

4.3.1.1. Concrete Cylinder Test 
   To determine the compressive and tensile strength of the concrete, concrete cylinders were cast together 

with the beams. The concrete mix included a maximum aggregate size of 10 mm and 7 % air entrainment. 

Three compressive and three splitting tensile tests were conducted on the concrete cylinders, 
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150 mm x 300 mm, which had attained their minimum specified 28-day strength. The compressive and 

splitting tensile tests were performed in accordance with American Society for Testing and Materials 

(ASTM) C39M-12a and C496M-11, respectively.  

 
   Table  4.1 shows the compressive and tensile strengths of the concrete at 28 days and at the time of the 

fatigue tests. During fatigue testing of the low temperature beams, the concrete cylinders were stored for 

72 to 96 hours at -20 °C, in the same cold room that the low temperature beams were being tested. The 

cylinders were immediately tested after removal from the cold room to determine the effect of low 

temperature on their compressive and tensile strengths. Due to the short interval between fatigue tests on 

room temperature beams (NSRF and WSRF), only one set of cylinder tests was carried out to determine 

the strength of the concrete.  

Table  4.1. Compressive and tensile strengths of the concrete 

Test ID & Cylinder Condition 

Mean 
Compressive  

Strength  
(MPa) 

Mean 
Splitting  
Tensile 

Strength  
(MPa) 

Age  
(days) 

28-day 40±0.5 4.1±0.2 28 
Test 1: Low Temp. Beam w/o Stirrups (NSLF Beam)-Frozen  50±0.1 3.9±0.2 87 
Test 2: Low Temp. Beam with Stirrups (WSLF Beam)-Frozen  45±2.1 4.1±0.3 119 
Test 3 & 4: Room Temp. Beams with and w/o Stirrups (NSRF and 
WSRF Beams)- unfrozen 45±2.9 3.7±0.4 164 

±: standard deviation 

4.3.1.2. Deformed Bar Tensile Test 
   Hot rolled bars, 10 M (D=11.3 mm) and 20 M (D=19.5 mm), from a single batch of 400 Grade steel 

(HR G30.18 400W) were used in the beams as compression, shear, and tension reinforcement. The 10 M 

and 20 M bars from the same batch were cut and used for the tensile tests. In total, six tensile tests were 

carried out on the deformed steel bars, three tests on 10 M bars and three tests on 20 M bars. The tensile 

tests on the deformed bars were performed in accordance with ASTM A370-12a and A615M-12. 
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The uniaxial tensile tests on the 10 M bars resulted in mean yield and mean ultimate strengths of 

480±2.1 MPa and 669±2.9 MPa, respectively. Similarly, for 20 M bars, mean yield and mean ultimate 

strengths were 422±2.1 MPa and 527±1.7 MPa, respectively.  

4.3.2. Beam Tests 

   Four reinforced concrete beams, 200 mm × 400 mm × 4200 mm were constructed with two 20 M bars 

(300 mm2) and two 10 M bars (100 mm2) as tension and compression reinforcements, respectively 

(Figure  4.2). Shear reinforcement was provided for two beams (WSRF and WSLF) using 10 M stirrups at 

175 mm spacing (Figure  4.3).  

 
Figure  4.2. The cross-sections of the beams without stirrups (left) and with stirrups (right) 

 

 

Figure  4.3. Test configuration and internal reinforcement and instrumentation 

 
   Previous studies have shown that tack welding of stirrups to the longitudinal reinforcement may cause 

premature fatigue failure, and significantly reduce the fatigue strength of reinforced concrete (Burton and 
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Hognestad 1967; Barnes and Mays 1999; Shahawy and Beitelman 1999). An investigation on the fatigue 

strength of the bars that were attached by tack welding to the stirrups and on the bars attached by wire ties 

to the stirrups showed that the fatigue strength of the bars tack welded to the stirrups was about one-third 

less than the bars tied to the stirrups (ACI Committee 215 1992). Hence, twelve stirrups located in the 

middle of the beams in the high moment region were tied by wires to the flexural reinforcement and the 

rest of the stirrups were welded to the flexural reinforcement.  

 

   The other two beams (NSRF and NSLF) had no shear reinforcement; however, individual 10M stirrups 

were provided at the centre and ends of the beams for constructability purposes. Figure  4.2 shows the 

cross-section and details of the internal reinforcement of NSRF and NSLF beams on the left as well as 

WSRF and WSLF beams on the right. The “WS” and “NS” designations stand for “With Shear” 

reinforcement and “No Shear” reinforcement, and “R” and “L” represent the temperature at which the 

beams were tested (“R” for room temperature and “L” for low temperature). “F” stands for Fatigue to 

distinguish these beams from another series of beams that were statically tested at room and low 

temperature in a separate phase of this research program by Mirzazadeh et al. (2016). 

 
   Figure  4.3 shows the reinforcement and internal instrumentation details as well as the test configuration 

of the beams. Prior to casting the beams, 5 mm electrical resistance strain gauges and type T 

thermocouples were attached to the reinforcement. The WSRF and WSLF beams had ten strain gauges: 

three on the tensile reinforcement, three on the compressive reinforcement, and four on the stirrups in the 

middle of the shear spans. The beams without stirrups only had the first six strain gauges on the tensile 

and compressive reinforcement. All of the beams were instrumented with nine type T thermocouples, at 

midspan and near their ends at three levels. To simulate solar radiation heating the top portion of a bridge 

and hence the top of the girders, heating pads and insulation were placed on top of the beams prior to the 
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start of each test to warm up the beams and create a temperature differential over the depth of the beams 

during the tests.  

 
   The average temperature at three levels of the beams during the fatigue tests are shown in Figure  4.4, 

and the time history of the temperatures, read by the thermocouples, during the fatigue tests are shown in 

Figure  4.5. The average ambient temperature during testing for the NSRF and WSRF beams was +16 °C 

whereas the NSLF and WSLF beams were tested at -20 °C. “SS” and “FS” in Figure  4.4 stand for Shear 

Span and Flexural Span, respectively. 

 

 
Figure  4.4. Thermal gradient over the depth of the beams during the tests (SS: Shear Span, FS: Flexural Span) 

 
  All of the beams were tested using a 500 kN servo-hydraulic actuator capable of applying cyclic and 

monotonic loading in a temperature controlled room. During the cyclic loading, the hydraulic actuator 

was operated under load control, and during the periodic static tests, the hydraulic actuator was operated 

under stroke control at a rate of 1 mm/min. The room was equipped with a heating-cooling system that 

allowed the room temperature to be adjusted with a temperature range of -30 °C to +30 °C.  
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Figure  4.5. Time history of the temperatures (TCP: Thermocouple, Ave: Average) 
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   All of the beams were tested under four-point bending with a span of 3.4 m and a constant moment 

region of 1.0 m as shown in Figure  4.3. The beams were loaded by applying a sinusoidal loading pattern 

at a frequency of 1.0 Hz. This frequency was chosen since previous research showed that beams under 

cyclic loading at frequencies higher than 2.0 Hz were unable to recover fully from one load application 

before the arrival of the next (Emberson and Mays 1996; Barnes and Mays 1999). The frequency of 1.0 

Hz also reasonably represents the frequency of traffic load on the elements of bridges, and avoids 

hysteresis effects particularly in the vicinity of cracks (Moss 1982; Mays and Tilly 1982). 

   Stress limits in the flexural reinforcement were chosen to give a mean stress and stress range that would 

result in fatigue failure of the tensile steel around 106 cycles (in approximately 12 days). The stress limits 

in the tensile reinforcement required for a fatigue life of 1 million cycles were calculated using Eq. 4.1. It 

was determined that a stress range equal to 45% of the nominal yield strength (189 MPa) of the tensile 

steel would give a fatigue life of approximately 1 million cycles.  

 
  For design, longer fatigue lives (approximately two million cycles) are required and thus lower stress 

ranges would be expected in practice. Based on ACI 215, AASHTO LRFD 2007 (Bridge Design 

Specifications), and CHBDC 2006, the maximum allowable stress range or fatigue threshold induced in 

straight reinforcement resulting from fatigue load combinations are given as: 

ΔS≤165-0.33Smin (MPa)  or  ΔS≤24-0.33Smin   (ksi)  AASHTO LRFD 2007   (4.4) 

ΔS=161-0.33Smin (MPa)  or ΔS=23.4-0.33Smin (ksi)  ACI 215    (4.5) 

ΔS=145-0.33Smin+55rh (MPa) (rh=0.3 if unknown)   CHBDC 2006    (4.6) 

where ΔS =stress range and Smin=algebraic minimum stress (tension positive, compression negative). 

Considering these equations and having set Smin=95MPa for the fatigue tests, the above ACI, CHBDC and 

AASHTO equations give ΔS=130MPa, 130MPa and 134MPa, respectively. Using Eq. 4.1, these stress 

ranges produce an estimated fatigue life of 1.7 to 1.8 million cycles which is close to the desired fatigue 

life of two million cycles for design (CHBDC commentary 2014).  
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  Based on AASHTO and CHBDC guidance on the expected number of cycles over the life of a bridge, 

two million corresponds to the number of cycles (N) that a lightly travelled two-lane highway bridge, e.g. 

an urban interstate in the United States or class C in Canada with Average Daily Traffic or ADT=100-

1000 and ADTT=150-250, may undergo in 20 years:  

N=365 x n x ADTTSL   (4.7) 

where Single Lane Average Daily Truck Traffic or ADTTSL=ADTT and n=cycles per single vehicle 

passage (n=1 for deck slab and n=2 for the supporting girders if the bridge span is shorter than 12.2m). 

      To calculate the required loads to achieve approximately 1 million cycles, moment-curvature 

calculations were conducted. The loads corresponding to the minimum and maximum stresses, 95 MPa 

(0.22 fy) and 284 MPa (0.67 fy) in the flexural reinforcement, were found to be 30 kN (0.25 Pu) and 90 kN 

(0.75 Pu), respectively. This ratio of loading is similar to the ratio of live to dead loads found in most 

bridges (Heffernan and Erki 2004) and ensures the opening and closing of the cracks with every cycle. It 

should be noted that the minimum and maximum stresses in the tensile steel are the average nominal 

stresses and do not account for stress concentrations at cracks where the curvature peaks.  

 
  In order to determine changes in stiffness, deflection, and strains with the number of cycles during the 

fatigue tests, cyclic loading was stopped periodically, approximately at every 250,000 cycles, and static 

tests were carried out from zero to 90 kN at 10 kN increments. An initial static test (prior to the fatigue 

testing of the beams) and a final post-failure static test were performed on the beams as well. Load values 

were measured by the built-in load cell of the electric and hydraulic rams, and deflection values were 

measured by linear potentiometers (LP) placed at midspan. Four additional LPs were placed in the middle 

of the shear spans on opposite sides of the beams to measure possible rotation of the beams.   
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4.4. Experimental Results  

4.4.1. Fatigue Life 

   Table  4.2 compares the fatigue lives of the beams, and shows that the beams tested at low temperature 

had a longer fatigue life than their counterparts that were tested at room temperature. The fatigue lives 

were shorter than the 1.0 million cycles estimated from equation 4.1 because cracking of the concrete 

caused stress concentrations in the reinforcing steel that meant that the stress ranges were higher than 

those predicted from equation 4.1 that was developed for plain bars tested in air. 

 

 

Table  4.2. Fatigue lives of the beams 

Beam ID Actual Cycles 
to Failure 

Rounded Cycles 
to Failure Failure Mode  

NSRF 448,581 449,000 Shear cracking and 
concrete spalling 

 

NSLF 678,134 678,000 Rupture of tensile steel  

WSRF 750,161 750,000 Rupture of tensile steel   

WSLF 832,950 833,000 Rupture of tensile steel  

 

   Furthermore, the increase in the fatigue life of the beam without shear reinforcement was much more 

pronounced than that for the beam with shear reinforcement. The increase in fatigue life due to low 

temperature was 11% and 51% for the beam with and without stirrups, respectively. Comparing the 

fatigue lives of the beams with stirrups to the beams without stirrups shows that the stirrups extended the 

fatigue life of the reinforced concrete beams by 67% and 25% at room and low temperature, respectively. 

The results showed that the fatigue life of the reinforced concrete beam without shear reinforcement at 

room temperature primarily depended on the concrete and steel-concrete bond since fatigue loading of 

NSRF beam caused a) a large shear crack to develop which prevented any shear stress transfer and b) 

progressive deterioration of the bond between reinforcement and concrete which led to spalling of the 

bottom concrete cover on the tension side as shown in Figure  4.6. Similar modes of failure for beams 
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without shear reinforcement have been reported by Schläfli and Bruhwiler (1998). The fatigue testing of 

NSLF, WSRF, and WSLF beams showed that the fatigue lives of these beams largely depended on the 

stresses in the tensile reinforcement, and fatigue fracture of the steel reinforcement was the dominant 

factor governing failure in these reinforced concrete beams. Flexural fatigue failure, and the dominant 

role of the stresses in tensile reinforcement, have been reported in previous studies (Barnes and Mays 

1999; Papakonstantinou et al. 2001; Heffernan et al 2004; Charalambidi et al. 2016a). The tests also 

showed that low temperature increases the shear capacity of the concrete and prevents development of a 

critical shear crack. This suppression of shear cracks at low temperature resulted in significant 

improvement in the fatigue life of the reinforced concrete beam without transverse reinforcement. Low 

temperature also slightly improved the fatigue life of the reinforced concrete beam with shear 

reinforcement. The increase of fatigue life at low temperature can be largely attributed to the higher 

strength and stiffness of the concrete and lower number of cracks with smaller widths that resulted in 

reduced stresses in the reinforcement. Nevertheless, the potential positive effect of low temperature on the 

fatigue performance of steel should not be ignored since previous research showed that low temperature 

improves the fatigue properties and the fatigue strength of steel. This improvement was attributed to the 

delayed fatigue crack initiation and lower propagation in steel at low temperature (Sines and Dolan 1959; 

Troshchenko 1971; Frost et al. 1974; Stephens et al. 1984).  Therefore, the combination of the higher 

strength of concrete at low temperatures and the positive effect of low temperature on the fatigue 

properties of steel were the two factors that improved the fatigue behaviour of the reinforced concrete 

beams in these tests.  

4.4.2. Failure Mode 

   The post-failure images of the beams are shown in Figure  4.6. NSLF, WSRF and WSLF beams failed in 

a tension flexural mode due to the fatigue rupture of one of the tensile reinforcing bars near the midspan. 

However, the NSRF beam primarily failed because of the development of a large shear crack in one of its 

shear spans (shear fatigue failure). The large shear crack on NSRF beam was first observed around 
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261,000 cycles and the concrete cover on the tension side of this beam in the flexural span spalled around 

390,000 cycles at approximately 58,000 cycles prior to its final fatigue failure at 449,000 cycles. The 

tensile bars of this beam became bent shortly before the final fatigue failure.  

 
Figure  4.6. The tested beams after fatigue failure 

 

   The fatigue failure of the tensile reinforcement on the NSLF, WSRF and WSLF beams started at one of 

the flexural cracks that had been developed during the initial static test near the midspan of the beams. 

The cracks caused stress concentrations in the reinforcing bars. Additionally, redistribution of stresses due 

to concrete softening may have increases stresses in the steel at these locations (Papakonstantinou et al. 

2001; Heffernan et al. 2004). Fatigue cracks are often coincident with the tensile cracks in concrete 

(Collins and Mitchell 1987) that are often associated with the rib pattern on the surface of the bar (Tilly 

and Moss 1982).  
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The cyclic load caused the flexural cracks on the NSLF, WSRF and WSLF beams to widen and propagate 

into the compression zone. The flexural crack on the NSLF beam branched in two directions and also 

widened and propagated, and no other crack developed on the beams. Although the NSRF beam 

developed a large shear crack during cycling and its fatigue life was shorter than that of the NSLF beam, 

the failure mode of the NSRF beam was preceded by a large shear crack at almost half of its fatigue life. 

Spalling of the concrete and bending of the tensile reinforcement also served as warnings prior to the final 

fatigue failure. No such warning signs were observed for the other beams that failed by rupture of the 

reinforcement.   

4.4.3. Stiffness Degradation  

  Figure  4.7 shows the load-deflection curves of the NSRF, NSLF, WSRF and WSLF beams that were 

obtained from the static tests. The load-deflection diagram of the NSRF beam indicates that the stiffness 

(slope of load-deflection response) of this beam remained unchanged up to approximately 261,000 cycles; 

however, the increase in the number of cycles from 261,000 cycles up to failure at 449,000 cycles caused 

the beam to lose almost all its flexural rigidity. The post-failure static test showed that the stiffness of the 

beam decreased by 69% after fatigue failure compared to the original stiffness before fatigue loading. It 

should be noted that the highest load carried by this beam during the post-failure static test was 

approximately 20 kN, and the permanent residual deflection for this beam was approximately 5 mm at 

261,000 cycles, and continued to increase to 16 mm until the fatigue failure of the beam. 
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Figure  4.7. Load-deflection curves obtained from the static tests 

 
   NSLF beam, tested at low temperature, demonstrated different behaviour: this beam maintained 89% of 

its flexural rigidity up to a half million cycles. Even after fatigue failure, at 678,000 cycles, the reduction 

in the stiffness of this beam was not as much as that observed for the corresponding beam that was tested 

at room temperature (NSRF beam). The post-failure static test showed that the flexural rigidity of the 

NSLF beam reduced by 35% and 27% when compared to its initial stiffness and its stiffness at 500,000 

cycles, respectively. The enhanced behaviour of the reinforced concrete beams at low temperature was 

observed through the higher initial stiffness of the NSLF relative to the NSRF beam (approximately 40% 
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higher) and better shear performance at low temperature. These enhanced properties at lower 

temperatures were due to a smaller number of cracks and the generally better performance of concrete at 

low temperature because of freezing of porewater. The significant reduction in the stiffness and capacity 

of the NSRF beam was due to the large shear crack that developed during repeated loading and actually 

split the beam into two parts.  

 
   The load-deflection curves of the WSRF and WSLF beams show that these two beams had similar 

stiffness to each other, and maintained almost all of their stiffness prior to their fatigue failure. However, 

after fatigue failure, the flexural rigidity of the WSRF and WSLF beams reduced by 23% and 18%, 

respectively. The lower reduction in the stiffness of the WSRF and WSLF beams relative to the NSRF 

and NSLF beams was due to the presence of the stirrups which provided restraint and improved the 

performance of the beams by: a) increasing dowel action and interlock strength, b) supporting the 

longitudinal reinforcement and the concrete, c) creating an inclined compression field associated with the 

truss mechanism, and d) controlling crack opening. 

 
   The relatively lower post-failure stiffness of the WSRF comparing to the WSLF beam shows that low 

temperature still affects the stiffness of the beams with transverse reinforcement, but this effect is not as 

pronounced as with the beams without shear reinforcement. The small effect of low temperature on the 

static performance of the beams with shear reinforcement, e.g. ultimate load carrying capacity and 

deflection, has been reported by DeRosa et al. (2015) and was also noticed during a separate phase of this 

research program in which the static behaviour of reinforced concrete at room and low temperature was 

investigated (Mirzazadeh et al. 2016). The post-failure static tests showed that NSRF, NSLF, WSRF and 

WSLF beams respectively maintained 31%, 65%, 77% and 82% of their initial (pre-fatigue) flexural 

rigidity after fatigue failure, however, cyclic loading left a permanent residual deflection of 10.5 mm, 

12.6 mm and 11.9 mm for NSLF, WSRF and WSLF beams, respectively. This indicates that the positive 

effect of low temperature on the stiffness of the reinforced concrete beams without shear reinforcement is 
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much more pronounced, and shear reinforcement plays a key role in maintaining the stiffness of 

reinforced concrete beams especially at room temperature. 

4.4.4. Cyclic Load-Deflection Behaviour 

  Figure  4.8 shows the changes in the maximum midspan deflection of the beams at the upper limit of the 

cyclic loading (90 kN) with number of cycles.  

 
Figure  4.8. Maximum midspan deflection vs.  number of cycles 

 
   The behaviour of all the beams was similar, in that they initially demonstrated a small gradual increase 

in deflection, after which the deflection remained stable with increasing cycles, followed by a sudden 

increase in deflection just prior to failure. During the entire test up to failure, the low temperature beams 

had lower deflection than their room temperature counterparts, and the difference was much more 

pronounced in the beam without stirrups. The deflection of NSLF beam was around half of that of NSRF 

beam while WSLF beam deflection was 16% to 22% lower than that of WSRF beam up to failure. 

 
   The highest deflection of NSRF, NSLF, WSRF and WSLF beams at failure were 31 mm, 44 mm, 

28 mm and 48 mm, respectively. Comparing the load-deflection curves of WSRF and WSLF beam shows 

that WSLF beam failed in a much more ductile manner than WSRF beam and its ultimate deflection was 

71% higher than that of the WSRF beam. Although relatively large deflections were observed with NSRF 
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beam, this beam had lost almost all of its load capacity prior to the post-failure static test. Nevertheless, 

comparing the behaviour of NSRF with NSLF beam during the post-failure static test showed that, even 

after fatigue failure, the low temperature beam had sufficient capacity to carry the static load up to 97 kN 

while the room temperature beam actually was not able to support any load greater than 20 kN. 

 
   In addition to the recorded deflections during the periodic tests (Figure  4.8), the deflections were 

occasionally recorded while the beams were under cyclic loading. The last recorded values of the midspan 

deflection at the upper fatigue limit (90 kN) prior to the fatigue failure of the beams are given in 

Table  4.3. Comparing these deflections with the deflections obtained from the post-failure static tests 

shows that deflection remained almost constant from approximately two hundred thousand to few ten 

thousand cycles prior to the fatigue failure of the beams. This implies that the fatigue failure of the 

reinforced concrete is usually sudden with little warning and the signs of imminent failure are not 

noticeable. 

Table  4.3. The last recorded deflection prior to fatigue failure 

Beam ID  No. of Cycles Deflection (mm) 
NSRF 392,000 12.9 
NSLF 500,000 5.5 
WSRF 589,000 9.3 
WSLF 749,000 8.2 

 

4.4.5. Strain in the Tensile Reinforcement  

4.4.5.1. Midspan  
   Figure  4.9 shows the load-strain curves that were obtained from the periodic static tests on the beams. 

The initial (pre-fatigue) static tests showed that steel strain in the midspan of NSRF beam increased at a 

higher rate than it did for the NSLF beam, and at 90 kN (the highest load applied on the beams during the 

static tests) the steel strain in NSLF beam was 29% lower than that observed for NSRF beam. This is 

indicative of the higher number of cracks in NSRF beam compared to NSLF beam (Table  4.4).  
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Figure  4.9. Load vs. strain in the midspan of tensile reinforcement  

 
 

   Table  4.4. No. of cracks during the initial static test 

 Beam ID Flexural Span Shear Spans 
 NSRF 8 5 
 NSLF 6 4 

 
   Similarly, the initial static test on WSRF and WSLF beams (the beams with stirrups) showed that steel 

strain at 90 kN in the midspan of WSLF beam was 16% lower than the steel strain in WSRF beam 
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implying that the effect of low temperature on the beams with shear reinforcement was still noticeable, 

but this effect was moderated by the presence of stirrups. The initial static test also showed that the 

cracking loads of WSRF and WSLF beams were 38 kN and 66 kN, respectively, which indicated an 

improvement in the tensile strength of concrete up to 65% at low temperature. 

 
   The static tests performed on NSRF and NSLF beams at approximately 260,000 cycles showed that the 

cyclic loading increased the residual steel strain in both NSRF and NSLF beams; however, steel strains in 

the tensile reinforcement of NSLF beam at 30 kN and 90 kN were respectively 54% and 25% lower than 

those observed for NSRF beam. The steel strain in the midspan of NSLF beam remained almost 

unchanged up to 500,000 cycles; however, the post-failure static test on this beam showed that the 

residual steel strain following the fatigue test increased by more than three times and the elastic strain 

increased at a much higher rate when compared to the previous static tests as shown in Figure  4.9.  

 
   The half-million cycle and post-failure static tests on WSRF beam showed a decrease in the steel strains 

which could be due to lower local stresses near the fatigue crack in the midspan of this beam where the 

strain gauge on the tensile reinforcement was located. The steel strains in WSLF beam remained constant 

from 250,000 to 750,000 cycles; however, the post-failure static test on this beam showed that the strains 

at 30 kN and 90 kN respectively increased by 79% and 19% compared to those at 750,000 cycles. During 

the post-failure static tests on NSLF and WSLF beams, the remaining tensile reinforcement of these two 

beams started yielding around 87 kN and remained effective until failure by concrete crushing in flexure.  

4.4.5.2. Shear Spans 
  Table  4.5 and Table  4.6 show the values of steel strains in the tensile reinforcement in the shear spans of 

the beams without and with stirrups, respectively. It can be observed that, during the initial static test at 

loads below the cracking load (30 kN), steel strains in the shear spans were negligible; however, after 

cracking, the strains in the beams tested at room temperature ranged from two to six times greater than 

those in the beams tested at low temperature.  



92 
 
 

 

 
Table  4.5. Strains in the tensile reinforcement in the shear spans of NSRF and NSLF beam (µε) 

No. of Cycles zero 260,000 500,000 

Beam ID NSRF NSLF NSRF NSLF NSRF NSLF 

Shear Span No. 1 2 1 2 1 2 1 2 1 2 1 2 

30kN 51 60 50 50 873 NA NA 406 NA (failed at  
449,000 cycles) 

640 498 

90kN 1115 1284 594 214 1764 NA NA 752 1377 1016 

 

Table  4.6. Strains in the tensile reinforcement in the shear spans of WSRF and WSLF beam (µε) 

No. of Cycles zero 250,000 500,000 750,000 

Beam ID WSRF WSLF WSRF WSLF WSRF WSLF WSRF WSLF 

Shear Span No. 1 2 1 2 1 2 1 2 1 2 1 2 1 2 1 2 

30kN 44 56 46 32 NA 860 73 153 861 865 94 140 
NA (failed  
at 750,000) 

159 160 

90kN 133 1220 62 207 NA 1622 122 381 1626 1632 140 368 233 232 

 
       
   Comparing the values in Table  4.5 and Table  4.6 shows that the strains in the low temperature beams 

were lower than those in the corresponding beams tested at room temperature regardless of the number of 

applied load cycles. The strains in NSLF, WSRF and WSLF beams, the beams with fatigue lives longer 

than 500,000 cycles, increased at a higher rate up to 250,000 cycles; however, the rate of increase reduced 

after this point. The smaller strains in the shear spans of the low temperature beams were indicative of a 

smaller number of cracks with reduced crack widths that developed in these beams. The concrete 

softening as a result of cyclic loading was also less in the low temperature beams than for their room 

temperature counterparts.  

 
   The post-failure static test performed on the beams showed that the strains in the shear spans of NSLF 

and WSRF beams remained almost unchanged compared to the last recorded strains, which were taken at 

500,000 cycles in NSLF and 750,000 cycles in WSRF beam; however, the strains in the shear spans of 

WSLF beam reduced and became negative (essentially zero) after fatigue failure (Table  4.7). Although 
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the negative values of strains after fatigue failure of WSLF beam could be due to the malfunction of the 

strain gauges on the shear spans, it could be due to the redistribution of the strains in the tensile 

reinforcement since the fatigue failure of this beam was due to the fatigue fracture of the tensile 

reinforcement of this beam.  

Table  4.7. Post-failure strains in the shear spans of the tensile reinforcement (µε) 

Beam ID NSRF NSLF WSRF WSLF 
Shear Span No. 1 2 1 2 1 2 1 2 

30kN NA NA 583 496 846 847 -86 -90 
90kN NA NA 1360 1090 1602 1603 -120 -120 

 

4.4.6. Strain in Stirrups 

4.4.6.1. Initial Static Test 
   Figure  4.10 shows the strains developed in one of the stirrups for each of WSRF and WSLF beams 

during the initial static test.  

 
Figure  4.10. Strains in the stirrups during the initial static test 

   
   The curves show that the average load at which the stirrups came into play for WSRF and WSLF beams 

were 45 kN and 73 kN, respectively. This implies that the contribution of the concrete to shear resistance 

was higher at low temperature as a result of fewer cracks with smaller crack widths. In a separate phase of 
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this research program, conducted by Mirzazadeh et al. (2016), in which the effect of low temperature on 

the static behaviour of reinforced concrete was investigated, it was observed that the widths of the cracks 

in the low temperature beams remained lower than (up to half of) their counterpart room temperature 

beams during the tests under service load.  

4.4.6.2. Fatigue Test 
   Cyclic load increased the strains in the stirrups of both WSRF and WSLF beams, as shown in 

Figure  4.11; however, the strains in WSLF beam remained lower than those in WSRF beam by 55 % at 

30 kN and 15 % at 90 kN up to 500,000 cycles. 

 
Figure  4.11. Strains in the stirrups of WSR (left) and WSL (right) beam 

 
  Compared to the strains at 500,000 cycles, the strains in WSRF beam remained unchanged during the 

post-failure static test; however, the strains in WSLF beam increased and reached similar strains to those 

in WSRF beam. This is indicative of the higher strength and reduced softening of the concrete at low 

temperature which resulted in greater contribution of the concrete to the shear strength of the reinforced 

concrete beam under cyclic loading. 
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4.5. Discussion 

   The results of the initial static tests on the beams showed that the load at which the stirrups came into 

play increased by 62% on average at low temperature, and the strains in the tensile reinforcement in both 

flexural and shear spans of the low temperature beams were lower than those in their room temperature 

counterparts.  

 
  The results of the fatigue tests showed that at low temperature the failure mode of the beams without 

shear reinforcement changed from shear fatigue failure to flexural fatigue failure, and the fatigue lives of 

the beams with and without shear reinforcement respectively improved by 11 % and 51 % compared to 

the counterpart beams tested at room temperature. It was observed that the fatigue failure of the beam 

without shear reinforcement at room temperature was primarily due to the development of a large shear 

crack that was followed by spalling of the concrete on the tension side of the beam and deformation of the 

tensile reinforcement, while its low temperature counterpart as well as the beams with stirrups failed due 

to fatigue fracture of one their tensile reinforcement near midspan. These improvements in fatigue 

performance of the low temperature beams occurred because of the higher strength of the concrete and 

lower stresses in the tensile reinforcement at low temperature.  

 
   At room temperature, the beams with and without stirrups maintained 77% and 31% of their flexural 

rigidity, respectively, and at low temperature, the beams with and without stirrups maintained 82% and 

65% of their stiffness, respectively. Shear reinforcement improved the fatigue life of the reinforced 

concrete beam by 67% and 23% at room and low temperature, respectively. This indicates that cyclic 

loading caused the stiffness of the reinforced concrete beams to degrade; however, low temperature 

mitigated the stiffness degradation, and the positive effect of low temperature in maintaining the stiffness 

and improving the fatigue life of reinforced concrete was less pronounced when the beams were 

transversely reinforced.   
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   During the post-failure static tests, the low temperature beams experienced higher deflections, and the 

remaining unruptured tensile reinforcing bar yielded which allowed the beams to sustain loads up to 75% 

of their design flexural capacity before failing in a ductile manner due to the crushing of concrete in 

compression. This improvement was indicative of the higher strength of concrete at low temperature 

which increased the contribution of concrete to the strength of the reinforced concrete at low temperature.  

 
  During the fatigue tests, the deflection of the beams remained unchanged up to few ten thousand cycles 

before fatigue failure of the beams which indicates that the fatigue failure of reinforced concrete is usually 

sudden with no warning (brittle failure). 
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Chapter 5. Fibre Optic Sensors and Digital Image Correlation for Measuring 

Deformations in Reinforced Concrete Beams 

 

5.1. Introduction 

   One of the most critical issues in structural engineering is the durability and resilience of aging 

infrastructure. Because of constraints on infrastructure budgets, deteriorated structures generally cannot 

be replaced easily. Hence, the level and extent of deterioration that these structures have experienced 

must be determined accurately to identify those that need to be repaired or rehabilitated.  

 
   So far, visual inspection has been part of the solution to identify the extent of damage and keep these 

structures in service, but such inspection is only applicable when damage becomes visible. By this time, 

the damage probably has already had a significant effect on the integrity and capacity of the structure. In 

addition, information about the performance and condition of visually inspected assets is not complete 

due to the subjectivity of visual inspections, invisible damage in unreachable critical locations, and lack 

of quantitative data (Graybeal et al. 2002).  

 
   For the above reasons, a more comprehensive approach is needed, so that additional and more accurate 

quantitative data about the performance of infrastructure can be collected and made available to asset 

managers and engineers. One approach is Structural Health Monitoring (SHM), which refers to in situ 

sensing as well as data acquisition and classification to evaluate the state of a structure by comparing the 

measured data with a baseline representing an undamaged and healthy state of the structure (Flynn and 

Todd 2010). This approach becomes more efficient if coupled with numerical assessments and inspection, 

and will lead to more accurate assessment of new and aging infrastructure (Regier and Hoult 2014).  

 
  Distributed Fibre Optic Sensors (FOS) and Digital Image Correlation (DIC) (or Particle Image 

Velocimetry, PIV) are two breakthrough SHM techniques that could be used as key tools in monitoring 
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and assessment of structures. However, a number of factors impact the accuracy of these two SHM 

technologies, such as the location of the fibre (internally embedded or externally installed on the 

structure), type of fibre, and type of bond. for FOS technique (Regier and Hoult 2012), and lighting and 

noises during image acquisition and digitization, out-of-plane displacement and lens distortion. for DIC 

technique (Pan et al. 2009, Haddadi and Belhabib 2008).  

 
   Another area of uncertainty is the effect of temperature on both the structure and monitoring systems; 

complex reinforced concrete structures that are located in areas with wide temperature fluctuations or 

prolonged low / high temperature experience internal stresses due to redundancy caused by thermal 

expansion and contraction of the reinforcing steel and concrete (Dahmani et al. 2007). Monitoring 

systems themselves can be affected by temperature, and these effects often need to be isolated in order to 

determine the true behaviour of structures (DeRosa 2012; Ma et al. 2012; Mirzazadeh et al. 2016). 

Therefore, it is necessary to investigate the effect of temperature on the FOS and DIC technologies. 

 
   The following chapter reports on i) the accuracy of FOS and DIC sensor technologies compared to 

traditional sensor technologies, ii) the effect of temperature on these two new sensor systems, and iii) 

preliminary techniques for correcting for thermal effects. 

5.2. Background 

5.2.1. Fibre Optic Sensors (FOS)  

   FOS involves using optical fibre sensors for strain measurements; however, some types of fibres, e.g. 

Polarization Maintaining (PM) fibres, are capable of measuring strains and temperature simultaneously 

(Bao et al. 2009). An optical fibre is a flexible strand of dielectric material that can measure changes in 

the physical properties of the guided light. A pulse of light is sent through the optical fibre and the 

reflection of the backscattered light is analyzed (Casas and Cruz 2003). 

 
   Application of fibre optic sensing technology in civil engineering is developing rapidly. FOS systems 

can provide long-term condition and detailed structural response data. Distributed FOS enables the strain 
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to be measured over gauge lengths equivalent to conventional strain gauges (e.g. 5 mm, 10 mm, etc.), and 

at the same time allows the strains to be measured along the full length of a fibre optic cable. This 

eliminates the need for numerous strain gauges and their wires while still enabling the strains to be 

measured at any desired location along the full length of a fibre optic cable (Brault et al. 2015).  

5.2.2. Digital Image Correlation (DIC) or Particle Image Velocimetry (PIV) 

  DIC method, a non-interferometric optical technique, has been widely accepted and commonly used as a 

powerful and flexible tool for the measurement of surface deformation in the field of experimental solid 

mechanics. The DIC method compares a series of deformed images with a reference image. (Pan et al. 

2009). 

 
     The DIC technique has two main stages: recording successive images during the experiment and 

post-processing the images afterwards with a software package to find the desired information. The 

reference image is divided into a grid of square subsets, typically 64 × 64 pixels, which are identified by 

their unique pixel intensity variation as a signature. To find the displacement vector, a search is performed 

by the code in a specified zone of the deformed image to find the subset with maximum similarity in 

intensity pattern to the subset’s signature in the reference (undeformed) image. In simple terms, a subset 

from the undeformed image is chosen and its location is then found in the deformed image. The 

difference between the subset location in the reference and deformed image is the displacement vector of 

the subset’s centre measured in pixels (Pan et al. 2009). 

5.3. Experimental Program 

   Changes in crack widths and strain and / or curvature behaviour are good indications of the performance 

of a structure. This experimental program describes the application of DIC and FOS systems for 

monitoring crack widths, deflections, and strains during testing of eight large-scale reinforced concrete 

beams with temperature differentials at room and low temperature, and two calibration tests that were 
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performed to investigate the behaviour of the DIC camera system and two types of fibres. In addition, the 

behaviour of cracks in the beams at room and low temperature will be discussed.  

5.3.1. Specimen Design 

   Eight reinforced concrete beams, 200 mm × 400 mm × 4200 mm, were constructed for the static and 

fatigue testing at room and low temperature. Figure  5.1 shows the cross-section and details of the internal 

reinforcement of the beams with shear reinforcement (WS). The dimensions and internal reinforcement of 

the beams without shear reinforcement (NS) were the same as the transversely reinforced beams, except 

that they were not transversely reinforced and had only six strain gauges on the tensile and compressive 

reinforcement at the same locations as shown in Figure  5.1. The “WS” and “NS” designations stand for 

“With Shear reinforcement” and “No Shear reinforcement”, and “R” and “L” refer to the temperatures at 

which the beams were tested, “R” for “Room temperature (+15 °C)” and “L” for “Low temperature 

(-25 °C)”. “F” designation stands for “Fatigue” and will be used to distinguish the four beams that were 

used in the fatigue tests from the other four beams that were statically tested. Shear reinforcement was 

provided for four beams (WSR/ WSRF/ WSL/ WSLF) using 10M stirrups at 175 mm spacing. Prior to 

casting the beams, 5 mm electrical resistance strain gauges and type T thermocouples were attached to the 

reinforcement (Figure  5.1). 

 
Figure  5.1. Test configuration, instrumentation, reinforcement and cross-section of the beams 

 

   Four beams, two static beams and two fatigue beams, were tested at +15 °C with similar temperature 

gradients over their depth, approximately 50 °C on top, 30 °C in the middle and 20 °C on bottom while 
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the other four beams were tested in a temperature controlled room at -25 ± 2 °C with temperature gradient 

of approximately 10 °C on top, -7 °C in the middle and -20 °C on bottom. The temperature gradients were 

achieved using heating pads placed on the top surface of each beam. All of the simply supported beams 

were tested using a four-point bending setup with a span of 3.4 m and a constant moment zone of 1.0 m as 

shown in Figure  5.1. It is worth noting that two of the static beams and two of the fatigue beams had shear 

reinforcement while the other two static and the two fatigue beams had no shear reinforcement. One beam 

of each type was tested at room temperature (15 °C) and the other at low temperature (-20 °C to -25 °C). 

 
   Each static test consisted of four stages performed over a three-day period. In the first stage, the beams 

were loaded to a service load of 90 kN in 10 kN increments, providing a shear force of 45 kN. This load 

was sustained for a period of 48 hours during the second stage. The third stage consisted of cycling the 

total applied load between 50 kN and 90 kN for 10 cycles, representing variations in service load. Finally, 

in the fourth stage, the beams were incrementally loaded up from 90 kN to failure.  

 
   The fatigue tests were designed for a life of one million cycles, and were carried out by applying a 

sinusoidal (cyclic) loading pattern at a frequency of 1.0 Hz ranging from 30 kN to 90 kN. To determine 

changes in stiffness, deflection, and strains with the number of cycles during the fatigue tests, cyclic 

loading was stopped periodically, approximately at every 250,000 cycles, and monotonic tests were 

conducted from zero to 90 kN at 10 kN increments. An initial monotonic test (prior to the fatigue testing 

of the beams) and a final post-failure monotonic test were performed on the fatigue beams as well. 

 
   Load values were measured by the built-in load cells of the electric and hydraulic rams, and deflection 

values were measured by linear potentiometers (LP) placed at midspan. Four additional LPs were placed 

in the middle of the shear spans on opposite sides of the beams to monitor possible out-of-plane 

movement of the beams.  
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5.3.2. Measurements using DIC 

5.3.2.1. Measurement of Crack Widths on Static Beams 
   Prior to each static test, two digital cameras (Canon EOS Rebel T2i) with a resolution of 18 Megapixels 

on tripods were placed at opposite sides of the beam at the same distance from the beam focusing on the 

central region of one of the shear spans, as shown in Figure  5.1 (textured area) and Figure  5.2. This region 

was chosen to monitor the shear cracks during the different loading stages of the testing of the static 

beams. 

 
   For this research, a program called geoPIV developed by White et al. (2003) specifically for monitoring 

deformations of solids was used. To measure crack widths, a MATLAB function linked to geoPIV, was 

used to place columns of patches (64 × 64 pixels in size) on either side of the crack in a direction 

perpendicular to the crack plane as shown in Figure  5.2. The two columns of patches acted as a ‘virtual 

strain gauge’ with a 300-pixel gauge length. To measure variations of crack widths along the crack plane, 

the images of the cracked beam are usually compared to the reference (pre-deformed) image. However, in 

this research, to reduce error in the measurements, the images were compared to the corresponding image 

from the previous load stage. 

 
 

Figure  5.2. Patches to measure crack widths 
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5.3.2.2. Measurement of Strains on Fatigue Beam  
   To evaluate the performance of DIC technique in measuring strains in flexure, the two digital cameras 

that were used in measuring the widths of the shear cracks, were placed at opposite sides of WSRF beam 

after completion of the fatigue test on beam. The cameras were placed equidistant from the face of the 

beam and were focused on the flexural span of WSRF beam. The beam was loaded to a service load of 

70 kN in 10 kN increments and five consecutive images were taken at each load stage. Digital cameras 

cannot reproduce the same intensity values of a stationary scene perfectly between multiple exposures, 

and slight jitter exists between sequential images (Luo et al. 2001). To minimize camera jitter and lighting 

impacts on the measurements, averaging of images was recommended by Hoult et al. (2013). The 

consecutive images were averaged together using MATLAB to form a single average image for each load 

increment. 

 
   To process the images and measure the strains, the same program (geoPIV) and MATLAB function, 

that were used for the measurement of the crack widths, were used. However, a longer “virtual strain 

gauge”, with a pixel length of 1200, was used for measurement of the strains. 

5.3.2.3. Measurement of Deflection on Static and Fatigue Beams 
   The DIC technique is able to resolve the displacement field by comparing and matching image subsets 

using correlation algorithms (Sutton 2008). Thus, this method can be used for measurement of beam 

deflection at any desired point within the camera field of view. To assess the performance of DIC 

technique in measuring deflection, two single patches (64 × 64 pixels in size) were placed on the beams 

directly above the LP to compare the displacement measured by the DIC technique with the LP readings. 

It should be noted that the same images taken from the shear span of the static and fatigue beams during 

the tests were used to measure the shear span deflection of the beams. 
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5.3.3. Measurements using FOS 

5.3.3.1. Measurement of Strains on Fatigue Beams  
   A single-mode optical fibre (FOS) with a core diameter of 8.2 µm and a nylon coating was adhered to 

the prepared surface of the fatigue beams using Loctite E-20HP. The preparation of the surface included 

grinding the concrete and cleaning the sanded surface with 99% isopropyl alcohol to create a smooth dust 

free finish and ensure proper adhesion between the fibre and surface.  

 
Figure  5.3. Location of fully and partially-bonded fibres (WSRF beam) 

 
   The fibre was applied in two parallel rows, one fully bonded and the other partially unbonded, at both 

the top and bottom portion of the beams approximately at the same height as the tensile and compressive 

reinforcement as shown in Figure  5.3. A fibre optic analyzer (OBR 4600) and accompanying software, 

both developed by Luna Technologies, were used to capture and analyze the FOS readings. The fully 

bonded fibres were used to record strain readings along the concrete surface, while the partially bonded 

fibres were used to record temperature induced strain readings.  

5.3.4. Temperature Correction (Calibration) of FOS and DIC Systems  

   Previous research showed that the sensor systems, i.e. DIC camera system and optical fibres, 

themselves are affected by temperature (Ma et al. 2012, DeRosa 2012), which may result in erroneous or 

inaccurate readings. For this reason, at first, the potential errors that are induced in the sensor systems due 
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to temperature changes need to be quantified. In this section, the calibration methods that were developed 

to identify and rectify temperature related strain errors are discussed. 

5.3.4.1. Temperature Correction of DIC (DIC Calibration) 
   Ma et al. (2012) demonstrated that errors are induced in DIC strain measurements due to camera 

self-heating, and reported total average strain errors ranging from 70 𝜇𝜀 to 230 𝜇𝜀 in six different cameras 

when temperature changed by approximately 9 °C to 14 °C. To investigate the effect of temperature on 

the digital cameras used in this study, and to compensate the DIC results for temperature, the response of 

the DIC camera system at various temperatures was determined by conducting two independent 

calibration tests.  

Stage 1: Recording Successive Images  

   The two Canon T2i cameras that were used in the beam tests were placed in the temperature-controlled 

room and were focused on an unrestrained steel plate instrumented with two perpendicular strain gauges 

at its mid height and a thermocouple (Figure  5.4). In the first calibration test, a reference image was taken 

at +28 °C, then the rest of the images were taken approximately every six hours while the room 

temperature was gradually lowered to -24 °C. 

 
   In the second calibration test, a reference image was taken at +21 °C, after which the camera timers 

were set to take photos every two hours while the room temperature was gradually lowered to -28 °C. The 

room remained at -28 °C for 48 hours and then the temperature was gradually increased back to +23 °C.  

Stage 2: Post-processing the Images 

   To determine temperature-related strain errors into the camera systems, two patch columns, acting as 

“virtual strain gauges”, with a 1200-pixel gauge length and a patch size of 64 × 64 pixels were used in a 

layout as shown in Figure  5.4. After processing the images using geoPIV and obtaining the strain profiles 

for each temperature, the corresponding strain gauge readings (recorded at the same moment the images 



109 
 
 

were captured) were subtracted from the DIC strain profiles to determine the strains induced in DIC 

systems due to varying temperature. 

 

Figure  5.4. Calibration Test setup and DIC patches (x and y axes: x and y-location in pixel) 

 

5.3.4.2. Temperature Correction of FOS (FOS Calibration) 
   To correct FOS readings for temperature, a portion of the optical fibre, approximately 200 mm, was 

threaded through a plastic straw in contact but not bonded to a concrete cylinder, acting as a 

“dummy sensor”. The rest of the fibre was adhered on the back surface of the steel plate using 

Loctite 4851 (Figure  5.4). However, a few parts of the fibre remained unbonded and/or unthreaded. In this 

way, both bonded and unbonded parts of the fibre were used in the fibre calibration test. 

 
   To determine the temperature induced strain errors of the fibre, the average readings of the horizontal 

and vertical strain gauges on the plate were subtracted from the readings of the bonded portion of the fibre 

on the plate while the readings corresponding to the unbonded and/or threaded portions of the fibre were 

readily used since those free portions of the fibre were able to freely expand or contract with temperature 

changes, and their readings directly provided the thermally induced strain errors in the fibre. These 

methods of calibration were respectively called “subtraction technique” and “dummy sensor technique” in 

this chapter. 
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   It should be noted that the purpose of threading the fibre through a plastic straw was to provide 

protection against any effects of air circulation within the temperature-controlled room while allowing the 

fibre to freely expand and contract with temperature changes (DeRosa 2012).  

 
  The temperature and thermal strains in the steel plate were respectively recorded by the thermocouple 

and two perpendicular strain gauges that were installed on the back of the plate at its mid-height. 

5.4. Results and Discussion 

5.4.1. DIC Calibration Tests  

   Figure  5.5 shows the horizontal and vertical strain errors obtained from the DIC calibration tests as the 

temperature was lowered from +28 °C to -24 °C during calibration test 1 and from +21 °C to -28 °C and 

then back to +23 °C during calibration test 2. The slopes of the fitted line to the data points, which are in 

fact the coefficients of thermal expansion (α) of the DIC camera system, are given in Table  5.1 as well. 

 
Figure  5.5. Temperature vs thermal strain in DIC - slope of the fitted line (α): coefficient of thermal 

expansion of DIC cameras (µε/ °C) 
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Table  5.1. DIC temperature-related strain errors (µε / °C)  

Strain Errors (µε / °C) Test 1 Test 2 
+28 °C to -24 °C   +21 °C to -28 °C -28 °C to +23 °C  

Horizontal Strain Errors (αH) 18.4 50.6 21.2 
Vertical Strain Errors (αV) 20.6 36.2 4.7 
Average Strain Errors (αAVE) 19.5 43.4 13 

 

   The calibration test results showed that temperature variations largely impacted strain measurements by 

DIC method and resulted in thermally induced strain errors up to approximately 43 µε/ °C on average, or 

2127 µε over a temperature range of 49 °C.  

 
   The results of calibration test 2 showed that the DIC camera system behaved differently as the 

temperature was lowered from +21 °C to -28 °C compared to increasing the temperature back to +23 °C. 

The results also showed that the response of a camera system to temperature changes may differ from one 

test to another. The different response of the camera system during the two calibration tests and its 

different behaviour on the downward cycle compared to the upward cycle during the second test indicated 

that a nonlinear relationship between DIC camera system and temperature. This phenomenon was also 

observed during previous similar calibration tests of DIC systems (DeRosa 2012). 

 
   There are two potential factors that caused the camera to behave differently with temperature changes; 

i) the different start and end temperatures of the calibration tests, ii) the duration of the tests and rate of 

temperature change: the duration of test 1 was 43 hours, around 20 hours from +28 °C to +2 °C and 23 

hours from +2 °C to -24 °C, while test 2 lasted for 98 hours; around 4 hours from +21 °C to -6 °C, 

18 hours from -6 °C to -27 °C, 43 hours between -27 °C to -25 °C, and around 33 hours from -25 °C to 

+23 °C. Nevertheless, it should be noted that other factors, e.g. the interaction of the camera components 
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and camera self-heating, are in play, and the test condition and the ambient environment are not the only 

causes of the observed behaviour of the camera with changes in temperature.  

Thus, the results from the calibration tests can be used to reduce the errors due to temperature but not to 

eliminate them. 

5.4.2. FOS Calibration Test 

   As described earlier, two techniques, i.e. “dummy sensor” and “subtraction”, were used to determine the 

temperature-related strain errors of the single-mode (nylon-coated) and PM fibres. The results of FOS 

calibration test 1 and 2 are shown in Figure  5.6, and the values of the coefficients of thermal expansion of 

the nylon and PM fibre are given in Table  5.2. For the unbonded nylon and PM fibres used in calibration 

test 1 and 2, respectively, two and three curves are shown in Figure  5.6 and given in Table  5.2 which 

correspond to the different unbonded sections of these fibres.  

  
Figure  5.6. Temperature vs thermal strain in FOS - slope of the fitted line (α): coefficient of thermal 

expansion of FOS (µε/ °C) 
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43.5 × 10-6 / °C in calibration test 2 while the same value of 8.7 × 10-6 / °C was obtained for the coefficient 

of thermal expansion of that fibre through subtraction technique in both test 1 and 2. The latter value is 

much closer to the coefficients of the same single-mode fibre, 10.3 × 10-6 / °C and 10.9 × 10-6 / °C, that 

were found by DeRosa (2012) through similar experiments.  

Table  5.2. Coefficient of thermal expansion of fibres (µε/°C) 

Test No. 
Nylon Fibre PM Fibre 

Dummy Sensor Subtraction Dummy Sensor Subtraction 
Test 1 32.2 8.7 13.5 11.6 
Test 2 43.4, 43.5 8.7 9.4, 10.7, 10.5 8.2 

 

   This indicates that the “subtraction technique” produces more reliable values for the coefficient of 

thermal expansion of nylon fibres whilst the values obtained from the “dummy sensor technique” for this 

type of fibre may be erroneous. However, this is not the case for PM fibre, since the results obtained from 

both “dummy sensor technique” and “subtraction technique” for PM fibre were relatively close with an 

average of 10.7±1.8 (Table  5.2). This could be due to the characteristics of the PM fibres that faithfully 

preserve and transmit the polarization state of the light that is launched into it, even when subjected to 

environmental perturbations (Méndez and Morse 2007). 

5.4.3. Measurement of Crack Widths with DIC 

   Crack widths are one of the indicators of the behaviour and condition of a concrete structure. In this 

study, the DIC technique was used to determine crack widths during different loading stages of the static 

tests at room and low temperature. As discussed before, DIC camera systems are affected by temperature 

changes, and significant strain errors, i.e. up to approximately 43 µε/ °C, could be induced in the cameras 

due to expansion/contraction of the camera components. However, the effects of thermal errors were 

found to be negligible when the DIC method was used for measuring crack widths due to the magnitude 

of the deformations involved: the calibration test showed that the ratio of the camera system strain errors 

to the crack widths was approximately 0.2 % to 0.3 %. Therefore, it is not necessary to perform 

temperature correction (calibration) tests for DIC camera systems if they are used for measuring crack 
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widths. Figure  5.7 shows the widths of the selected cracks measured using DIC technique in the shear 

spans of the static beams after each loading stage. In spite of some variations in the measurement of crack 

widths, this technique allows engineers to measure the widths of a single crack along its full length at 

once with an accuracy that could be several orders of magnitude higher than that for conventional crack 

sensors. 

 
   Table  5.3 gives the average widths of the monitored shear cracks in the static tests. Comparing the crack 

widths of the low temperature beams with their room temperature counterparts, i.e. NSL vs. NSR and 

WSL vs. WSR, showed that the widths of the crack in the low temperature beams were lower than their 

room temperature counterparts by up to 50 %. The results also showed that the beams with stirrups, WSR 

and WSL, had lower crack widths than the beams without shear reinforcement, NSR and NSL, which was 

due to the additional restraint provided by the stirrups. These results are discussed in more detail in 

Chapter 3. 
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Figure  5.7. The widths of the selected shear cracks in static beams at different load stages 

 

Table  5.3. Average crack widths in mm 

Beam ID 90 kN 48-hour (90 kN) 10 Cycles Failure 
NSR 0.14 0.22 0.22 0.24 
NSL 0.08 0.11 0.22 0.29 
WSR 0.10 0.16 0.18 NA 
WSL 0.05 0.09 0.13 NA 

 

5.4.4. Measurement of Strains with DIC 

   Figure  5.8 shows the DIC and FOS strain measurements in the flexural span of WSRF beam during the 
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fatigue failure of this beam was due to the rupture of one of its tensile reinforcing bars at the location of 

the flexural fatigue crack in the midspan (Figure  5.3). 

 
   The DIC strain profiles were obtained from one of the two cameras that were placed on the opposite 

sides of the beam. It is worth noting that the strain profiles obtained from the other camera (Figure D.1) 

were much higher than the DIC results shown in Figure  5.8, presumably, as a result of camera movement 

during the test. For that reason, the results obtained from one camera are only discussed and compared 

with FOS measurements. The measured strains with DIC and FOS techniques correspond to almost the 

same section near the midspan of the beam. The gauge length used for DIC measurements was 

1200 pixels (equivalent to 190 mm) and the strain profiles obtained from the FOS were calculated by 

averaging the strain data over a 200 mm length of fibre for both the top and bottom fibre, and a straight 

line is plotted between these two data points. It should be noted that measuring the strain profiles with 

DIC along the full depth of the beam was not possible because of the presence of the fibres on the surface 

of the beam (Figure  5.3).  

 
Figure  5.8. DIC and FOS strain measurements in WSRF beam after fatigue failure 

  As shown in Figure  5.8, the DIC and FOS measurements both suggest that the neutral axis has moved up 

as a result of the fatigue cracking; however, the new location of the neutral axis based on DIC strain 
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profiles is lower than based on the FOS strains. DIC measurements suggest that the neutral axis has 

moved to 230 mm while FOS measurements indicate that the new location of the neutral axis is at 

300 mm, approximately. This difference could be due to the values of the strains that were measured by 

DIC technique which are very high and not correct. The DIC measurements indicate that the value of the 

strains at 70 kN at the bottom near the tensile reinforcement are around 2800 µɛ which implies that the 

tensile reinforcement has yielded at a lower load than 70 kN while that is not the case and the strains in 

the tensile reinforcement in the midspan of WSRF beam at 70 kN remained less than 1000 µɛ 

(Figure  4.9). There are several factors that could have potentially caused this error; one source of error 

could be lens distortion which results in displacement being measured differently based on the location of 

the patch relative to the centre of the lens. The other sources of error could be the close distance between 

the camera lens and surface of the beam, approximately 1.22 m, and the small focal length of the lens (18-

55 mm). Nevertheless, out-of-plane-movement seems to be the main source of error since the beam was 

tested on a reaction beam loaded with an adjustable actuator head. Therefore, there was a potential for the 

beam to be loaded eccentrically resulting in out-of-plane-movement or rotation of the beam if it were not 

precisely centred in the testing frame (DeRosa 2012).  

 
   To get an idea of out-of-plane-movement (∆y) required to achieve these values of strain errors (εerror), 

Sutton et al. (2009) equation, Eq.5.1, and Hoult et al. (2013) equation, Eq.5.2., were used. 

∆𝑦
𝑦

= 𝜀𝑒𝑐𝑐𝑒𝑐   (5.1) 

∆𝑦 = ∆𝜀1−∆𝜀2
1 𝑦1� + 1 𝑦2�

   (5.2) 

where ∆y is out-of-plane-movement; y, distance between the camera lens and surface; εerror, strain error; 

∆𝜀1 and ∆𝜀2 sum of the real strains and the error associated with out-of-plane-movement in camera 1 and 

2, respectively. From Sutton (2009) and Hoult (2013) equations, it was determined that the movement 

required to develop this strain error could be as small as 0.60 mm and 0.15 mm, respectively. It would be 

difficult to track these small magnitudes of movement with any displacement sensor.  
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5.4.5. Measurement of Deflection with DIC 

   Figure  5.9 compares the deflection of one of the shear spans of the static and fatigue beams measured 

using LP with the corresponding deflection of the same beam measured by DIC technique. One can see 

that DIC deflection measurements are in good agreement with the LP readings, and the overall difference 

between the LP readings and DIC measurements is not significant. However, that difference is relatively 

high in WSL beam after 48-hour sustained load which could be because of the camera movement during 

the 48-hour period. 

 
   It should be noted that the LP on WSR beam slid off the beam after 150 kN, and the load-deflection 

curves of NSLF and WSLF beam (the fatigue beams) shown in Figure  5.9 correspond to the post-failure 

monotonic test that was carried out on each of these two beams after fatigue failure. For this reason, the 

residual deflections in the corresponding shear spans of these two beams, as a result of cyclic loading, 

were added to the deflections measured by DIC technique for comparison purposes. 
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Figure  5.9. Load-Deflection of the static and fatigue beams (LP versus DIC) 

 

5.4.6. Measurement of Strains with FOS 

   As noted earlier, monotonic tests were performed on the fatigue beams prior to and during the cyclic 

loading. During the periodic monotonic tests, strain measurements were taken using the internal strain 

gauges on the reinforcements, a single concrete strain gauge on the surface of the beam at midspan near 

the compressive reinforcement and the fibre optic sensors that were applied on the surface of the concrete. 

As shown in Figure  5.3, there are two fibres running along the top and two running along the bottom of 
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the beams, one fully bonded to capture the mechanical strains, and the other one partially bonded to 

capture pure thermal strains from their unbonded sections; however, it was found that the strains in the 

unbonded fibres, that were zeroed at the beginning of each monotonic test, did not change significantly 

during approximately the one hour that the monotonic tests were carried out. For that reason, mainly the 

results of the fully bonded fibres are reported and compared with the corresponding strain gauges. 

 
  Figure  5.10 shows the strain measurements taken by FOS on the concrete surface of NSLF, WSRF and 

WSLF beams at different load stage (30 kN and 60 kN) as well as the strain readings by the external 

concrete strain gauge and the internal reinforcement strain gauges. Based on these results, one can 

observe that the fibre optic sensors are capable of measuring the strains and pinpointing the crack 

locations. 

 
  The FOS measurements from the fibres bonded to the concrete in the tensile zones of the beams indicate 

the presence of cracks as subtle variations in the strain, i.e. minimum strain between cracks and maximum 

strain or peaks at the cracks due to the discontinuity of the concrete. However, the other situation could be 

separation of the optical core of the fibre from the outside cable as a result of the large strains, resulting in 

small tensile and compressive strain zones represented by the large peak in strain (DeRosa 2012). This 

phenomenon, large peaks in strain, has been observed in previous studies (Lanticq et al. 2009; Guemes et 

al. 2010; DeRosa 2012). 
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Figure  5.10. Comparison of strain gauge readings and FOS measurements  
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      The FOS measurements vary slightly from the strain gauge readings which was partially due to the 

fact that these gauges were bonded to the concrete and not the steel and thus measure significant changes 

in strains at the cracks where the strains are infinite. Other factors include the variation in strain in the 

concrete at the surface versus next to the reinforcement, as well as the difference between the height of 

the applied fibres on the beam; the heights of the compression reinforcement and the concrete strain 

gauge on top of NSLF beam were 358 mm and 326 mm, respectively, while the height of the 

fully-bonded fibre on top of that beam was 372 mm. The heights of the fully-bonded fibres on bottom of 

WSLF and WSRF beams were approximately 67 mm and 72 mm, respectively, while the height of the 

tensile reinforcement was 50 mm. 

The midspan strains measured by the 5 mm strain gauges installed on the tensile reinforcement as well as 

the FOS on the concrete surface approximately at the tensile steel height for NSRF, NSLF, WSRF and 

WSLF are shown in Figure  5.11. The fibre optic strain readings were set to be taken over a 20 mm gauge 

length with a sensor spacing of 20 mm. This gauge length and sensor spacing was set for the fibres in an 

attempt to achieve the level of accuracy discussed by Kreger et al. (2007). The FOS strain readings were 

averaged over a 100 mm length of the fibre at midspan and plotted versus load as shown in Figure  5.11 

and Figure  5.12. It should be noted that the gauge length of the concrete strain gauges was also 100 mm, 

approximately.  

 
   At the beginning of each monotonic test, the FOS analyzer had to be zeroed, so it was not possible to 

record the residual strains in the tensile reinforcements and only the incremental strains during the 

monotonic tests from zero to 90 kN were recorded by FOS. However, for comparison purposes, the 

residual strains recorded by the steel strain gauges at the beginning of 250,000 and higher cycles were 

added to the corresponding FOS measurements. The FOS measurements are shown to be in good 

agreement with strain gauge readings up to the cracking load of the beams with a maximum error of 4% 

to 23%; however, after cracking, the FOS strains vary from the strain gauge readings between 20% and 
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42%. The errors were caused by the fact that the fibres were bonded to the concrete and not the steel and 

thus significant strains at the cracks are not measured, and that the fibres were positioned slightly nearer 

to the neutral axis of the beams.  

 

 
Figure  5.11. FOS measurements vs. steel / tensile reinforcement strain gauges readings 

 
   Figure  5.12 shows the strains measured by FOS and a concrete strain gauge near the top surface at 
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measurements which were due to the closer location of the concrete strain gauge to the neutral axis where 

0

10

20

30

40

50

60

70

80

90

100

0 500 1000 1500 2000

Lo
ad

 (k
N

) 

Strain (µε) 

NSRF Beam-fatigue life: 449,000 cycles 

0 cycles-SG

0 cycles-FOS
0

10

20

30

40

50

60

70

80

90

100

0 500 1000 1500 2000

Lo
ad

 (k
N

) 

Strain (µε) 

NSLF Beam-fatigue life: 678,000 cycles  

257000 cycles-SG
501529 cycles-SG
257000 cycles-FOS
501529 cycles-FOS

0

10

20

30

40

50

60

70

80

90

100

0 500 1000 1500 2000

Lo
ad

 (k
N

) 

Strain (µε) 

0 cycles-SG

250000 cycles-SG

500201 cycles-SG

0 cycles-FOS

250000 cycles-FOS

500000 cycles-FOS

WSRF Beam-fatigue life: 750,000 cycles 

0

10

20

30

40

50

60

70

80

90

100

0 500 1000 1500 2000

Lo
ad

 (k
N

) 

Strain (µε) 

WSLF Beam-fatigue life: 833,000 cycles 

0 cycles-SG
248000 cycles-SG
748745 cycles-SG
0 cycles-FOS
248000-FOS
748745-FOS



124 
 
 

compressive strains were smaller. However, adjustment of FOS measurements for the height difference, 

between the bonded FOS and the concrete strain gauge, 45 mm in NSLF and 57 mm in WSLF, made the 

values of the FOS measurements analogous to those from the concrete strain gauge readings. Comparing 

the adjusted FOS measurements with concrete strain gauge readings, both the sensors on the similar 

location and material or surface, clearly shows that fibre optic sensors are sufficiently accurate (error 

between 5% to 15%) and can be used for measuring strains in the structures. 

 
Figure  5.12. FOS vs. strain gauge measurements in low temperature beams 
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Figure  5.13. The width of flexural fatigue crack at room and low temperature  

 

  Figure  5.13 compares the width of the wider fatigue crack (Figure  5.3), obtained through DIC technique, 

at room and low temperature under 30 kN and 70 kN. It can be seen that the changes in the width of the 

crack under the same load was lower at low temperature near the bottom of the beam where the tensile 

strains (stresses) were high; however, the width of the crack reduced at room temperature near the neutral 

axis of the beam where tensile strains were low (or even zero).  

5.5. Discussion 
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system should be corrected for temperature if they are to be used to measure strain in an environment with 

wide temperature fluctuations or at temperatures much lower or higher than room temperature. However, 

temperature correction may not be necessary if the DIC technique is employed for measurement of crack 

widths since the ratio of the camera system strain errors to the crack widths was negligible.  

 
   Based on the results, it is clear that DIC technique is capable of measuring strains and crack widths 

along its full length. However, there are several sources of error that could potentially make DIC strain 

measurements inaccurate or even incorrect; one potential source of error is lens distortion, which results 

in displacements being measured slightly differently based on the location of the patch relative to the 

centre of the lens. In addition, the face of the beam may not be fully square on both sides meaning that 

rotation or translation on one side of the beam does not equal the same movement on the other side of the 

beam. It is worth noting that these errors were amplified because the cameras were placed so close to the 

beam surface and the focal length of the lens was small.  

 
  Nevertheless, out-of-plane-movement, that could be easily occurred as a result of eccentrically loading, 

is potentially the main source of error causing the strains measured by DIC much higher and erroneous. 

Therefore, to obtain accurate strain measurements with DIC technique, out-of-plane-movement should be 

tracked and quantified.  

 
   The different behaviour of DIC in the two calibration tests and during the test (i.e. downward cycle 

compared to upward cycle) suggested that the calibration test of DIC systems should be preferably 

performed at the same time that the DIC system is used for the measurement of the strains, or at least, the 

duration of each temperature cycle in a typical calibration test, if any, should be as same as the time that 

the DIC was used for the measurement of the strains.   

 
  The results of the FOS calibration tests showed that the fibres were affected by temperature changes, so 

it is first necessary to determine the coefficient of thermal expansion of the fibre that will be used as strain 
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sensor in a structure. The tests also showed that the thermal coefficient of PM fibres can be determined 

using either “dummy sensor technique” or “subtraction technique”. However, the former technique may 

produce incorrect results if used for determining temperature related strain errors in the single-mode fibre. 

In general, it was found that “subtraction technique” was a more reliable method for determining strain 

errors in the fibres. 

 
   The FOS measurements showed that the fibre optic sensors produced promising results and were 

capable of measuring strains to a similar level of accuracy as conventional strain gauges especially when 

the effect of cracking is accommodated. The external fibres can measure the strains in concrete in 

compression and give an indication of the strains in the tensile reinforcement up to cracking load. After 

cracking, the FOS measurements may not be exactly the same as the strain gauges due to the variations in 

strain in concrete versus steel and presence of the cracks. Nevertheless, in practice, external fibres can be 

installed on existing structures where the strain variations are smaller. 

 
   DIC measurements showed that the widths of the shear cracks in the low temperature beams were lower 

than their room temperature counterparts by up to 50%, and the changes in the widths of a flexural fatigue 

crack under service load remained lower at low temperature near the bottom of the beam where tensile 

strains (stresses) were high. 

 
   Further research is required to use DIC and FOS in measuring crack widths and strains of reinforced 

concrete elements to be able to develop more robust relationships between FOS measurements and 

reinforcement strains. 
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Chapter 6. Non-linear Finite Element Analysis of Reinforced Concrete Beams with 

Temperature Differentials  

6.1. Introduction 

   Bridges are predominant elements in surface transportation networks. For instance, over 55 million cars 

and 10 million trucks crossed the Canada-US border in 2011 (Transport Canada 2012), and a significant 

percentage of these vehicles passed over bridges to reach their destination. However, many bridges in US 

and Canada that have been built during the post World War II construction boom are deteriorated, mainly 

due to environmental effects and increased legal loads (Kim and Heffernan 2008). Many of these 

degraded and aging bridges are located in northern US states and Canada with severe environmental 

conditions such as significant and continual temperature fluctuations and prolonged freezing seasons that 

cause the bridges to be subjected to frequent freeze-thaw cycles and lengthy freezing periods. 

 
   Nevertheless, most previous research focused on the effect of low temperature on concrete material 

(Lee et al. 1988; Korhonen and Sherri 2001; Korhonen 2006; Shoukry et al. 2011) rather than on 

structural performance of reinforced concrete members. However, limited research was conducted on the 

seismic behaviour of reinforced concrete at freezing temperature (Montejo et al. 2008, 2009a, 2009b and 

2010). Furthermore, none of the developed finite element models accounts for temperature effects on the 

static behaviour of conventionally reinforced concrete members. 

 
  To address this gap in the literature, this chapter presents a numerical model for reinforced concrete 

beams with and without thermal gradients at room and low temperature. Specifically, the results obtained 

in the experimental phase of this research program (Mirzazadeh et al. 2016) as well as the results of the 

experimental study conducted by DeRosa et al. (2015) are used to validate the three-dimensional finite 

element models respectively with and without temperature differentials at room and low temperature,  

then the models are employed to determine the cracking pattern and the ultimate strength of the similar 
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statically indeterminate beams subjected to temperature differentials at room and low temperature as well 

as the beams without thermal gradient at room temperature. 

6.2. Experimental Program 

6.2.1. Material Tests 

   To determine the compressive and tensile strength of the concrete, compressive and splitting tensile 

tests were carried out on the concrete cylinders (150 mm × 300 mm), and to determine the yield and 

ultimate strengths of the 20 M (D=19.5 mm) and 10 M (D=11.3 mm) reinforcing steels, that were 

respectively used as tension, compression and shear reinforcement in the beams, uniaxial tensile tests 

were performed on the samples of the hot rolled bars. The strength values of the concrete and the steels 

obtained through the material tests are given in Table  6.3 and elsewhere (Mirzazadeh et al. 2016). 

 
  Figure  6.1 shows the engineering stress-strain curves (σeng-εeng) of 10M and 20M reinforcing bars that 

were obtained from the tensile tests as well as their corresponding true stress-strain curves (σtrue-εtrue) that 

were calculated using Eq.6.1 and 6.2. 

σtrue = σeng (1+εeng)   (6.1) 

εtrue =ln (1+εeng)                (6.2) 

   The bilinear stress-strain relationship of the reinforcing steels that was obtained by approximating the 

true stress-strain curves of the 10 M and 20 M bars, and were used in the present modelling are plotted in 

Figure  6.1 as well. It should be noted that, in total, six tensile tests were carried out on each of the 

deformed 10 M and 20 M steel bars; however, only one curve out of the three curves obtained for each 

bar is shown in Figure  6.1. 
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Figure  6.1. Experimental and true stress-strain curve of the tested 10M and 20M reinforcing bars 

 

6.2.2. Beam Tests 

   Four reinforced concrete beams, 200 mm × 400 mm × 4200 mm were constructed with two 20M bars 

(A=300 mm2) and two 10M bars (A=100 mm2) as tension and compression reinforcement, respectively. 

Figure  6.2 shows the cross-section and the internal reinforcement of WSR and WSL beams on the left and 

NSR and NSL beams on the right. Figure  6.3 shows the reinforcement and internal instrumentation 

including strain gauges and thermocouples as well as the test configuration of the beams.  

 
  The WS and NS designations stand for With Shear reinforcement and No Shear reinforcement, and R 

and L stands for the temperatures at which the beams were tested, R for room temperature (+15 °C) and L 

for low temperature (-25 °C).  
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Figure  6.2. The cross-sections of the beams with stirrups (left) and without stirrups (right)

 
Figure  6.3. Test configuration and internal reinforcement and instrumentation  

 
   To simulate solar radiation, heating pads and insulation were placed on the top surface of the beams 

prior to the start of each test to induce a temperature gradient over the depth of the beams.  

 
  For the beams tested at room temperature (+15 °C), the average temperature during the test was 

approximately 50 °C on top, 30 °C in the middle and 20 °C on bottom while for those tested at low 

temperature (-25 °C), the temperature was approximately 10 °C on top, -7 °C in the middle and -17 °C on 

bottom giving a temperature differential of approximately 30 °C over the depth of the beams in both 

cases. All of the beams were tested using a four-point bending setup with a span of 3.4 m and a constant 

moment zone of 1.0 m as shown in Figure  6.3. Two of the simply-supported beams, NSR and WSR, were 

tested at +15 °C and the other two beams, NSL and WSL, were tested in a cold room at -25 ± 2 °C.  

 
  Each test consisted of four stages performed over a three-day period: in the first stage, the beams were 

loaded to a service load of 90 kN in 10 kN increments, providing a shear force of 45 kN. This load was 
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sustained for a period of 48 hours during the second stage. The third stage consisted of cycling the total 

applied load between 50 kN and 90 kN for 10 cycles, representing variations in service load. Finally, in 

the fourth stage, the beams were incrementally loaded up from 90 kN to failure. A summary of the 

loading stages and each beam exposure during the tests is given in Table  6.1. 

 

Table  6.1. Testing Program 

Beam ID 
Load (kN) 

Exposure 
Static Sustained 

48-hour 
Cyclic  

(10 cycles) Final Static 

NSR 0-90   90   90-50-90   90 up to failure +15 °C 

NSL 0-90   90   90-50-90   90 up to failure -25 °C 

WSR 0-90   90   90-50-90   90 up to failure +15 °C 

WSL 0-90   90   90-50-90   90 up to failure -25 °C 

 

6.3. Nonlinear Finite Element Analysis 

6.3.1. General 

   The general-purpose finite element program ABAQUS version 6.14 (2014) was used in the present 

study to perform finite element (FE) modelling and analysis on the reinforced concrete beams that were 

tested by Mirzazadeh et al. (2016). 

 
   Three-dimensional (3D) finite element models of the beams with stirrups (WSR and WSL beam) and 

without stirrups (NSR and NSL beam) were developed for both statically determinate and indeterminate 

cases. Table  6.3 depicts room temperature properties of the reinforcing steel and concrete that were 

implemented in the models. 

6.3.2. Modelling of Concrete  

   The concrete damage plasticity model (Lubliner et al. 1989), which is one of the three available 

constitutive models in ABAQUS for modelling concrete material, was used to represent the behaviour of 

the concrete. This model is a continuum plasticity-based damage model, and assumes that tensile cracking 

http://129.97.46.200:2080/texis/search/hilight2.html/+/stm/ch07s01atr01.html?CDB=v6.14#stm-ref-lubliner-1989
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and compressive crushing of the concrete are the two main failure mechanisms. Like any other 

constitutive model, the essential elements of this model are the yield criterion, flow rate, and hardening 

rule. This model uses a yield condition based on the yield function proposed by Lubliner et al. (1989) and 

incorporates the modifications proposed by Lee and Fenves (1998) to account for the evolution of 

strength under tension and compression (ABAQUS 2014). To model the plastic behaviour of concrete, 

this model needs five parameters: ψ, dilation angle; ε, flow potential eccentricity; fb0/fc0, ratio of initial 

biaxial compressive yield stress to initial uniaxial compressive yield stress; Kc (0.5≤Kc≤1), a material 

parameter or shape factor; and µ, the viscosity parameter representing the relaxation time of the 

viscoplastic system (ABAQUS 2014). The values of these parameters that were used in the present 

modelling are given in Table  6.2. 

 
   It should be noted that the default values, recommended by ABAQUS, were used for ψ, ε, and Kc, and 

the value of fb0/fc0=1.16 was experimentally determined by Kupfer and Gerstle (1973). The default value 

of µ is zero, however, the analysis terminated prematurely when this default value was used. To avoid 

such termination, several fractions replaced the default value (zero), finally, it was determined that the 

value of 0.001 is the best fit and allows the analysis to complete successfully.  

 
Table  6.2. Parameters used for concrete damage plasticity model 

Parameter Value 
dilation angle (ψ) 36° 
flow potential eccentricity (ε) 0.10 
ratio of initial biaxial to initial uniaxial compressive yield stress (fb0/fc0) 1.16 
material parameter or shape factor (Kc) 0.67 
viscosity parameter (µ) 0.001 

 

 
  Concrete damage plasticity has been designed for applications in which concrete is subjected to 

monotonic, cyclic and/or dynamic loading under low confining pressures while smeared cracking has 

been designed for applications in which the concrete is essentially subjected to monotonic loading 

http://129.97.46.200:2080/texis/search/hilight2.html/+/stm/ch07s01atr01.html?CDB=v6.14#stm-ref-lubliner-1989
http://129.97.46.200:2080/texis/search/hilight2.html/+/stm/ch07s01atr01.html?CDB=v6.14#stm-ref-fenves-1998
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(ABAQUS 2014). For that reason, concrete damage plasticity is adopted in the present NLFEA to 

effectively model the response of the reinforced concrete to sustained load and load cycles. 

6.3.3. Compressive Behaviour  

   Concrete in compression was modeled as an elastic–plastic material. The compressive stress-strain 

relationship of the concrete was derived from the analytical approximation that was developed by 

Hognestad (1951), given in Eq. 6.3: 

𝑓𝑐 = 0.9𝑓𝑐′[(2𝜀𝑐
𝜀0
− �𝜀𝑐

𝜀0
�
2

]      (6.3) 

   where 𝑓𝑐 is the value of the stresses as function of the strains 𝜀𝑐, 𝑓𝑐′ is the 28-day compressive strength 

of concrete and 𝜀0 is the strain at ultimate stress. The compressive strength (𝑓𝑐′=43MPa), from the 

concrete cylinder tests was adopted in this expression to build the compressive stress-strain curve of the 

concrete. The initial modulus of elasticity of the concrete obtained from the linear-elastic (first) part of the 

Hognestad parabola determined 28600 MPa; however, secant modulus of elasticity was implemented in 

this analysis as used in previous NLFEA of reinforced concrete (Vecchio 1989; Kmiecik and Kamiński 

2011). 

 
   Kmiecik and Kamiński (2011) showed that use of secant modulus allows the constitutive model to 

reach to the correct value of the compressive strength. Vecchio (1989) developed a procedure for NLFEA 

of reinforced concrete membranes in which secant modulus of elasticity (secant stiffness) was employed. 

The study showed that secant stiffness approach can be as successful as the more common tangent 

stiffness approach, while being less restrictive on the nature of the constitutive relations or the solution 

procedure. 

6.3.4. Tensile Behaviour and Tension Stiffening 

   In the present modelling, the behaviour of the concrete and reinforcement was modeled independently; 

however, the tension stiffening effect was incorporated to account for the effects of concrete-

reinforcement interaction and the energy release during cracking of the concrete.  
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   Figure  6.4 shows the tensile stress-strain relationship that was used to determine the tensile behaviour 

and tension stiffening of the concrete at room and low temperature. In this stress-strain relationship, it is 

assumed that, with the increase in the tensile strains, the tensile stresses linearly increase with a slope 

equivalent to the modulus of elasticity of the concrete up to the concrete cracking strain (0.0001) where 

the tensile strength is reached and microcracking occurs in a fracture process zone adjacent to the point of 

highest tensile stress. After that, as the concrete softens and the crack opens, the tensile stresses across the 

crack linearly decrease to zero at a total strain of 0.0005 or 0.001 where the crack is completely formed 

and the tensile capacity of the concrete drops to zero. 

 
Figure  6.4. Tensile behaviour and tension stiffening of concrete with εtotal = 0.001 and εtotal = 0.0005 

 
   Tension stiffening is influenced by the density of reinforcing bars, the bond, the relative size of the 

aggregate compared to the bar diameter and the finite element mesh, and is an important parameter that 

significantly affects the nonlinear finite element analysis of the reinforced concrete (Liang et al. 2005). 

The tensile failure of the concrete depends on the area of the reinforcement and the tension stiffening 

value in the model (Baskar et al. 2002). 

 
   The total strain at which the tensile stresses become zero is usually taken ten times the cracking strain in 

the linear tension stiffening model; however, adjustment of this value in finite element modelling of 

concrete is recommended (ABAQUS 2014). The calibrated value of the total strain has been used in the 
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previous studies to model concrete softening for the concrete in tension (Rex and Easterling 2000; Basker 

et al. 2002; Liang et al. 2004; Liang et al. 2005). 

 
   In the present work, the effect of tension stiffening on the response of reinforced concrete under 

combined shear and flexure was investigated by adopting two values for total strain: 0.001 and 0.0005. 

The results corresponding to these two values will be compared and discussed later in this chapter.  

  It should be noted that the temperature-dependent concrete properties developed by Shoukry et al. 

(2011) were implemented in the model: 

f’c(T) = f’c (20 °C) - 0.13 (T-20)                          -30 °C < T < 60 °C  (6.4) 

ft(T) = 0.55 �𝑓′𝑐 �20 °𝐶� - 0.018 (T-20)                -30 °C < T < 60 °C  (6.5) 

Ec (T) = Ec(20 °C) - 0.10627 (T-20)                           -20 °C < T < 50 °C   (6.6) 

where f'c, ft, Ec and T are compressive strength, tensile strength and modulus of elasticity of concrete, and 

temperature, respectively. 

6.3.5. Damage Parameters 

   Concrete damage plasticity assumes that the elastic stiffness degradation is isotropic and characterized 

by a single scalar variable, d, which is the function of the uniaxial compressive and tensile damage 

variables, dc and dt, respectively, (0 ≤ dc ≤ 1 and 0 ≤ dt ≤ 1): 

(1 − 𝑑) = (1 − 𝑠𝑡𝑑𝑐)(1 − 𝑠𝑐𝑑𝑡) (6.7) 

where st ≥ 0 and sc ≤ 1 represent the tensile and compressive stiffness recovery (ABAQUS 2014). In this 

modelling, dc and dt were found from their corresponding plastic strains, 𝜀𝑐
𝑝𝑙 and 𝜀𝑡

𝑝𝑙, respectively (Birtel 

and Mark 2006): 

𝑑𝑐 = 1 −  
𝜎𝑐
𝐸𝑐

𝜀𝑐
𝑝𝑝� 1𝑏𝑐

−1�+𝜎𝑐𝐸𝑐
  (6.8) 

𝑑𝑡 = 1 −  
𝜎𝑡
𝐸𝑐

𝜀𝑡
𝑝𝑝� 1𝑏𝑡

−1�+𝜎𝑡𝐸𝑐

  (6.9) 



140 
 
 

where 𝜎𝑐 and 𝜎𝑡 are the compressive and tensile stresses, 𝐸𝑐 is the initial modulus of elasticity, and 𝑏𝑐 and 

𝑏𝑡 are the constant factors. The values of 0.7 (0 < 𝑏𝑐  ≤ 1) and 0.1 were suggested for 𝑏𝑐 and 𝑏𝑡 , 

respectively, by Birtel and Mark (2006) and were adopted in the current model. 

6.3.6. Modelling of Steel Reinforcement 

   To model reinforcing bars in the concrete, the embedded element technique, in which a single part or 

group of parts lie embedded in a host part or region, was used. In this technique, the model uses the 

response of host elements to constrain translational degrees of freedom of the nodes of the embedded 

elements. With this modeling approach, the concrete behaviour is considered independently. However, as 

discussed before, effects associated with the bar-concrete interface, such as bond slip and dowel action, 

are modeled approximately by introducing some “tension stiffening” into the concrete constitutive model 

to simulate load transfer across cracks through the bar. 

 
   In the present three-dimensional FE model, the “truss-in-solid” method was adopted to embed the 

tensile and compressive reinforcement as well as the stirrups in the beams with shear reinforcement as 

shown in Figure  6.5. 

 
Figure  6.5. Reinforcement and stirrups embedded in the concrete beam 

 
   The geometric and material properties of the reinforcing bars as well as their embedment locations were 

defined to correspond to the experimental beams.  
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  To define the stress-strain behaviour of the reinforcement, “classical metal plasticity” with isotropic 

hardening was used. The bilinear stress-strain relationship of the reinforcing steels that was obtained by 

approximating the true stress-strain curves of 10 M and 20 M bars are shown in Figure  6.1. The 

stress-strain curve with strain hardening predicts the behaviour of steel with higher accuracy than 

elastic-perfectly plastic stress-strain relationships (Liang and Uy 2000, Liang at al. 2004, Liang et al. 

2005).  

Table  6.3. Material and Mechanical Properties of the reinforcing steel and concrete 

Mechanical / Material Property 

Mirzazadeh et al. (2016) DeRosa et al. (2015) 

Reinforcing Steel 
Concrete 

Reinforcing Steel 
Concrete 

10M 20M 10M 20M 

Modulus of Elasticity, E (MPa) 200 × 103 200 × 103 28600 200 × 103 200 × 103 27000 

Poisson's ratio, ν 0.30 0.30 0.18 0.30 0.30 0.18 

Yield Strength, fy (MPa) 481 421 NA 478 453 NA 

Ultimate Strength, fult (MPa) 669 531 NA 576 563 NA 

Tensile Splitting Strength, ft (MPa) NA NA 3.60 NA NA 2.10 
Compressive Strength, f'c (MPa) NA NA 43 NA NA 36 
Density (kg/m³) 7850 7850 2400 7850 7850 2400 
Thermal Conductivity (W/m°C) 54 54 2.27 54 54 2.267 
Coefficient of Thermal Expansion (/°C) 12 × 10-6 12 × 10-6 10 × 10-6 12 × 10-6 12 × 10-6 10 × 10-6 
Specific Heat (J/kg°C) 500 500 880 500 500 880 

 

6.3.7. Temperature Differentials 

   As described earlier, temperature differentials were induced over the cross-section of the beams during 

the tests to simulate solar radiation. To create the temperature differentials in this modelling, “sequentially 

coupled thermal-stress analysis” was conducted. In this type of analysis, an uncoupled heat transfer 

analysis was initially performed on the model, then the results of the heat transfer analysis were 

implemented in the form of nodal temperatures into the stress model as a predefined field, and then they 

are interpolated to the calculation points within the elements as needed. In stress analysis, the temperature 

difference between a predefined field and any initial temperature will create thermal strains if a thermal 
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expansion is given for the material. The predefined temperature field also affects temperature-dependent 

material properties (ABAQUS 2014).  

6.3.8. Boundary Condition (Constraints) and Loading 

6.3.8.1. Statically Determinate with Temperature Differentials 
   The same constraints and loading spots were defined for the models to simulate the simply-supported 

beams (hinge-roller support condition) under a four-point bending setup with a flexural span of 1.0 m and 

two shear spans each 1.2 m. To simulate 48-hour sustained load, the default time (t=1) of step 2 was 

changed to 72 since stage 1 of loading, monotonic loading from zero to 90 kN, took around half-an-hour 

or 1/72 of stage 2 (48-hour sustained load).  Table  6.4 and Figure  6.6 depict the typical load-time curve in 

the present FE modelling. 

Table  6.4. Loading Stages in ABAQUS 

Loading Stage Step No. Type of Load Amount of Load (kN) 
1 1 monotonic 0 to 90 
2 2 sustained (constant) for 48 hours 90 
3 3 to 22 10 cycles 90 to 50 to 90 
4 23 monotonic 90 to Failure 

 

 
Figure  6.6. Load (×103 kN) versus step time  

6.3.8.2. Statically Determinate without Temperature Differentials 
   To model statically determinate beams without temperature differentials (with uniform temperature) at 

room and low temperature (-20 °C), the four reinforced concrete beams (Beam 1 to 4) tested by DeRosa 
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et al. (2015) at Queen’s structural lab were used, and the corresponding numerical results 

(load-deflection) were validated against the experimental results obtained in that study. The beams tested 

in that study were similar to the beams tested by Mirzazadeh et al. (2016); however, the properties of the 

reinforcing bars and concrete, as well as testing condition were different as described in Table  6.3 and 

elsewhere (DeRosa 2015). In that study, the load sustained at 75 kN for 48 hours and five load cycles 

between 50 kN and 75 kN were applied on the beam prior to loading the beam to failure. In addition, to 

test the low temperature beams with and without stirrups (Beam 1 and 2), the temperature in the room 

was lowered to -20 °C at the start of 48-hour sustained load while the beam tests conducted by 

Mirzazadeh et al. (2016) started once the temperature differentials over the cross-section of the beams had 

fully developed and maintained. 

6.3.8.3. Statically Indeterminate with and without Temperature Differentials 
   FE analysis was performed on six fixed-ended models: four with temperature differentials; i.e. 

NSR-Fixed, NSL-Fixed, WSR-Fixed and WSL-Fixed; and two without temperature differentials; 

NS-Fixed and WS-Fixed. The two latter analyses were performed to compare the ultimate load of the 

statically indeterminate reinforced concrete beams with the theoretical ultimate load of a typical 

fixed-ended beam with two point-loads. Figure  6.7 shows the geometry and boundary conditions of the 

statically indeterminate models simulating fixed-ended conditions with an expansion joint on one end. 

Such a configuration is an approximation of one span of continuous multi-span beams. It should be noted 

that the cross-section of these models was as same as that for the simply-supported ones.  

 
Figure  6.7. Geometry and boundary condition of the statically indeterminate models 
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6.3.9. Meshing and Convergence Test 

   To mesh the 3D model of the concrete beam, an eight-noded linear hexahedral (C3D8) fully integrated 

brick element (actually a cube element) with eight integration points was used, and to mesh the 

reinforcement, two-node linear 3D truss (T3D2) elements were employed. 

 
  In finite element analysis, the accuracy of the solution is assessed in terms of convergence as the mesh 

(element size) is refined. There are two major methods for mesh refinement: “h-refinement” and 

“p-refinement”. In h-refinement, the number of elements used to model a given domain are increased 

which results in individual element size reduction while in p-refinement, element size remains unchanged 

and the order of polynomials used as interpolation functions is increased (Zienkiewicz and Taylor 2005).    

In this modelling, the first method, “h-refinement” was employed to perform a convergence test to find 

mesh independent results that were in agreement with the corresponding experimental results. Such 

refinement is the basis for standard convergence proofs (Dörfel et al 2010).  

 
  The size and the total number of brick elements as well as truss elements that were generated for the 

convergence test are given in Table  6.5. It should be noted that in the convergence test only a monotonic 

load greater than the yield load of the tensile reinforcement was applied on the model. 

Table  6.5. Size and number of the element used in convergence test 

Size of  
the Elements 

(mm) 

Total Number of the Elements in a Single Reinforcement (Vol Ratio of a Brick 
Element to the 3D Model) 

× 10-3 Concrete Tensile  
Reinforcement 

Compression  
Reinforcement 

Shear  
Reinforcement 

80 780 51 51 12 1.52 
70 1080 59 59 14 1.02 
60 1512 68 68 16 0.64 
50 2688 82 82 20 0.37 
40 5350 103 103 26 0.19 
30 12740 137 137 34 0.08 
25 21504 164 164 40 0.05 

 
   Figure  6.8 shows four of the numerical load-deflection curves corresponding to 30 mm, 40 mm, 50 mm 

and 60 mm brick (cube) element, as well as the experimental load-deflection curve of that beam. To better 
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demonstrate the changes of the load-deflection curve with mesh refinement, the first part of the curve up 

to 20 mm or 150 kN is shown as well. As illustrated, the load-deflection curves of the elements with the 

sizes of 40 mm and 30 mm have merged together and produced the closest results to the experimental 

results. This indicates that the results correspond to any of these element sizes are mesh-independent and 

were converged to the exact solution. 

 
Figure  6.8. Load-deflection curves of WSR beam from FE analyses with different element sizes 

 

6.3.10. Solution Method 

  To obtain the solutions for the present NLFEA, the Newton-Raphson method (ABAQUS 2014) was 

employed and the solution was found by gradually applying the specified loads, and incrementally 

working toward the final solution.  

6.4. Comparison with Experimental Results 

6.4.1. Load-deflection and failure mode  

6.4.1.1. Experimental 
  The experimental and numerical load-deflection curves of NSR, NSL, WSR and WSL beams are plotted 

in Figure  6.9.  

0

20

40

60

80

100

120

140

160

180

0 10 20 30 40 50 60

Lo
ad

 (k
N

) 

Deflection (mm) 

Experimental
C3D8-S:60
C3D8-S:50
C3D8-S:40
C3D8-S:30

0

20

40

60

80

100

120

140

160

180

0 5 10 15 20

Lo
ad

 (k
N

) 

Deflection (mm) 

Experimental
C3D8-S:60
C3D8-S:50
C3D8-S:40
C3D8-S:30



146 
 
 

  

 
Figure  6.9. Experimental vs. FEM load-deflection curves of the simply supported beams with temperature 

differentials 

 
   As expected, NSR and NSL beams experienced brittle shear failures with no warning at peak loads of 

123 kN and 139 kN with ultimate deflections of approximately 10 mm and 15 mm, respectively. The 

failure of NSR beam was due to development of a large shear crack near the middle of the shear span, and 

the failure of the NSL beam resulted from the simultaneous propagation of two relatively symmetric 

cracks near the middle of each shear span as shown in Figure  6.10 top.  
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   Both the WSR and WSL beams failed in flexure due to crushing of the concrete in the compression 

zone at midspan. As expected, these two beams reached their full flexural capacity and failed in a ductile 

manner at higher loads than the ultimate loads of the NSR and NSL beam, the WSR beam at 157kN and 

the WSL beam at 169kN. A ductile plateau in the load-deflection curves of these two beams can be seen 

(Figure  6.9). This response of transversely reinforced concrete is owing to the higher shear capacity 

provided by the stirrups. The ultimate deflections of WSR and WSL beam were 59 mm and 79 mm, 

respectively, up to six times greater than their counterpart beams without stirrups.  

6.4.1.2. FEM 
Statically Determinate Beams with Temperature Differentials 

  To validate the present finite element modelling, the load-deflection curves of NSR, NSL, WSR and 

WSL model were compared to their corresponding experimental curves, tested by Mirzazadeh et al. 

(2016), as shown in Figure  6.9. Similar to the experiments, the development of the temperature 

differentials through the depth of the models were completed prior to the start of loading. As expected, an 

initial negative deflection (approximately -1.00 mm), as a result of the applied temperature differential 

(∆T = 30°), was computed for all the beams in the present analysis; however, that negative deflection was 

adjusted in the numerical load-deflection curves for better comparison with the corresponding 

experimental curves. 

 
  The values of the cracking load, yield load and ultimate load computed with a total strain of 

εtotal = 0.0010 and εtotal = 0.0005 for the tension stiffening model as well as the corresponding experimental 

values are given in Table  6.6 and Table  6.7, respectively.  
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Table  6.6. Comparison of the experimental loads to FE loads with εtotal = 0.0010  

Beam ID 

Exp. 
Cracking  
Load 
(kN) 

FEM 
Cracking 

Load 
(kN) 

Diff.  
(%) 

Exp. 
 Yield Load 

(kN) 

FEM 
Yield Load 

(kN) 

Diff.  
(%) 

Exp. 
 Ultimate  

Load 
(kN) 

FEM 
Ultimate 

Load 
(kN) 

Diff.  
(%) 

NSR 60 53 -12% NA NA NA 123 125 2% 

NSL 60 63 5% NA NA NA 139 146 5% 

WSR 36 33 -8% 145 131 -10% 157 169 8% 

WSL 48 40 -17% 157 132 -16% 169 172 2% 

 

 

Table  6.7. Comparison of the experimental loads to FE loads with εtotal = 0.0005 

Beam ID 

Exp. 
Cracking 

Load 
(kN) 

FEM 
Cracking 

Load 
(kN) 

Diff.  
(%) 

Exp. 
 Yield 
Load 
(kN) 

FEM 
Yield 
Load 
(kN) 

Diff.  
(%) 

Exp. 
 Ultimate 

Load 
(kN) 

FEM 
Ultimat
e Load 
(kN) 

Diff.  
(%) 

NSR 60 45 -25% NA NA NA 123 113 -8% 

NSL 60 54 -10% NA NA NA 139 116 -17% 

WSR 36 27 -25% 145 130 -10% 157 161 3% 
WSL 48 30 -38% 157 131 -17% 169 166 -2% 

 

   Comparison of the numerical load-deflection curves with the experimental curves shows that the FE 

results are generally in good agreement with the corresponding experimental results with discrepancies of 

the order of 10 % which is in the expected range of experimental variability for such beams. The results 

show that the change of the total strain from 0.0010 to 0.0005 had a negligible impact on the general 

response of the beams with stirrups (WSR and WSL) while reduction of that parameter more significantly 

influenced the response of the beams without stirrups (NSR and NSL). For instance, creep deflections of 

5.0 mm and 1.2 mm were predicted for NSR and NSL, respectively, by the model with total strain of 

0.0005 as a result of the 48-hour sustained load while such a deflection was not observed in the 

experimental curves of these two beams (nor with the model with a total strain of 0.0010). 

 
  In addition, reduction of tension stiffening to 0.0005 decreased the computed cracking load of the 

reinforced concrete, and increased the difference between numerical and experimental cracking loads up 

to 38%. However, it did not affect the yield load of the WSR and WSL models because the 
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load-deflection response of the beam is entirely governed by the yielding of the reinforcing steel at this 

stage and makes the response of the reinforced concrete almost independent of tension stiffening or the 

rate of concrete softening. 

 
  The predicted ultimate loads of NSR and NSL with a total strain of 0.0010 are in good agreement with 

their corresponding experimental failure loads (maximum error of 8 %); however, the lower value of the 

total strain (0.0005) caused the ultimate load to be underestimated by 17 %. Adjustment of the total strain 

from 0.0010 to 0.0005 caused the predicted failure load for WSR and WSL to decrease from 169 kN to 

161 kN and from 172 kN to 166 kN, respectively. This indicates that the lower value of tension stiffening 

(εtotal = 0.0005) predicts a more accurate ultimate load for WSR but underestimates the cracking load. 

 
   The numerical stiffnesses of the reinforced concrete beams, that were computed using εtotal = 0.0010, 

were compared the corresponding experimental stiffness. The difference between FE and experimental 

stiffness (slope of load-deflection curve) of the NSR, NSL, WSR and WSL models prior to cracking 

found 22%, 20%, 9% and 28%, and after cracking under service load (up to 90 kN) found 7%, 2%, -8% 

and 8%. This shows that the stiffness (slope of load-deflection curve) of the reinforced concrete with and 

without stirrups predicted with a reasonable accuracy; however, the initial stiffness of the reinforced 

concrete was slightly overestimated. 

 
  Hence, it can be concluded that a total strain of 0.0010 produces more accurate results for both the 

beams with and without shear reinforcement; however, the ultimate flexural capacity of the reinforced 

concrete when shear reinforcement is present could be slightly overestimated.  

 
  As expected, the mode of failure predicted in the present NLFEA was the same as the failure modes 

observed during the tests; shear failure for the models without stirrups and flexural failure for the ones 

with stirrups. The cracking patterns at failure including the large shear cracks in the shear span of NSR 

and NSL model, and the flexural cracks in WSR and WSL model are shown in Figure  6.10 bottom. 
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  It should be noted that in concrete damage plasticity, contour of positive principal plastic strains (PE>0) 

shows the cracks on concrete (ABAQUS 2014). The cracking patterns predicted by the models are 

qualitatively representative of the patterns observed in the tests. Key features such as large shear cracks in 

the beams without stirrups and more distributed cracks for the beams with stirrups are replicated by the 

models. 
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Figure  6.10. Cracking pattern of the tested beam (top) and their numerical counterparts (bottom) at failure 

(vertical bars: the location of the supports and load spots, arrows: the monitored cracks during the tests and / or the shear cracks led to 
failure) 

 
Statically Determinate Beams without Temperature Differentials 

   To evaluate the accuracy of the present modelling in predicting the behaviour of the reinforced concrete 

beams with uniform temperature (without temperature differentials), the beams tested by DeRosa et al. 



152 
 
 

(2015) at room and low temperature were analyzed using the same total strains (εtotal = 0.0010 and 

εtotal = 0.0005) used for the beams with temperature differentials.  

 
   The experimental and FEM load-deflection curves of Beams 1 to 4 are plotted together in Figure  6.11 

showing that the FE results are generally in good agreement with the corresponding experimental results. 

Comparing the numerical stiffnesses of Beams 2, 3 and 4 to the corresponding experimental stiffness 

shows that the difference between the FE and experimental stiffnesses was between 3% to 10% regardless 

of the value of the total strains; however, that difference was higher, approximately 30%, for Beam 1. 

Table  6.8 and Table  6.9 compare the FE cracking, yield, and ultimate loads of Beams 1 to 4 with the 

corresponding experimental loads. Similar to the beams with temperature differentials, reduction of the 

total strain from 0.0010 to 0.0005 caused the cracking and ultimate loads to decrease; however, had no 

impact on the yield load of the beams with stirrups (Beams 2 and 4).  

 
   The ultimate loads predicted for the beams without shear reinforcement (Beams 1 and 3) were very 

close (up to 8% error) to the corresponding experimental ultimate loads of these two beams when the total 

strain of 0.001 was used, but changing that value to 0.0005 resulted in underestimating the ultimate loads 

of the beams without stirrups by 26%, and predicted creep deflections of 3.50 mm and 3.95 mm in Beams 

1 and 2, respectively, as a result of the 48-hour sustained load whilst such deflection cannot be seen in the 

experimental curves of these two beams. Similar response was observed in NSR and NSL when the rate 

of concrete softening increased. Nevertheless, comparing the values of the cracking loads in Table  6.8 and 

Table  6.9 with the corresponding experimental values indicates that the lower value of the total strain may 

produce more accurate cracking loads which could be due to the much lower tensile strength of the 

concrete used in these beams than the beams tested by Mirzazadeh et al. (2016). 

   It is worth noting that the tests for Beams 2 and 4 were stopped prior to ultimate failure of the two 

beams with stirrups. For that reason, the obtained FE ultimate loads for these two beams cannot be 
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verified. However, one can see that the ultimate loads predicted by the present modelling for Beam 2 and 

4 are within the expected range (Figure  6.11). 

  

  

Figure  6.11. Experimental vs. FEM load-deflection curves of the simply supported beams with uniform 
temperature 
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Table  6.8. Comparison of the experimental loads to FE loads with εtotal = 0.0010 

Beam 
No. 

Exp. 
cracking 

load 
(kN) 

FEM 
cracking 

load 
(kN) 

Diff.  
(%) 

Exp. 
 yield load 

(kN) 

FEM 
yield 
load 
(kN) 

Diff. 
(%) 

Exp. 
 ultimate 

load 
(kN) 

FEM 
ultimate 

load 
(kN) 

Diff.  
(%) 

1 36 45 25% NA NA NA 142 130 -8% 
2 30 42 40% 153 150 -2% NA 183 NA 
3 30 37 23% NA NA NA 113 118 4% 
4 24 35 46% 147 151 3% NA 179 NA 

 
 
 

Table  6.9.  Comparison of the experimental loads to FE loads with εtotal = 0.0005 

Beam 
No. 

Exp. 
cracking 

load 
(kN) 

FEM 
cracking 

load 
(kN) 

Diff.  
(%) 

Exp. 
 yield load 

(kN) 

FEM 
yield 
load 
(kN) 

Diff. 
(%) 

Exp. 
 ultimate 

load 
(kN) 

FEM 
ultimate 

load 
(kN) 

Diff. 
(%) 

1 36 36 0% NA NA NA 142 107 -25% 
2 30 34 13% 153 150 -2% NA 176 NA 
3 30 29 -3% NA NA NA 113 84 -26% 
4 24 27 13% 147 151 3% NA 174 NA 

 

Statically Indeterminate Beams with and without Temperature Differentials 

   One of the aims of this study was to explore the ultimate loads and cracking patterns for statically 

indeterminate reinforced concrete beams. Hence, similar fixed-ended beams (with the same flexural and 

shear spans as the simply supported beams) with and without temperature differentials were modelled and 

analysed in this work as described in section 6.3.8.3. Table  6.10 gives the numerically computed ultimate 

loads of the indeterminate beams that corresponds to failure mechanism in the beams (i.e., yielding of the 

reinforcement at the ends and in the midspan, and the formation of the three plastic hinges: two at the 

supports and one in the midspan). Using the principle of virtual work, or more exactly, the method of 

virtual 

force, the theoretical ultimate (failure) load of a fixed-ended beam with two point loads spaced at 1.0 m 

and with a span of 3.4 m was determined 233 kN, approximately. One can see that the difference between 

the ultimate loads predicted by the present modelling for the beams without temperature differentials (NS-
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Fixed and WS-Fixed) with the theoretical ultimate load does not exceed 9% indicating that the 

numerically computed ultimate loads are in very good agreement with the theoretical ultimate load. This 

level of accuracy is reasonable given that the theoretical prediction ignores strain hardening. 

 
   The ultimate loads of the beams with temperature differentials (NSR-Fixed and WSR-Fixed) were 

higher than the corresponding beams without temperature differentials. This could be potentially due to 

the later formation of the plastic hinge in the midspan of the beams with temperature differentials as a 

result of the initial hogging in these beams.  

Table  6.10. FEM predicted ultimate loads and number of cracks at 90 kN and service load for the fixed-ended 
models 

Beam ID FEM ultimate load  
(kN) 

Number of Cracks  
at 90 kN 

Number of Cracks  
at 187 kN 

NS-Fixed 248 5 11 
NSR-Fixed 259 5 13 
NSL-Fixed 271 2 11 
WS-Fixed 254 7 12 
WSR-Fixed 259 6 11 
WSL-Fixed 280 2 10 

 

6.4.2. Cracking Pattern under Service Load 

6.4.2.1. Statically Determinate 
   Table  6.11 compares the number of the cracks on the tested beams with the number of the cracks 

computed in the present NLFEA at the end of each loading stage. Overall, the number of the cracks on the 

models compares favourably (discrepancies of 1 to 4 cracks) with the number of the cracks on their 

counterpart beams except for the WSL beam model at 90 kN. This shows that these FE models are 

capable of predicting the cracking pattern and distribution of the reinforced concrete with temperature 

differentials at both room and low temperature. 
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Table  6.11. Number of the cracks at the end of loading stages (FE vs. Experimental) 

Beam ID 
90kN 48-hour sustained load 10 load cycles 

Experimental FEM Experimental FEM Experimental FEM 
NSR 10 12 13 12 14 12 
NSL 9 10 11 11 12 11 
WSR 12 13 14 13 15 13 
WSL 9 13 11 13 11 13 

6.4.2.2. Statically Indeterminate 
   Table  6.10 gives the number of the cracks in the span of the fixed-ended reinforced concrete beam at 

90 kN and 187 kN. The former load (90 kN) was selected to show how indeterminacy changes the 

cracking behaviour of the reinforced concrete in the elastic region of the reinforced concrete beams while 

the latter load (187 kN) is the equivalent service load of the fixed-ended beams to the selected service 

load of the simply supported beams (90 kN), and was obtained from the ratio of the ultimate strength of 

the statically indeterminate beam (NSR-Fixed) to the counterpart statically determinate beam (NSR) 

((259 kN/125 kN) × 90 kN) .  

 
  Comparing the number of the cracks in the fixed-ended beams at 187 kN with their counterpart simply 

supported beams at 90 kN shows that the number of the cracks in the spans of both the statically 

determinate and indeterminate beams at their service loads is comparable. However, in addition to the 

cracks in the span of the fixed-ended beams, cracks developed at the end without the expansion joint 

(where the beams was translationally restrained (Figure  6.7)). It should be noted that the values of the 

maximum principal plastic strains (PE) in NSL-Fixed and WSL-Fixed were one order of magnitude lower 

than the rest of the beams in Table  6.10. This potentially could imply that the widths of the cracks on 

these two low temperature beams were lower than the room temperature beams. The smaller widths of the 

cracks in reinforced concrete at low temperature was discussed elsewhere (Mirzazadeh et al. 2016; 

DeRosa et al. 2015). More refined FE models with discrete cracking may be required to estimate the 

widths of  the cracks and could be the basis for future research. 
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6.5. Discussion 

  In this chapter, the experimental results of testing four large-scale reinforced concrete beams with 

temperature differentials at room and low temperature were briefly discussed and used to validate the 

finite element modelling and analysis of the simply supported reinforced concrete beams. In addition, the 

experimental results of testing similar beams with uniform room and low temperature profile (without 

temperature differentials) were used for further validation. Then the NLFEA was conducted on statically 

indeterminate counterpart beams to investigate their response to monotonic loading in terms of cracking 

pattern and ultimate load. 

 
  To perform the NLFEA in this study, the commercial FEA software package ABAQUS was used, and 

the concrete damage plasticity was adopted as the constitutive model. To achieve mesh-independent 

results, three-dimensional brick elements with eight integration points with a dimension of 40 mm were 

found to suffice.  

 
  The results showed that regardless of the strength of the concrete the recommended value of tension 

stiffening (0.0010) for the case of linear softening provides more accurate ultimate (failure) load for the 

beams with and without temperature differentials either at room or low temperature even though the 

flexural resistance of the transversely reinforced concrete could be slightly overestimated. However, this 

was not the case for the cracking load of the concrete; the tension stiffening value of 0.0010 gave a more 

accurate cracking load when the ratio of the tensile to compressive strength of the concrete was around 

10% while the lower value of the tension stiffening (0.0005) predicted the cracking load more accurately 

when the strength ratio of the concrete was approximately 5%.  

 
  Comparison of the approximate ultimate loads in the statically indeterminate models with the 

experimental failure loads of their determinate counterparts indicated that the indeterminacy (the fixed 

ends) substantially increased the capacity of the reinforced concrete; 65% in the beams with stirrups and 
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up to 110% in the beams without stirrups. Similar to the statically determinate beams, the stirrups 

mitigated the positive effect of low temperature on the strength of the indeterminate beams.  

 
  The numerical models were also effective at simulating the cracking patterns and the number of cracks 

in the tested beams. Comparison of the cracking distribution in the spans of the statically determinate and 

the indeterminate beams showed that the number of the cracks at the corresponding service load of the 

determinate and indeterminate beams was comparable. 

 
  The results of the present finite element analysis showed that the models developed in this study were 

capable of predicting the response of the reinforced concrete to temperature effects, monotonic, sustained 

and very low cyclic loads (ten load cycles). This NLFEA can be employed as a tool to investigate the 

strength and cracking pattern of the statically determinate and indeterminate reinforced concrete beam, 

and thus paves the way for further parametric studies. 
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Chapter 7. Conclusions and Recommendations 

7.1. Summary and Discussion 

      Bridges, one of the critical elements of surface transportation networks, experience a number of 

deterioration mechanisms during their service life, mainly caused by traffic loads and environmental 

conditions. 

 
   Most North American bridges that have been built during the post World War II construction boom are 

aging and/or deteriorated due to overloading and fatigue caused by increased legal load limits, corrosion, 

impact damage, and environmental conditions, i.e. large temperature fluctuations and freeze-thaw cycling. 

The effects of deterioration and long-term overloading means that some of these bridges may not be 

providing the level of safety that is required to maintain both the security of the transportation system and 

the general public.  

 
  Viaduc de la Concorde overpass, a 36-year-old structure, in Laval, Quebec collapsed in 2006 killing five 

people and seriously injuring six others. The collapse was due to combination of shear failure and the 

effects of a cold climate. The investigation that followed the Viaduc de la Concorde overpass collapse 

revealed that 135 bridges in the province of Quebec were potentially deficient or even unsafe. That 

number of the unsafe bridges in only one province serves as a warning sign for the significant number of 

bridges that may be safety concerns in the country. Hence, a clear policy framework for dealing with how 

this problem can be addressed and managed is required. 

 
  The necessary components of this policy process are to better understand the effects of low temperature 

and temperature differentials as well as long term loading and load variations on the behaviour of 

reinforced concrete bridges located in cold climates, and to develop the monitoring tools that work 

properly over a wide temperature range so that the parameters that indicate the changes in a structure’s 

performance can be measured accurately. 
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  In this research program, as described in Chapter 3, four large scale reinforced concrete beams were 

subjected to monotonic, sustained, and very low cyclic load (ten load cycles), representing the short term 

and long term loads on concrete bridges and variations in the bridges’ service load, respectively, at room 

(15 °C) and low temperature (-20 °C to -25 °C). The main aim was to investigate if the structural safety 

would be compromised at low temperatures and what potential changes may need to be made to the 

ultimate and serviceability limit state requirements for reinforced concrete bridges located in cold regions.  

 
  In addition, the effects of low temperature and temperature differentials (∆T = 30 °C) on the fatigue 

performance of large scale reinforced concrete beams were investigated through the second series of the 

experiments (Chapter 4) to better understand the fatigue limit state for reinforced concrete bridges located 

in cold climates.  

 
  To contribute to the development of innovative monitoring tools, and accurately measure the critical 

parameters (i.e., strains, crack widths and deflection) that are potentially the indicators of the 

serviceability and safety of a structure, the performance and accuracy of the two structural health 

monitoring technologies (DIC and FOS), at room and low temperatures were assessed, and temperature 

related errors induced in these systems were quantified as detailed in Chapter 5. 

 
  The trends observed in the experimental program still need to be confirmed with more testing since 

some of the noted differences in the static and fatigue performance of the room temperature and low 

temperature beams, e.g. the 8% increase in the ultimate strength of the low temperature static beams with 

stirrups and the 11%  improvement in the fatigue life of the low temperature fatigue beams with stirrups, 

were within the expected variability, potentially as a result of material and / or specimen variability, for 

the nominally identical reinforced concrete members. Previous research showed that the fatigue lives of 

the nominally identical reinforced concrete beams under low, medium and high stress ranges (i.e., 40%, 

50% and 60% of the nominal yield strength of the tensile steel, respectively) could vary between 24% and 
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31%, 1% and 17%, and 13% and 19%, respectively (Papakonstantinou 2001; Heffernan and Erki 2004,). 

This variability in the fatigue lives of the reinforced concrete beams could be explained by a softening 

effect that depends on the initiation and propagation of the cracks as well as material and / or specimen 

variability.  

 
  Nevertheless, the beams tested at low temperature had consistently better structural performance; e.g. 

34% and 50% increase in the ultimate deflection of the low temperature static beams with and without 

stirrups, respectively, and lower average depth (up to 24%) and widths of the cracks (up to half) in the 

low temperature beams than their room temperature counterparts. In addition, the fatigue life of the beams 

without stirrups increased for 51% at low temperature and the low temperature fatigue beams had a higher 

initial stiffness (approximately 40%) and lower stiffness degradation (up to 34%) than their room 

temperature counterparts. If the differences were due to experimental variability, then such consistency in 

the trend would not be expected. Additionally, as discussed in Chapter 2 (section 2.2.1) , material tests 

have shown that concrete is stronger at low temperature, e.g. up to 55% increase in compressive strength 

of concrete at -30 °C compared to 20 °C (Okada and Iguro 1978; Goto and Miura 1979; Browne and 

Bamforth 1981; Lee et al. 1988; Green et al. 2006; Shoukry et al. 2011), and thus the underlying 

mechanics support the conclusion that reinforced concrete beams should have better structural 

performance at low temperature.      

   
  Furthermore, the results of the static tests on eight beams in this study confirm the findings of the 

research conducted by DeRosa (2012) on four other reinforced concrete beams. However, some of the 

results that were presented in this research, i.e. the depth and number of the cracks as well as initiation 

and propagation of the cracks under various types of loading, were not investigated previously so more 

experiments should be carried out to investigate cracking behaviour of the reinforced concrete beams at 

room and low temperature.  
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  The results that were obtained from the second phase of the experimental program (fatigue tests) helped 

to better understand the serviceability requirements for design of bridges located in cold regions; 

however, the results were limited to only four experiments and could have been influenced by other 

factors i.e. specimen variability and testing condition. Therefore, it is necessary to perform more fatigue 

tests, preferably on similar reinforced concrete beams, to obtain more statistically significant results. 

Having attained statistical significance, the equations corresponding to the maximum allowable stress 

range or fatigue threshold in straight reinforcement (i.e. Eq. 4.4, 4.5 and 4.6 in this thesis) could be 

updated for the bridges located in cold regions, and the relationship between dynamic load allowance and 

low temperature could be further investigated. 

 
  The findings of this research program contributed to better understanding of the temperature effects on 

the structural performance of the reinforced concrete beams, and laid the foundation for further research 

in this area. Other important effects such as freeze thaw cycling as well as the brittle failure of the 

concrete that usually occurs at very low temperatures (lower than -30 ˚C), and should be taken into 

account in future studies.   

 
  As illustrated and discussed Chapter 2, the strength of concrete increases with decrease of temperature; 

however, concrete behaves in a brittle manner at very low temperatures (lower than -30 ˚C), and fails 

abruptly without much softening once the maximum compressive stress is reached. This behaviour of 

concrete is a matter of great concern for the concrete structures located in seismically active cold regions 

due to the danger of brittle failure as a result of the combination of extreme cyclic load reversals and very 

low temperatures. 

 
  The other major concern for concrete structures located in cold climates is the progressive deterioration 

of concrete due to freeze-thaw cycling which results in decrease of strength and / or crumbling of 

concrete. Although a number of techniques have been used to impart freeze-thaw resistance to concrete 
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and / or make concrete frost resistance, this issue is still the most persistent problem for the concrete 

structures located in cold regions, and has not been completely resolved. 

  The results of this research contribute to the development of several key building blocks in the form of 

structural health monitoring systems, a better understanding of fundamental reinforced concrete behaviour 

and advanced finite element modelling and analysis. Each of these building blocks presents a significant 

advance over currently available methods that will in turn allow for optimized and yet still safe 

approaches to design and assessment of the infrastructure in cold regions.  

 
  The experimental results obtained in this study confirm that current design codes can be used for design 

of infrastructure at low temperatures (down to -25 ˚C), and at the same time introduce potential areas of 

research that could result in future code development.  The NLFEA conducted in this study can be used as 

an advanced analysis tool to predict the strength as well as cracking distribution and pattern of the 

statically determinate and indeterminate reinforced concrete members and this paves the way for further 

parametric studies. 

7.2. Key Conclusions 

  From the presented experimental and numerical results, a number of key and detailed conclusions were 

determined. The key conclusions are discussed in this section, and the detailed conclusions will be 

demonstrated in the next section. 

7.2.1. Static Tests 

a. The ultimate load capacity of the beams with and without stirrups increased from 157 kN to 

169 kN and from 123 kN to 139 kN, 8 % and 13 % increase, respectively. This suggests that low 

temperature increases the ultimate load and shear capacity (strength) of the reinforced concrete 

members that are free to expand and contract. Therefore, concrete bridges that are located in areas 

with prolonged freezing seasons and are equipped with expansion joints (allowing the bridges to 

freely expand and contract) may benefit from higher load capacities during cold periods. 
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b. The load at which the stirrups came into play increased at low temperature by 35 % to 78 % on 

average. This improvement indicates that the contribution of the concrete to the shear strength 

(Vc) increases at low temperature. 

 
c. Low temperature delays the initiation and retards the propagation of both flexural and shear 

cracks at service loads, and the number, depth and widths of the cracks reduces at low 

temperature. This indicates that the cracking behaviour of the reinforced concrete improves at 

lower temperatures.  

 
d. The beams tested at low temperature had lower crack widths and higher crack spacings than their 

counterparts that were tested at room temperature. Based on the MCFT, the shear and 

compressive forces transferred across the crack through aggregate interlock increased at low 

temperature, which resulted in an increase in the shear capacity of the reinforced concrete. 

7.2.2. Fatigue Tests 

a. At low temperature, the fatigue lives of the beams with and without shear reinforcement 

respectively improved by 11 % and 51 % compared to comparable beams tested at room 

temperature. These improvements in fatigue performance occurred because of the higher strength 

of the concrete and lower stresses in the tensile reinforcement at low temperature. 

 
b. Low temperature can change the failure mode of the beams without shear reinforcement from 

shear fatigue failure to flexural fatigue failure. The fatigue failure of the beam without stirrups at 

room temperature was primarily due to the development of a large shear crack that was followed 

by spalling of the concrete on the tension side of the beam and deformation of the tensile 

reinforcement, while its low temperature counterpart failed due to fatigue fracture of the tensile 

reinforcement near midspan. 
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c. Cyclic loading caused the stiffness of the reinforced concrete beams to degrade; however, low 

temperature mitigated the stiffness degradation. At room temperature, the beams with and without 

stirrups, respectively, maintained 77% and 31% of their flexural rigidity, and at low temperature, 

the beams with and without stirrups maintained 82% and 65% of their stiffness, respectively. This 

indicates that the positive effect of low temperature in maintaining the stiffness was less 

pronounced when the beams were transversely reinforced because the stirrups played a key role 

in maintaining the stiffness of the reinforced concrete beams.   

 
d. Shear reinforcement improved the fatigue life of the reinforced concrete beam by 67% and 23% 

at room and low temperature, respectively. This shows that the positive effect of low temperature 

on the fatigue life of reinforced concrete is lower when shear reinforcement is present. 

7.2.3. Accuracy and Performance of DIC and FOS 

 
a. DIC camera systems are significantly affected by temperature changes and thermal effects on DIC 

could cause strain errors up to 43µε/ °C. The response of each camera setup to temperature 

changes is unique. Hence, each DIC camera system should be corrected for temperature if they are 

used to measure strain in an environment with wide temperature fluctuations or at temperatures 

much lower or higher than room temperature. 

 
b. The DIC results clearly indicate that DIC technique is capable of measuring strains and crack 

widths along its full length with a good accuracy. However, the errors associated with 

out-of-plane-movement and temperature must be quantified when DIC is used to measure strains 

of reinforced concrete members. Although the temperature-related errors significantly impact DIC 

strain measurements, their effect on measuring crack widths is negligible due to the infinitesimal 

ratio of the camera system strain errors to the crack widths; therefore, temperature correction may 

not be necessary if DIC technique is employed for measurement of crack widths. 
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c. The FOS measurements showed that the fibre optic sensors produce promising results and are 

capable of measuring strains to a similar level of accuracy as conventional strain gauges especially 

when the effect of cracking is accounted for.  

 
d. The external fibres can measure the strains in concrete in compression and give an indication of 

the strains in the tensile reinforcement up to cracking load. After cracking, the FOS measurements 

may not be exactly the same as the strain gauges due to the variations in strain in concrete versus 

steel and presence of the cracks. Nevertheless, in practice, external fibres can be installed on 

existing structures where the strain variations are smaller. 

 
e. The results of the FOS calibration tests showed that the fibres are affected by temperature changes, 

so it is first necessary to determine the coefficient of thermal expansion of the fibre that will be 

used as strain sensor in a structure. In general, it was found that “subtraction technique” is a more 

reliable method for determining strain errors in the fibres. 

7.2.4. Finite Element Modelling and Analysis 

 
a. The numerical results obtained from the NLFEA in this work show that the developed finite 

element models are capable of predicting the response of the statically determinate and 

indeterminate beams with and without temperature differentials (with uniform temperature 

profile) at room and low temperature to various types of loadings, i.e. monotonic, sustained and 

very low cyclic loads (ten load cycles).  

 
b. The finite element modelling and analysis was also effective in predicting the ultimate strength of 

the statically determinate and indeterminate reinforced concrete beams as well as at simulating 

the cracking patterns and the number of the cracks in the tested beams.  
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c. The finite element results showed that regardless of the strength of the concrete, the 

recommended value of tension stiffening (0.0010) for the case of linear softening provides more 

accurate ultimate (failure) load for the beams with and without temperature differentials either at 

room or low temperature even though the flexural resistance of the transversely reinforced 

concrete could be slightly overestimated. However, this is not the case for the cracking load of the 

concrete; the tension stiffening of 0.0010 gives more accurate cracking load when the ratio of the 

tensile to compressive strength of the concrete is around 10% while the lower value of the tension 

stiffening (0.0005) predicts the cracking load more accurately when the strength ratio of the 

concrete is approximately 5%.  

 
d. Comparison of the approximate ultimate loads in the statically indeterminate models with the 

experimental failure loads of their determinate counterparts indicates that the indeterminacy (the 

fixed ends) substantially increased the capacity of the reinforced concrete; 65% in the beams with 

stirrups and up to 110% in the beams without stirrups, and similar to the statically determinate 

beams, the stirrups mitigated the positive effect of low temperature on the strength of the 

indeterminate beams. 

7.3. Detailed Conclusions 

  Detailed conclusions that were drawn from the experimental and the numerical results are described in 

this section. 

7.3.1. Static Tests 

 
a. The 48-hour sustained load had no effect on crack propagation; however, this load period 

caused shear cracks to initiate in the shear spans of the beams, particularly those tested at 

room temperature. The 10 load cycles had a small effect on shear crack initiation. The effects 

of these two load stages was higher on the beams tested at room temperature indicating that 
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the effect of low temperature on reinforced concrete cracking was not limited to static or step 

loading. 

 
 

b. The 48-hour sustained load stage caused the cracks to widen on all the beams while the 10 

load cycles impacted the crack widths of the beams tested at low temperature but had almost 

no impact on the crack widths of the beams tested at room temperature. 

 
c. Low temperature reduced the widths of the cracks particularly during the initial load stages.  

The difference became less pronounced at higher loads and after several load cycles.   

7.3.2. Fatigue Tests 

 
a. During the post-failure static tests (the static tests that were performed on the beams after their 

fatigue failure), the low temperature beams experienced higher deflections, and the remaining 

unruptured tensile reinforcing bar yielded which allowed the beams to sustain loads up to 75% of 

their design flexural capacity before failing in a ductile manner due to the crushing of concrete in 

compression. 

 
b. The deflection of the beams remained unchanged up to few ten thousand cycles before fatigue 

failure of the beams. Thus, fatigue failure of reinforced concrete is usually sudden with no 

warning (brittle failure). 

 
c. The initial static test showed that the load at which the stirrups came into play increased by 62% 

on average at low temperature, and the strains in the tensile reinforcement in both flexural and 

shear spans of the low temperature beams were lower than those in their room temperature 

counterparts. This improvement was indicative of the higher strength of concrete at low 

temperature which increased the contribution of concrete to the shear strength (Vc) of the 

reinforced concrete at low temperature. 
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7.3.3. Accuracy and Performance of DIC and FOS 

a. The different behaviour of DIC in the two calibration tests and during the test (i.e. downward 

cycle compared to upward cycle) suggests that the calibration test of DIC systems should be 

preferably performed at the same time that the DIC system is used for the measurement of the 

strains, or at least, the duration of each temperature cycle in a typical calibration test, if any, 

should be as same as the time that the DIC is used for the measurement of the strains.   

 
b. The tests also showed that the thermal coefficient of PM fibres can be determined using either 

“dummy sensor technique” or “subtraction technique” while the former technique may produce 

incorrect results if used for determining temperature-related strain errors in the single-mode fibre. 

In general, it was found that “subtraction technique” is a more reliable method for determining 

strain errors in the fibres. 

 

7.4. Recommendations for Future Work 

 
   Although this research has significantly contributed to the determination of the temperature effects on 

the static and fatigue behaviour of the reinforced concrete and on the accuracy and performance of the 

DIC and FOS technologies as well as applications of FEM in analysis of reinforced concrete, more 

research is needed to investigate the statistical significance of the findings of this study, and further 

explore temperature effects on the structural performance of reinforced concrete members as well as DIC 

and FOS systems.  Some recommendations for further research are listed below: 

 
a. Static tests at room and low temperature should be performed on reinforced concrete beams that 

were subjected to freeze-thaw cycling. Cross-sectional dimensions, shear span to depth ratio (𝑚
𝑑
), 

tensile reinforcement ratio (ρ), and shear reinforcement spacing are the other parameters that can 

be changed in future experiments. 
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b. Fatigue experiments with lower stress ranges, i.e. for a fatigue life of two million cycles, should 

be conducted since most bridge design codes are based on two million cycles fatigue life. In 

addition, beams with uniform temperature profiles (without temperature differentials) need to be 

tested in fatigue to better understand the effect of low temperature on the fatigue behaviour of the 

reinforced concrete beams. 

 
c. More static and fatigue tests need to be conducted to investigate the statistical significance of the 

presented findings, and further explore the effects of low temperature on the structural 

performance of reinforced concrete beams.  

 
d. Out-of-plane-movement during the beam tests must be measured during the tests to compare the 

magnitude of the measured out-of-plane-movement with the prediction of the corresponding 

equations. 

 
e. Camera lenses with different focal lengths should be used to investigate the effect of lens 

distortion on the DIC measurements. 

 
 

f. Calibration (temperature correction) tests should be performed on other types of optical fibres 

using the “dummy sensor technique” and the “subtraction technique” to further evaluate the 

accuracy of these two temperature correction techniques. 

 
g. The accuracy and precision of DIC and FOS techniques in measuring crack widths, strains and 

deflections at temperatures other than room temperature still need to be investigated.  The 

measurements carried out by these techniques must be validated against conventional sensors to 

better evaluate the accuracy of these two techniques in measuring deformations on reinforced 

concrete members. 
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h. NLFEA should be conducted on other reinforced concrete members, i.e. slabs, columns, etc., to 

determine how changes in tension stiffening (rate of concrete softening) and / or different types of 

loading affect the response of reinforced concrete. Furthermore, more refined finite element 

models with discrete cracking are required to estimate the widths of the cracks. 
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Appendix A. Deflection and Strains in the Static Beams 

A.1. Deflection in the Shear Spans of the Static Beams 

  As described earlier, four additional LPs were placed in the middle of the shear spans of the static beams 

on opposite sides of the beams to monitor possible out-of-plane rotation of the beams. The following 

figures show the deflection in the shear span of the static beams. 

 

 

NSR Beam 

 
Figure A.1. Load vs. deflection in shear span 1 and 2 of NSR beam 
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WSR Beam 

 

 
Figure A.2. Load vs. deflection in shear span 1 of WSR beam (LP 1 and 2) 

 

 
Figure A.3. Load vs. deflection in shear span 2 of WSR beam (LP 3 and 4) 
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NSL Beam 
 
 

 
Figure A.4. Load vs. deflection in shear span 1 of NSL beam (LP 1 and 2) 

 
Figure A.5. Load vs. deflection in shear span 2 of NSL beam (LP 1 and 2) 
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WSL Beam 

 

 
Figure A.6. Load vs. deflection in shear span 1 of WSL beam (LP 1 and 2) 

 

 
Figure A.7. Load vs. deflection in shear span 2 of WSL beam (LP 1 and 2) 
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A.2. Strains on Bottom of the Stirrups of the Static Beams 

  Load versus strain curves in top part of WSR and WSL beam was shown in chapter 3 (Figure  3.11). 

Figure A.8 demonstrates the load-strain curves corresponding to the strain gauges on bottom of the same 

stirrups. 

 

 
Figure A.8. Strains on top part of stirrups of WSR and WSL beam 
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Appendix B. Correction for Thermal Output of the Strain Gauges 

B.1. Introduction 

   Ideally, a strain gage bonded to a test part would respond only to the applied strain in the part, and be 

unaffected by other variables in the environment. Unfortunately, the resistance strain gage, in common 

with all other sensors, is somewhat less than perfect. The electrical resistance of the strain gage varies not 

only with strain, but with temperature as well. In addition, the relationship between strain and resistance 

change, the gage factor, itself varies with temperature. These deviations from ideal behaviour can be 

important under certain circumstances, and can cause significant errors if not properly accounted for. 

When the underlying phenomena are thoroughly understood, however, the errors can be controlled or 

virtually eliminated by compensation or correction. 

 
   Once an installed strain gage is connected to a strain indicator and the instrument balanced, a 

subsequent change in the temperature of the gage installation will normally produce a resistance change 

in the gage. This temperature-induced resistance change is independent of, and unrelated to, the 

mechanical (stress-induced) strain in the test object to which the strain gage is bonded. It is purely due to 

temperature change, and is thus called the “thermal output” of the gage. Thermal output is potentially the 

most serious error source in the practice of static strain measurement with strain gages. In fact, when 

measuring strains at temperatures remote from room temperature (or from the initial balance temperature 

of the gage circuit), the error due to thermal output, if not controlled, can be much greater than the 

magnitude of the strain to be measured. At any temperature, or in any temperature range, this error source 

requires careful consideration; and it is usually necessary to either provide compensation for thermal 

output or correct the strain measurements for its presence. 

 
   Depending upon the test temperature and the degree of accuracy required in the strain measurement, it 

will sometimes be necessary to make corrections for thermal output, even though self-temperature-

compensated gages are used. In any case, when making strain measurements at a temperature different 
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from the instrument balance temperature, the indicated strain is equal to the sum of the stress-induced 

strain in the test object and the thermal output of the gage (plus the strain equivalent of any other 

resistance changes in the gage circuit). With the thermal output expressed in strain units, correction for 

this effect is made by simply subtracting (algebraically, with sign) the thermal output from the indicated 

strain.  

B.2. Procedure for Thermal Output Correction 

Step 1: 

   The first step in the correction procedure is to refer to the graph and read the thermal output 

corresponding to the test temperature. Then, assuming that the strain indicator was balanced for zero 

strain at room temperature (the reference temperature with respect to which the thermal output data were 

measured), subtract the thermal output given on the graph from the strain measurements at the test 

temperature, carrying all signs: 

𝜀′ =  𝜀′′ − 𝜀𝑇/𝑣       (B.1) 

where  

 𝜀′′ = uncorrected strain measurement, read by the strain indicator 

𝜀′ = partially corrected strain indication, corrected for thermal output, but not for gage factor variation 

with temperature. 

𝜀𝑇/𝑣= thermal output 

Thermal output is actually a regression-fitted (least-squares) polynomial equation in strain units in the 

general form of:  

𝜀𝑇/𝑣 = 𝐴0 + 𝐴1𝑇 + 𝐴2𝑇2 + 𝐴3𝑇3 + 𝐴4𝑇4  (B.2) 

The coefficients Ai for Eq.A.2. can be obtained from the gage package data label. 
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Step 2: 

   The second step is to adjust thermal output for gage factor or to correct the partially corrected strain 

indication (𝜀′) if the gage factor during strain measurement is different from 2.0. It should be noted that 

the gage factor of the instrument employed in recording thermal output data is standardized at 2.0 for all 

Micro-Measurements A- and K-alloy gages. 

𝜀𝑇/𝑣
′ = 𝜀𝑇/𝑣

2.0
𝑣𝐼

      (B.3)  

where 

𝜀𝑇/𝑣
′ = thermal output adjusted for instrument gage factor setting 

𝜀𝑇/𝑣= thermal output from gage package data sheet (FI = 2.0) 

FI = instrument gage factor setting during strain measurement. 

 
   Alternatively, the strain could be simultaneously corrected for both thermal output and gage factor 

variation with temperature as described in Eq.B.4: 

𝜀 = [𝜀′′ − 𝜀𝑇𝑣  (𝑇1)  ] 𝑣∗

𝑣 (𝑇1)
   (B.4) 

where 

𝜀 = strain magnitude corrected for both thermal output and gage factor variation with temperature 

𝜀′′ = uncorrected strain measurement, read by the strain indicator 

𝜀𝑇𝑣  (𝑇1)  = thermal output at temperature T1 

𝑣∗ = 2.0 

𝑣 (𝑇1)= gage factor at test temperature 
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Appendix C. Calculation of the Fatigue Test Loads 

 
  C.1. Introduction 

  To predict fatigue behaviour of the reinforced concrete, it is necessary to establish the S-N (stress range 

versus number of cycles) curve for the reinforcing bars in concrete. However, this approach requires 

numerous fatigue tests to obtain sufficient number of data points and develop the best-fit relationship 

from the scattered data points to describe the fatigue behaviour of the material.  

 
   No S-N relationships for reinforcing steel prescribed by ACI or AASHTO standards (Soltani et al. 

2012); however, many studies have been conducted to establish S-N curve for reinforcing steel and 

multiple empirical equations have been developed to describe its behaviour (Helgason and Hanson 1974; 

Moss 1980 and 1982; Soltani et al. 2012). Most relationships are in the general form of: 

  

𝑆𝑚 × 𝑁 = 𝑘     (C.1) 

 

where m and k are empirical parameters dependent upon the units used to express S. Values of m and k are 

given on the basis of bar size and, in some cases, the expected fatigue life, N (Soltani et al. 2012). 

  
C.2. Calculation of load range  

   The fatigue tests in this research were designed for a life of approximately one million cycles for the 

tensile reinforcement using Helgason and Hanson Eq. (1974): 

log(𝑁) = 6.969− 0.0055𝜎𝑐  (C.2) 

where N is the number of cycles to failure and σr is the stress range (𝜎𝑐=𝑓𝑠𝑚𝑚𝑚-𝑓𝑠𝑚𝑠𝑠) in the tensile steel 

in MPa.  
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   Based on Eq.C.2., the stress range in 20M rebars found 185 MPa approximately for a fatigue life of 

around one million cycles. From the tensile reinforcement test, the yield strength of 20M rebar found 

𝑓𝑦=425 MPa. If we define 𝑓𝑠𝑚𝑠𝑠=0.22𝑓𝑦,  then 𝑓𝑠𝑚𝑠𝑠=95 MPa and 𝑓𝑠𝑚𝑚𝑚= 280 MPa. 

 
  To find the corresponding applied moments to induce the minimum and maximum stresses in the steel, 

analysis under service load (elastic condition) should be performed as described below: 

𝑘 = �(𝜌 + 𝜌,)2𝑛2 + 2𝑛(𝜌 + 𝜌′(𝑑
′

𝑑
) – 𝑛(𝜌 + 𝜌,)   (C.3) 

𝜌 = 𝐴𝑠
𝑏𝑑

 = 2×300
200×350

=0.00857 

𝜌, = 𝐴𝑠
,

𝑏𝑑
= 200
200×350

= 0.00286 

𝐸𝑠 = 200,000 𝑀𝑀𝑎 

𝐸𝑐 = 4500�𝑓𝑐′ =  4500√43  =  29508 𝑀𝑀𝑎 

𝑛 = 𝐸𝑠
𝐸𝑐

= 6.78 

𝑘 = 0.0883  𝑘𝑑 = 30.90 𝑚𝑚 

 
  In elastic conditions or service load, the moment at steel or external moment is computed through the 

following equation:  

𝑀𝑠 =  𝐴𝑠𝑓𝑠(𝑑 − 𝑘𝑑
3

)    (C.4) 

 
  For 𝑓𝑠𝑚𝑚𝑚=280 MPa and 𝑓𝑠𝑚𝑠𝑠=95 MPa, Eq.C.4 gives 𝑀𝑚𝑎𝑚 = 57.07 𝑘𝑁𝑚 and 𝑀𝑚𝑚𝑛 = 19.36 𝑘𝑁𝑚, 

respectively. These moments correspond to 𝑀𝑚𝑎𝑚 = 95.12 𝑘𝑁 and 𝑀𝑚𝑚𝑛 = 32.27 𝑘𝑁 for the fabricated 

beams with a shear span of 𝑎 = 1.2 𝑚. However, it should be noted that these calculated loads were 

rounded down to 𝑀𝑚𝑎𝑚 = 90 𝑘𝑁 and 𝑀𝑚𝑚𝑛 = 30 𝑘𝑁, and these load values were used in the fatigue 

tests. It should be noted that the compression reinforcement was ignored in calculating the moments due 

to its negligible effect on the moment-curvature calculations. 



185 
 
 

References  

Helgason T. and Hanson J.M. (1974), “Investigation of Design Factors Affecting Fatigue Strength of 
Reinforcing Bars-Statistical Analysis”, Abeles Symposium on Fatigue of Concrete, SP-41 ACI, 107-138. 
 
Moss D.S. (1980), “Axial Fatigue of High Yield Reinforcing Bars in Air”, Rep. SR622, Transport and 
Road Research Laboratory 
 
Moss D.S. (1982), “Bending Fatigue of High-Yield Reinforcing Bars in Concrete”, TRRL supplementary 
Rep., 748, Transport and Road Research Laboratory, Crowthorne, U.K. 
 
Soltani A., Harries K.A., Shahrooz B.M., Russell H.G. and Miller R.A. (2012), “Fatigue Performance of 
High-Strength Reinforcing Steel”, Journal of Bridge Engineering, 17(3), 454-461. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 



186 
 
 

Appendix D. DIC Strain Measurements 

  As described in section  5.4.4, the strain profiles obtained from one of the DIC cameras were not used 

since they were unreasonably high (few times larger than the strain profiles obtained from the other 

camera). Figure D.1 and Figure D.2 show the strain profiles corresponding to each load stage that were 

obtained from DIC camera 1 and 2, respectively. It should be noted that the strain profiles correspond to 

10 kN, 40 kN and 70 kN in Figure D.1 were shown in Figure  5.8 in chapter 5. 

 
Figure D.1. DIC strain measurements with camera 1 

 
Figure D.2. DIC strain measurements with camera 2 
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Appendix E. FEM results 

  As depicted in Table  6.10 and Table  6.11 and discussed in Chapter 6, the number and pattern of the 

cracks predicted by the NLFEA were in very good agreement with the experimental results. Figure E.1 

and Figure E.2 show the cracking patterns in the statically determinate and indeterminate beams at the 

corresponding service loads of these beams (i.e., 90 kN in simply supported beams, and 187 kN in 

fixed-ended beams). 

 
Figure E.1. Cracking pattern in statically determinate beams with temperature differentials at 90 kN 
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Figure E.2. Cracking pattern in statically indeterminate beams at 187 kN 
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