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Abstract 

 

Given the current global crisis of deteriorating infrastructure, structural rehabilitation has 

been the focus of much recent research in the field of civil engineering.  Consequently, Fibre 

Reinforced Polymers (FRP’s) are becoming an increasingly common method for retrofitting 

deficient structures.  However, skepticism regarding the structural performance of FRP’s during 

fire is preventing their widespread implementation in building applications.  Because of the 

degradation of FRP material properties during heating, most current design codes completely 

neglect their structural contributions in fire design.  The intention of this research thesis is to 

investigate the thermal and mechanical behaviour of insulated FRP retrofitted reinforced 

concrete structures at elevated temperatures. 

Two intermediate-scale reinforced concrete slabs were first strengthened with FRP and 

protected with spray-on insulation.  Thermal results from fire testing of the slabs provided a basis 

on which to develop insulation schemes for larger specimens.  These larger specimens consisted 

of two full-scale T-Beams and two full-scale columns, which were also strengthened with FRP 

and insulated.  All of these specimens succeeded in obtaining four hour fire ratings upon fire 

testing.  Though the FRP strengthening systems were compromised quickly during heating, the 

insulation provided sufficient protection to the T-beams and columns for them to resist the 

applied service loads throughout the duration of fire exposure.  Detailed calculations were also 

conducted using thermal data from the full-scale specimen fire tests in order to predict the 

change in capacity of these structures with time. This thesis shows that, with careful 

considerations towards insulation and anchorage design, FRP-strengthened reinforced concrete 

structures are able to obtain fire ratings in excess of four hours. 
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 Chapter 1: 

 Introduction 

 
1.1 General 

Fibre Reinforced Polymers (FRP’s) are a composite material which is becoming 

increasingly common across many different engineering fields: aerospace, automotive, marine, 

and more recently the construction industry.  In structural engineering, FRP’s offer the potential 

to be used as rebar or pre-stressing strands in reinforced concrete, as well as a method for 

repairing/rehabilitating existing structures.  This is due to their many desirable material 

properties, such as their high strength and exceptional resistance to corrosion.  However, much 

hesitation still exists in the construction industry preventing the widespread use of FRP’s due to 

uncertainty surrounding their structural performance during scenarios such as fire.  This concern 

is particularly strong with respect to FRP rehabilitation designs because they do not benefit from 

the protection of concrete cover.  Unfortunately, insufficient laboratory testing has been 

conducted to show how insulated FRP-strengthening systems are able to perform structurally 
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under elevated temperatures.  This research thesis has therefore been undertaken in order to add 

to the body of knowledge for this field, in hopes of influencing the construction industry’s 

current mindset regarding the suitability of FRP’s in structural rehabilitation.   

 

1.2 Need for Infrastructure Rehabilitation 

According to the 2009 American Infrastructure Report Card, an estimated US$2.2 trillion 

is required over the course of five years in order to adequately rehabilitate all deficient civil 

infrastructure in the United States.  The same study showed that more than 26% of American 

bridges were either “structurally deficient or functionally obsolete”.  As these structures age, and 

their usage increases yearly, these numbers and others like it will undoubtedly continue to grow 

if this issue is not addressed.  Unfortunately, due to limitations of both labour and financial 

resources, it is unrealistic to expect the American government to completely replace all of these 

deficient structures in an acceptable amount of time.  Therefore there is clearly an enormous 

need for structural rehabilitation before disaster strikes.  Repair will extend the service lives of 

these structures, allowing for more time to gradually replace the current infrastructure. 

Though the situation in Canada is not as dire as in the United States, there is still a strong 

need for rehabilitation of the current infrastructure.  According the 2009 Condition Report on 

Canada’s National Highway System, nearly 60% of the 8000 national highway bridges and 

structures are more than 30 years old.  Moreover, more than 1000 have exceeded their life 

expectancy of 50 years.  The situation is particularly bad in the province of Quebec, where 

roughly half of the current bridges have been deemed deficient (Johnson, 2007).  This statistic is 

highlighted by the recent Highway 19 overpass collapse on October 1st, 2006.  Much like in the 

United States, there is a great need for significant rehabilitation efforts. 
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The primary source of structural deterioration is due to corrosion of the reinforcing steel.    

Embedded steel is often susceptible to pitting or distributed corrosion which can lead to 

additional problems such as spalling of the concrete and reduced capacity.  Other factors such as 

chlorides from de-icing salts further accelerate this process.   Chlorides break down the passive 

oxide layer which forms on the outside of the corroding rebar.  This is a major cause for concern 

for North America in particular, as de-icing salts are typically used throughout every winter on 

most roads and bridges.  As the steel corrodes away, the reduction in cross-section can 

eventually lead to structural failure.   

Another cause for concern for the current infrastructure is the continuous increase in 

loading experienced throughout urban centres.  As the population grows, more vehicles are on 

the roads, more wastewater is being treated and more people are occupying public buildings.  

This increase in loading in some cases is pushing current structures past their original design 

capacities.  Therefore as time passes, structures are being subjected to increasingly large loads 

while they also experience diminishing strength due to deterioration.  Clearly there is a great 

need for significant and immediate repair efforts. 

Extensive research has been conducted over the past 30 years on the structural 

performance of FRP-strengthening systems for this reason.  FRP’s are known for their high 

strength and modulus.  By bonding them to existing elements such as beams, slabs or columns, 

they can significantly increase the overall capacity of buildings and bridges.  Moreover, this 

process can be done in significantly less time than a full concrete patch repair or steel 

reinforcement replacement.  FRP’s are not susceptible to corrosion, and therefore do not require 

protection by means of concrete cover, as does traditional reinforcing steel.  This makes them a 

particularly ideal solution to the bridge crisis being faced across North America.  However, much 
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hesitation remains towards the use of these materials in building applications due to their 

vulnerability in fire.  During heating, the polymer component which binds the fibres together can 

ignite.  This process not only produces harmful, toxic fumes, but also causes a significant loss in 

the FRP’s strength.  This concern must be addressed in order for FRP’s to see widespread use in 

the rehabilitation of buildings. 

 

1.3 Importance of Fire Protection in Buildings 

Fire is one of the most serious events to which any building can fall victim throughout its 

lifetime.  Not only does it pose a direct threat to the occupants through the release of harmful 

gasses and devastating heat, but the elevated temperatures themselves also have seriously 

adverse effects on the structural integrity of the entire building.  According to the 2002 Annual 

Report released by the Council of Canadian Fire Marshals and Fire Commissioners (CCFM/FC), 

fire was responsible for 304 deaths and almost CAN$1.5 Billion in property damage in 2002 

alone.  Though undesired, fires will undoubtedly continue to occur in buildings.  Therefore fire 

protection efforts must be made to reduce the impact of such events. 

The primary goal of fire protection is to limit, to acceptable levels, the probability of 

death, injury and property loss in an unwanted fire (Buchanan, 2001).  With respect to structural 

design, this means providing sufficient time for the occupants to exit the building and for 

firefighters to extinguish the fire before any structural collapse occurs.  In order to do so, 

numerous methods of providing protection are available, often categorized by active and passive 

measures.  Active measures refer to systems which become engaged or are used during a fire, 

such as alarms, sprinklers and provisions for fire fighters.  Passive measures are design 

considerations such as adequate compartmentation in the building layout, as well as providing 
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sufficient insulation for key structural members (Purkiss, 2007).  Traditional building materials, 

such as steel and concrete, experience a loss in stiffness and strength with rising temperatures 

and therefore require insulation to slow the transfer of heat.  Because of this, fire design codes 

typically allocate building fire ratings based on when key structural members reach the 

maximum acceptable temperature for that respective material.  If FRP is to be a viable option as 

a construction material for the structural rehabilitation of buildings, it must be shown that, when 

protected with insulating materials, it can provide the needed strength for the necessary amount 

of time during a fire. 

 

1.4 Research Objectives 

The primary objective of this research thesis is to understand how insulated FRP-

strengthened reinforced concrete members perform both thermally and mechanically when 

exposed to fire.  FRP’s are well known to be capable of adding significant strength to both new 

and existing structures.  However, as discussed previously, doubt still remains surrounding their 

performance when subjected to elevated temperatures.  By exposing insulated strengthened 

concrete specimens to simulated fire conditions for a period of four hours, this research strives to 

show the structural contribution of the FRP with respect to time and temperature.  These tests 

will therefore attempt to provide a solution towards protecting the FRP such that they can be 

reliably used in building applications. Findings from this research could also potentially help 

develop guidelines for approximating the structural properties of insulated FRP strengthening 

systems at elevated temperatures.  

An ancillary objective of this research is to obtain official ULC and ULUK fire-ratings 

for the insulated strengthening systems used in the laboratory testing.  All insulating and FRP 
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materials were manufactured by Fyfe Co. LLC and installed by representatives of Fibrwrap 

Construction Inc.  The insulation used in this research (AFP-WR) is a new weather-resistant 

version of their typical AFP spray-insulation system, and has yet to be assigned an official fire 

rating.  Though the potential for a four hour rating existed, it is desired that all insulating systems 

tested as a part of this thesis obtain a minimum two hour fire rating as per ULC and ULUK 

standards. 

Another subsidiary objective of this thesis is to collect laboratory experimental data that 

can eventually be compared with numerical modelling programs developed by past, current and 

future graduate students at Queen’s University.  Research on the subject of FRP and fire has 

been an ongoing study at this institution by a number of past PhD students: Bisby (2003), 

Williams (2004) and Chowdhury (2009).  During this time, substantial development of numerical 

modelling has been conducted with limited experimental data available for comparison.  

Findings from the tests conducted as a part of this thesis could therefore provide valuable 

quantitative results to be used for validation of this predictive software; however this is not a part 

of this research thesis. 

 

1.5 Outline of Thesis 

This thesis is divided amongst six chapters, and three appendices.  Chapter 2 is a 

literature review that investigates what is currently known about the structural performance of 

FRP-strengthened structures when exposed to fire.  It begins with a discussion on the nature of 

FRP’s and some of their advantages and disadvantages as a construction material.  It then 

summarises various ways in which FRP’s are used as a means of retrofitting reinforced concrete 

structures.  A summary of previous research is also presented on this topic.  Finally, this chapter 
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concludes by describing the effects of elevated temperatures on FRP and FRP-retrofitted 

reinforced concrete structures through findings from previous research conducted at Queen’s 

University. 

Chapter 3 presents the experimental program of this research thesis.  Three sets of tests 

were conducted to evaluate the thermal and mechanical effectiveness of insulated FRP 

strengthening systems on reinforced concrete structures exposed to fire.  The first of these 

involved two intermediate-scale concrete slabs.  These were strengthened with CFRP strips and 

protected with AFP-WR insulation.  They were then exposed to a standardized fire curve as per 

ASTM E119 for four hours.  The purpose of this program was to determine appropriate 

insulation thicknesses for the full-scale specimens to follow.  The second set of tests consisted of 

two full-scale concrete T-beams, which were retrofitted with CFRP and GFRP, and protected 

with the same insulation.  These were also heated for a period of four hours.  Finally, the third 

test set investigated the performance of the same CFRP and insulation on two full-scale concrete 

columns when exposed to fire.  One circular column and one square column were exposed to the 

elevated temperatures for four hours. 

Chapter 4 presents the qualitative and quantitative findings from the experimental 

programs.  Observations were recorded from both inside and outside the furnaces during testing.  

These findings were combined with readings from thermocouples and linear potentiometers in 

order to better understand the thermal and mechanical developments which took place 

throughout the concrete specimens and their strengthening systems during heating.  Chapter 5 

presents a numerical approach for approximating the loss of strength in FRP-strengthened 

reinforced concrete members due to temperature.  Findings from previous research conducted at 
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Queen’s University on the material properties of FRP were used for this process.  The sixth and 

final chapter summarises the conclusions that arose from this research. 

In addition to these chapters, three appendices have been included.  In the first two 

present all structural calculations for the beams (Appendix A) and columns (Appendix B).  

Canadian, American and European codes were used to predict the unstrengthened and 

strengthened capacities of these specimens.  This was necessary in order to determine 

appropriate service loads which were applied throughout the heating process.  Appendix C 

summarises the insulation thickness readings for all three test programs, which were recorded in 

conjunction with a representative of ULC. 
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 Chapter 2: 

 Literature Review 

 
2.1 Introduction 

Fibre reinforced polymers are no longer the unfamiliar and unproven material they once 

were in the field of civil engineering.  Since their first ever field application in 1980 as pre-

stressing tendons in the Ulenberg-Strasse Bridge in Dusseldorf, Germany (Ryall, 2000), 

significant time and effort has been dedicated towards investigating the numerous opportunities 

of structural applications for this promising construction material.  FRP’s are well known for 

their high strength, low self-weight and their significant resistance to corrosion when compared 

with traditional structural steel.  This literature review will discuss the mechanical nature of these 

materials as well as how this pertains to civil engineering applications, particularly with respect 

to infrastructure rehabilitation.  It will also discuss the effects of fire on the material properties of 

FRP strengthened members because this is an area of great concern in current research efforts. 
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2.2 Fibre Reinforced Polymers 

2.2.1 Description 

Fibre reinforced polymers are composite materials in that two components act in unison 

to provide the overall structural strength and rigidity.  The fibres (often carbon, glass or aramid) 

provide the majority of the tensile strength and stiffness, while the polymers (often polyesters, 

epoxies or vinyl esters) act as a binding agent, referred to as a matrix (Tang, 1997).  This 

composite action allows the system of fibres to act as a single structural unit, as localized stresses 

are distributed to other fibres via the binding polymer.  Doing so allows some FRP’s to exceed 

the strength and stiffness of traditional structural steel, making them ideal for applications in 

civil engineering, as is discussed subsequently. 

 

2.2.2 Material Properties 

The use of FRP as reinforcement for concrete structures (both internal and external) is 

slowly becoming a more common practice in the construction industry.  This is largely due to the 

favourable nature of several material properties which make FRP ideal for such an application.  

Though there is still uncertainty associated with aspects of their long-term structural performance 

due to their relatively recent implementation in the field, FRP’s still present a number of 

beneficial opportunities which are slowly being commonly recognized. 

 

2.2.2.1 Advantages of FRP in Construction 

The first and most notable benefit of using FRP in the construction industry is its high 

strength-weight ratio.  Carbon, aramid and even glass fibres can be used in a structure without 

significantly adding to its dead weight.  Table 2.1 summarises some typical mechanical 
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properties (including strength) of various types of FRP reinforcing bars.  From this table, it can 

clearly be seen that these materials are able to match, if not exceed the strength of steel.   This, 

combined with its light weight, make FRP an ideal material for reinforcement or strengthening.  

Because of its light weight, FRP is much easier to handle and install.  A study conducted by Berg 

et al. (2003) analysed the construction of a new highway overpass on USH 151 in Waupin, 

Wisconsin.  It consisted of two 32.7 m long simply supported spans, each comprised of a 

concrete slab supported by five 1370 mm tall pre-stressed concrete girders spaced at 2.65 m.  

One bridge deck was reinforced with epoxy-coated steel, while the second was constructed with 

SIP FRP deck panels, GFRP rebar and a prefabricated bi-directional FRP pultruded grid.  After 

completion, it was seen that the installation labour in terms of person-hours for the FRP 

represented a mere 43% for that of steel.  This represented a total savings of 403 person-hours of 

construction time (Berg, 2003).  As labour costs continue to increase, savings due to the light 

weight nature of FRP will become increasingly beneficial for construction purposes. 

 Unlike steel, FRP is also extremely resistant to corrosion.  In traditional reinforced 

concrete, an electrochemical cell can develop in the steel due to localized differences in electro-

negativity.  Electrons begin to flow through the rebar from the anode to the cathode, which 

causes a build-up of oxides (typically Fe2O3) around the steel.   This process can induce spalling 

of the concrete because the embedded materials continually expand, forcing the concrete 

outwards.  This often leaves the reinforcing steel completely exposed, often accelerating the 

effects of further corrosion. FRP however, does not corrode.  Since corrosion is the main 

contributor to the current poor state of civil infrastructure, the use of corrosion resistant materials 

is all the more appealing. 
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 Moreover, FRP has been shown to effectively resist fatigue loading in research conducted 

by Kaiser and EMPA (Meier, 1995).  In both test schemes, FRP-strengthened reinforced concrete 

beams were subjected to fatigue loading until failure.  Testing conducted by EMPA also 

attempted to simulate realistic loading conditions by controlling the test environment 

(Meier, 1995).  After 10.7 million cycles, the room temperature was increased to 40⁰C and the 

relative humidity was raised to 95%.  Nevertheless, all beams tested as a part of these two test 

programs experienced fatigue failure of the steel reinforcement before any noticeable damage or 

delamination of the FRP.  The ability to resist fatigue loading, along with its strong resistance to 

corrosion, has led to the belief the FRP-reinforced or strengthened structures will have 

considerably longer service lives than traditionally steel reinforced structures. 

 

2.2.2.2 Disadvantages of FRP in Construction 

The most common criticism of FRP which is preventing its widespread use in the 

construction industry is its high material cost.  Carbon and aramid fibres are very costly to 

produce.  Though glass fibres are cheaper, they are by no means inexpensive when compared 

with traditional construction materials such as concrete and steel.  Moreover, the complex 

polymers (often two part-epoxies or vinylesters) are also expensive to manufacture.  Finally, the 

pultrusion process used to combine the fibres with the polymer matrix in order to produce pre-

fabricated FRP sheets is extremely energy intensive, and requires large machines to complete 

(Mufti, 2006).  All of these aspects of the manufacturing process of FRP make for very high raw 

material costs.  The study conducted by Berg et al. (2003) mentioned previously recorded a 60% 

increase in material costs between the steel and FRP reinforced bridge decks.  However, when 

faced with the ominous task of repairing civil infrastructure on the scale and timeline which is 
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currently necessary across North America, these high costs are gradually becoming less of a 

barrier for bridge designers.   

The next greatest concern would arguably be FRP’s mechanical performance when 

exposed to fire.  During heating, the polymer component which binds the fibres together can 

ignite, producing toxic fumes while also causing a significant loss in the FRP’s strength.  High 

temperatures have a direct effect on polymer matrices’ ability to transfer stress between fibres, 

thus limiting the overall strength of the material.  It is primarily this concern which is limiting the 

implementation of FRP in building applications.  The effects of temperature on FRP and FRP-

strengthened concrete members are discussed in detail later on in this chapter.   

 

2.3 Strengthening Reinforced Concrete Structures with FRP 

Due to the favourable material properties discussed previously, engineers in the field of 

infrastructure rehabilitation have been turning to FRP for the past 30 years.  Since 1980’s, Meier 

began conducting research on carbon FRP composites as a means of rehabilitating existing 

reinforced concrete structures (Motavalli, 2007).  This research eventually led to the first ever 

field application of FRP’s as a strengthening material.  In 1991, several steel pre-stressing 

tendons of the Ibach Bridge in Lucerne, Switzerland were damaged during construction.  The 

bridge was consequently strengthened with three sheets of CFRP measuring 150 mm by 

5000 mm each (Hollaway, 1999).  As the global infrastructure crisis intensified over time due to 

increasing loads and decaying structures, these research efforts have diversified in order to 

investigate many possible applications of FRP.  Consequently, since the 1980’s, this has become 

an increasingly significant area of research in civil engineering.  For the purpose of this literature 
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review, the two applications relevant to this research thesis have been investigated: flexural 

strengthening and column confinement. 

 

2.3.1 Strengthening Flexural Members with FRP 

The first of these applications is the flexural strengthening of reinforced concrete beams.  

As mentioned previously, Meier spearheaded the research efforts for the potential of using FRP 

as a material for flexural strengthening.  Beginning in 1982, this research program was 

conducted at the Swiss Federal Laboratories for Materials Testing and Research (EMPA) on 

“carbon fibre reinforced epoxy resin composites” (Meier, 1995).  More than 70 reinforced 

concrete beams spanning between 2 and 7 m were fitted with CFRP flexural sheets along the 

bottom face and loaded until failure.    From this, a number of insightful conclusions were made.  

The first was that when analysing the cross-sections of FRP-strengthened concrete beams, the 

strain compatibility method was in fact appropriate.  This paved the way for design codes which 

were eventually developed, such as CSA S806-02 and ACI 440.2R-08.  Perhaps the most 

significant observation was that the possible development of shear cracks in the tensile zone 

could eventually lead to “peeling of the strengthening composite”, as seen in Figure 2.1.  This 

observation prompted significant future research in the various possible failure mechanisms of 

FRP-strengthened flexural members. 

 

2.3.1.1 Failure Modes of Beams Strengthened with FRP 

These failure modes were investigated by many institutions across the globe throughout 

the 1990’s, which eventually led to the development of computer modelling software.  Smith and 

Teng (2002) explored and evaluated the findings from 12 of these studies.  Figure 2.2 
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summarizes the typical failure modes observed in the laboratory tests which were investigated 

for the purpose of their paper.  Some of these mechanisms were fairly standard for reinforced 

concrete beams, such as failure of the flexural reinforcement or failure of the concrete, be it in 

compression or shear.  However a number of different mechanisms were also observed which 

were unique to FRP-strengthened flexural members.  These are often referred to as “premature 

debonding failure modes” (Smith, 2002) because they typically occur at lower load levels than 

the previous three. 

The first (and most common) of these premature failures occurred when the bottom 

concrete cover was pulled away by the FRP from the rest of the beams.  This was caused by 

areas of high stress concentration which formed at the ends of the FRP sheets.  The sudden 

change in capacity of the cross-section was believed to have induced “high interfacial shear and 

normal stresses” which in turn caused the formation of cracks in the concrete (Smith, 2002).  

These cracks propagated horizontally along the steel reinforcement until a sudden failure was 

observed.  The second premature failure observed in laboratory testing was debonding of the 

FRP from the concrete surface.  As with the previous mechanism, this was initiated at the ends of 

the FRP sheets and was also sudden in nature.  However, it took place due to shear failure in the 

bond itself.  It was also noticed in some tests that a thin layer of concrete was still bonded to the 

concrete.  It is believed by researchers that this shear failure in the concrete occurred due to the 

same aforementioned stress concentrations at the ends of the FRP sheets (Smith, 2002). 

The third and final premature debonding failure mode was different from the previous 

two in that it occurred near the mid-span of the beams.  This is known as intermediate crack 

debonding (Teng et al., 2003).  When flexural cracks formed during loading, the stresses which 

were previously resisted by the concrete were subsequently transferred to the FRP.  As loading 
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continued, these stresses eventually exceeded the bond strength of the FRP-concrete interface, 

leading to debonding adjacent to the crack.  This delamination propagated along the interface 

towards the ends of the sheet until a sudden failure occurred. 

 

2.3.1.2 Design for Debonding Failure 

 Current FRP-strengthening design codes have been written such that they account for the 

aforementioned premature failures.  The Canadian code for FRP strengthened building 

components (CSA S806-02) limits the allowable strain in the FRP.  Clause 11.3.1.1 specifies that 

“the maximum tensile FRP strain shall be no greater than 0.007, assuming no anchorage failure”.  

The Canadian bridge code (CSA S6-06) is even more stringent, restricting the maximum 

allowable FRP strain to 0.006 in Clause 16.11.2.3.  The American FRP design code for 

externally bonded FRP systems (ACI 440.2R-08) takes a slightly different approach than the 

Canadian codes.  Clause 10.1.1 states that cover delamination and FRP debonding can be 

avoided through the implementation of proper anchorage.  In fact, Clause 13.1.2 specifies that 

anchorage is a requirement for any beam strengthened with flexural FRP when the factored shear 

force at the end of the strengthening system is greater than 2/3 of the concrete shear strength.  

The same clause gives Equation 13-1 in order to develop an appropriate anchorage system: 

 

�������� = 
�����������������
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In addition to this, Clause 13.1.2 specifies that FRP strengthening strips must be placed 

past the point in the span which corresponds to the cracking moment1 by a minimum sufficient 

development length (ldf).   This development length is calculated using Equation 13-2: 

 

��� = ����������  

 

In order to account for intermediate crack-induced debonding, the effective strain in the 

FRP is limited much like in the Canadian codes.  However in ACI 440.2R-08, this maximum 

strain is determined by Equation 10-2: 

 

��� = 0.41� �������� ≤ 0.9��� 

 

This equation is modified from research conducted by Teng (2003), in which he 

attempted to quantify strains in FRP during intermediate crack-induced debonding.  The 

coefficient (0.41) was obtained by an ACI 440.2R committee and was developed through 

examination of an extensive collection of data from beams which failed in this manner.  In 

summary, these measures taken by the Canadian and American codes have all been implemented 

in order to numerically account for these premature failure modes. 

 

                                                 
1 when failure occurs in the beam 
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2.3.2 Column Confinement with FRP 

The second application of FRP relevant to this research thesis is the provision of 

confinement to existing reinforced concrete columns.  This form of rehabilitation is more recent 

than the flexural strengthening methods discussed previously.  In fact, up until the early 1990’s, 

the only two standard methods for strengthening existing concrete columns were the installation 

of grout injected steel jackets or the construction of additional concrete cages (Setunge, 2004).  

However, following a series of serious earthquakes in the United States, it became clear that 

older structures greatly needed seismic retrofitting (Saadatmanesh et al., 1994).  Consequently, 

research on the possibility of using FRP as a means of retrofitting columns first started to appear 

around the mid 1990’s.  Saadatmanesh, Ehsani and Li first introduced the concept of using fibre 

composite straps as a means of providing confinement (Saadatmanesh et al., 1994).   They 

conducted a parametric study on the behaviour of circular and rectangular columns strengthened 

with E-glass and carbon fibre composite straps, using various concrete strengths and strap 

thicknesses/spacing.  From these tests, it became clear that FRP’s had the potential to provide 

seismically deficient columns both the strength and ductility they needed.  These two properties 

are essential for earthquake design due to the unique nature of the lateral, displacement-based 

loading. 

 

2.3.2.1 Axial Strength 

FRP wraps are able to provide additional axial strength to concrete columns through 

passive confinement.  As a column is compressed, the concrete is forced outwards as per 

Poisson’s ratio.  The installation of an FRP wrap counteracts this process because the outward 

pressure exerted by the concrete is resisted by the tensile strength of the wrap.  This places the 
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concrete in a tri-axial state of stress (Bisby, 2003), as shown in Figure 2.3.  Consequently, higher 

stresses can develop in the concrete than its original compressive strength would typically 

dictate.  Though this allows for higher capacities, research has shown that it also makes for very 

sudden modes of failure.  Testing conducted by Purba and Mufti (1999) yielded two types of 

failures mechanisms in their two FRP-confined columns.  The first column experienced a violent 

rupture of the FRP, while the second saw a sudden debonding of the entire jacket.  In both cases, 

once the FRP strengthening system was no longer intact, the columns immediately lost the 

effects of confinement and failed instantaneously.  The second failure mode, however, was 

deemed premature because the strain in the FRP at the point of debonding was significantly less 

than its rupture strain.  Nevertheless, both strengthening schemes were able to resist higher loads 

than the control.   

In design, confinement is accounted for by calculating the modified compressive strength 

of the confined concrete (f’cc).  However, there exists a fundamental difference in the 

performance of FRP confinement systems vs. traditional steel jackets.  The lateral confining 

pressure in steel-confined concrete is relatively bilinear upon loading.  Once the steel has 

yielded, there is comparatively little increase in confinement pressure, with the exception of 

strain hardening effects.  The confining pressure from FRP jackets, however, continues to 

increase as the concrete expands laterally (Lam, 2003).  Therefore traditional jacketing 

calculations do not apply.  The approach undertaken in the FRP design codes of Canada 

(CSA S806-02) and the United States (ACI 440.2R-08) for calculating the modified compressive 

strength are very similar when analysing circular columns.  However, when considering square 

columns, the American code is more thorough.  CSA S806-02 uses the same formulas for 

circular and square columns, the only difference being the value of the confinement coefficient 
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kc (1.0 for circular vs. 0.25 for square sections).  ACI 440.2R-08, however, goes further in detail 

by taking into account the specific geometry of rectangular columns through the use of shape 

factors (κa and κb).  This is done in order to estimate the theoretical shape of the area where the 

concrete is fully confined.  This is often understood to be bordered by the parabolic shapes 

shown in Figure 2.4.  Regardless of which code is used, once the modified compressive strength 

has been determined, it is used in place of the original strength in the same formulas for axial 

resistance of unconfined reinforced concrete columns.   

 

2.3.2.2 Ductility 

The second structural benefit provided by FRP jacketing is a significant increase in 

ductility.  Ductility, in its simplest definition, is the measure of a material or system’s ability to 

dissipate energy through the development of large strains before rupture or failure 

(Hibbeler, 2008).  This is particularly important in seismic design.  When an earthquake hits, 

structural systems must dissipate the kinetic energy originating from the seismic event.  The 

amount of energy which a specimen can absorb before failure is represented by the area under its 

stress-strain curve.  Figure 2.5 summarizes typical stress-strain curves for concrete columns 

fitted with differing amounts of confinement.  From this, two observations can be drawn.  The 

first of these is that confined columns fail at significantly higher strains than unconfined 

columns.  This elongation of the stress-strain curve yields a much larger underlying area, 

representing a significantly larger dissipation of energy. 

The other observation from Figure 2.5 is that columns that are not sufficiently confined 

experience a loss of strength as they approach failure, much like unconfined columns.    

ACI 440.2R-08 addresses this relationship based on research conducted by Lam and 
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Teng (2003).  In their study, they developed a design-oriented stress-strain model based on a 

significant collection of data obtained from 14 separate papers (Picher et al., 1996; Watanable et 

al, 1997; Matthys et al., 1999; Purba and Mufti, 1999; Kshirsagar et al., 2000; Rochette and 

Labossiere, 2000; Xiao and Wu, 2000; Aire et al., 2001; Dias da Silva and Santos, 2001; Micelli 

et al., 2001; Pessiki et al., 2001; Wang and Cheong, 2001;  De Lorenzis et al., 2002; Shehata 

et al.,2002).  In total, data from 76 FRP-wrapped circular reinforced concrete columns which had 

been loaded until failure2 were analysed and compared.  Lam and Teng concluded that concrete 

columns that were sufficiently confined produced stress-strain curves that were bilinear in 

nature, as seen in Figure 2.6(b).  However, columns fitted with insufficient jacketing experienced 

a loss in strength before failure, shown in Figure 2.6(a).  Moreover, their FRP wraps failed at 

significantly lower strains than was expected from material tensile tests.  ACI 440.2R-08 

therefore specifies a minimum level of confinement in Clause 12.1, where the ratio of the 

maximum confinement pressure (fl) over the original concrete strength (f’c) cannot be less than 

0.08.  This is to ensure that FRP-jacketed columns are in fact able to reach the higher strains 

required to provide the needed ductility for seismic design. 

 

2.4 The Effects of Fire on FRP 

As discussed previously in this literature review, fire can have substantially negative 

effects on unprotected FRP.  Because of this, FRP strengthening methods have not been 

implemented in building applications to the same extent as they have in bridges.  The following 

section will discuss what is known about the effects of fire and FRP. 

 

                                                 
2 All 76 specimens failed by means of the FRP rupture 
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2.4.1 Material Properties as Affected by Fire 

The high temperatures experienced during a fire reduce the polymer’s ability to transfer 

stress between fibres.   This limits the overall strength of the material because it can no longer 

act as a single structural unit.  Significant loss in strength occurs when the FRP is approaching its 

glass transition temperature (Tg).  This glass transition temperature represents the point at which 

the polymer transitions from a rigid glass state to a soft rubbery state.  Contrary to what the name 

suggests, this process actually occurs over a range, often 30⁰C.  Therefore Tg for a particular 

manufactured FRP is typically taken as the centre of this range.  When temperatures exceed this 

point, polymers will have lost a significant portion of their strength.  Research conducted at 

Queen’s University by Khalifa (2011) investigated the effects of temperature on axially loaded 

CFRP coupons.  It was found that the majority of the coupons retained around half of their 

original strength when heated past Tg, without much additional loss of strength upon further 

heating.  It was also noted, however, that the shear bond between lap-spliced coupons lost a 

significantly larger portion of their shear strength at Tg, often failing near this temperature.  This 

is very concerning for FRP-strengthening systems because they often rely on bond with either 

the concrete (ex: flexural and U-wrap shear applications) or itself (ex: completely-wrapped shear 

applications and confinement).  For this reason, fire test programs are required for these 

strengthening systems. 

 

2.4.2 FRP Strengthened Structures and Fire 

Over the past ten years, research has been conducted at Queen’s University to investigate 

the issues surrounding fire and FRP.  Full-scale reinforced concrete specimens were retrofitted 

and protected with various types of insulation.  With the help of the facilities at the National 
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Research Council of Canada in Ottawa, ON, these specimens were subjected to simulated fire 

temperatures for extended periods of time.  Through the use of thermocouples, strain gauges and 

linear potentiometers, the mechanical and thermal performance of these specimens were 

monitored.  The two main types of concrete structures analysed were beams and columns. 

 

2.4.2.1 Beams 

Williams (2004) and Chowdhury (2005) each strengthened two 4 m long reinforced 

concrete T-beams with CFRP.  These beams were loaded with a sustained service load and 

subjected to a standardized temperature curve for a period of four hours, as per CAN/ULC S101-

07.  Throughout testing, three of the four3 beams were able to pass all temperature criteria set out 

by this standard, while also resisting the service loads.  The insulation was therefore able to 

maintain acceptable concrete and steel internal temperatures.  However the FRP in both test 

programs reached Tg within the first 30 minutes.  As discussed previously, this represents a 

significant loss in FRP strength.  Moreover, as the strengthening systems were applied as wet 

lay-up sheets, the bond between the concrete and FRP was most likely also compromised.  

Though the beams maintained the necessary service loads, it was clear that the negative effects 

of fire on the FRP could manifest very quickly. 

Leone et al. (2006) investigated these effects in detail.  In this research, 20 double-face 

bond shear tests were conducted at various temperatures up to and including 80°C.  The 

specimens were composed of two concrete prisms (each 150 mm by 150 mm by 400 mm) joined 

only by a single FRP sheet, bonded to the outside face of each prism.  The FRP bonded to one 

prism was clamped in order to avoid slippage during axial tensile loading, while the other was 

                                                 
3 BEAM-4 in Chowdhury (2005) experienced thermal spalling, resulting in a 3 hour fire-rating as supposed to 4. 
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fitted with strain gauges.  Findings from these tests actually showed a general increase in 

anchorage load and maximum bond stress as temperatures increased up towards Tg, at which 

point they fell considerably.  Moreover, the failure mechanisms as heating levels increased 

tended to change from FRP rupture to FRP-concrete interface bond failure.  However, the most 

significant finding was that no complete degradation of bond strength was ever observed, even at 

1.5 times Tg.  Therefore, although this critical bond is clearly affected by high temperatures, it 

still retains some strength, even at temperatures exceeding Tg.  

Ahmed and Kodur (2011) compared their numerical model against the structural and 

thermal performance of two previously tested full-scale FRP strengthened reinforced concrete 

beams: Blontrock et al (2000) and Ahmed and Kodur (2010).  Unlike Leone et al. (2006), this 

research focused on the effects of temperature on the FRP-concrete interface bond in the context 

of full-scale beams.  They concluded that these beams experienced a significant loss in moment 

capacity when the FRP-concrete interface exceeded Tg.  However, the remaining capacity still 

exceeded that of an unretrofitted beam due to the protection provided from the insulation.  They 

also found that the FRP-concrete bond temperature could be maintained below Tg for up to two 

hours with the provision of sufficient insulation. 

 

2.4.2.2 Columns 

Bisby (2003) and Chowdhury (2009) both conducted testing on 4 m tall reinforced 

concrete columns with confining CFRP.  The procedure was very similar to that of the beams in 

that the specimens were also loaded with a sustained service load and subjected to the same 

standardized temperature curve.  In these tests, all columns were able to meet the temperature 

criteria set out by CAN/ULC S101-07 and resist the sustained loads.  Unfortunately, as with the 
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beams, the confining FRP for three of four columns again reached Tg within the first 30 minutes4 

of the test. Bisby concluded that the implementation of thicker VG insulation did little to delay 

the heating of the FRP near the glass transition temperature.  It did slow the progression of heat 

in the last hour of the five hour test; however fire ratings are rarely more than two hours in 

buildings.  The findings from these tests show that FRP-strengthened reinforced concrete 

members are at serious risk of losing strength even while protected with insulation.   

 

2.5 Summary 

This literature review has shed light on both the opportunities and the limitations of using 

fibre reinforced polymers as a method for strengthening reinforced concrete structures.  Since the 

1980’s, a substantial amount of international research has been conducted on various 

rehabilitation applications for this material.  Testing and modeling from these efforts have 

produced the necessary design codes required for the widespread implementation of FRP 

strengthening systems.  However, testing in the past ten years has also shown the significant 

need for fire protection of these systems.  Though FRP has a long list of beneficial material 

properties (e.g. strength, stiffness, resistance to corrosion and fatigue), its vulnerability to 

elevated temperatures is seriously limiting its implementation in buildings. 

Though it is undeniable that FRP-strengthened structures will inevitably be weakened by 

fire, results from Khalifa (2011) showed that FRP coupons still retain half of their strength at 

temperatures significantly above their respective Tg.  Therefore, although FRP-strengthened 

structures are weakened during fire, neglecting the effects of the FRP completely may in fact be 

over conservative.   

                                                 
4 Column 5 in Chowdhury (2009) reached its glass transition temperature at around 60 minutes. 



Chapter 2.0: Literature Review 

 

26 
 

Table 2.1: Typical Mechanical Properties of FRP Reinforcing Bars (Mufti, 2006) 

Trade Name Tensile Strength 
(MPa) 

Modulus of 
Elasticity (GPa) 

Ultimate Tensile 
Strain 

Carbon Fibre 

V-ROD 1596 120.0 0.013 

Aslan 2068 124.0 0.017 

Leadline 2250 147.0 0.015 

NEFMAC 1200 100.0 0.012 

Glass Fibre 

V-ROD 710 46.4 0.015 

Aslan 690 40.8 0.017 

NEFMAC 600 30.0 0.020 

 

 

 

Figure 2.1: Shear cracks leading to early peeling of the strengthening laminate (Meier, 1995) 
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Figure 2.2: Failure modes of FRP-strengthened RC beams (Smith, 2001): 
(a) FRP rupture 
(b) crushing of compressive concrete 
(c) shear failure 
(d) concrete cover separation 
(e) plate end interfacial debonding 
(f) intermediate crack induced interfacial debonding 
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Figure 2.3: Confined circular column in a triaxial state of stress (adapted from Bakht, 2008): 

 
 

 
Figure 2.4: Theoretical area of fully confined concrete in a square column (Chowdhury, 2009): 
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Figure 2.5: Schematic stress-strain behavior of unconfined and confined concrete (Rocca, 2008) 
 
 
 

 
 

Figure 2.6: Comparison between proposed model and test stress-strain curves (Lam, 2003): 
(a) fl/f’ c = 0.048 
(b) fl/f’ c = 0.150 
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 Chapter 3: 

 Experimental Program 

 
3.1 Introduction 

In an attempt to better understand and predict the thermal and mechanical behaviour of 

FRP retrofitted structures under elevated temperatures, three sets of tests were developed.  This 

chapter summarizes the methodology behind the various tests involved in this research thesis.  

The first investigated the thermal performance of Fyfe Co. LLC’s WR-AFP 3-phase insulating 

system on two intermediate-scale reinforced concrete slabs fitted with Tyfo SCH-41 CFRP, and 

subjected to a standard fire as per ASTM E119.  The second tested the same materials’ ability to 

strengthen two full-scale reinforced concrete T-beams under service loads, while also subjected 

to a standard fire curve (ASTM E119).  The third and final set of tests analysed similar 

retrofitting and fire-proofing techniques on two full-scale reinforced concrete columns.  Results 

from these tests are discussed in Chapter 4. 
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3.2 Intermediate-Scale Slab Tests 

The focus of the intermediate-scale slab tests was to evaluate the thermal performance of 

Fyfe’s weather resistant WR-AFP 3-phase insulating system on two FRP-strengthened reinforced 

concrete slabs.  Before retrofitting and fire-proofing the full-scale T-beams and columns, an 

appropriate thickness for the spray insulation would first have to be determined.  Two differing 

thicknesses were therefore chosen for each slab (labelled Slab A and Slab B), and subjected to a 

simulated fire. 

 

3.2.1 Slab Design and Fabrication 

The dimensions of the concrete slabs for these tests were limited by the size of the slab-

testing furnace at the National Research Council of Canada in Ottawa, ON.  This furnace 

provides the opportunity to expose a maximum rectangular area of 1.35 m by 1.98 m to elevated 

temperatures from underneath.  Each slab was therefore 954 mm wide by 1331 mm long.  This 

maximized the surface area of each slab which would inevitably be exposed to the furnace 

temperatures, while providing enough clearance for an insulating barrier around and in between 

the two slabs.  A thickness of 150 mm was chosen based on standard industry practice, as slabs 

typically range from 120 mm to 250 mm.  This would also provide consistency with the full-

scale T-beam tests to follow. 

During the fire test, no service loads were to be applied.  Therefore the slabs were only 

reinforced with minimum steel as per CSA A23.3-04 (Clause 10.5.1) and ACI 318-08 

(Clause 10.5.1).  This would be sufficient to account for self-weight, as well as for any other 

forces induced while moving the slabs (e.g. negative moments induced when lifted by crane).  

Both slabs had the same reinforcement design, as shown in Figure 3.1.  The longitudinal rebar 
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consisted of three 15M bars spaced at 305 mm, while the transverse rebar consisted of four 10M 

bars, also spaced at 305 mm.  The specified yield strength of all reinforcement was 400 MPa.   

The slabs were fabricated in the Structures Laboratory at Queen’s University in 

Kingston, ON.  A minimum bottom concrete cover of 25 mm was maintained by drilling holes in 

the formwork, into which the 15M bars were positioned.  The transverse reinforcement was 

subsequently placed and tied to the top of the 15M bars.  Additionally, 4 steel hooks were 

welded to the reinforcement near the four corners to facilitate transportation of the slabs upon 

curing.  The concrete was provided by Lafarge Ready-Mix, Kingston, ON.  It was poured from a 

single batch, in two lifts, with hand-vibrating conducted after each lift.  The concrete had a 

specified 28-day compressive strength of 28 MPa, and design slump of 150 mm.  Limestone 

coarse aggregate with a maximum size of 14 mm was used in the mix, along with Type I 

Portland cement.  The slabs were allowed to cure under wet burlap and plastic sheets for four 

days, before the formwork was removed.  The slabs were cured under ambient temperature and 

humidity for 12 months before being shipped to NRC in Ottawa, ON. 

 

3.2.2 FRP Strengthening Design 

 Though the slabs would not be subjected to any service loads, they were nevertheless 

strengthened with FRP in order to monitor the progression of heat throughout the strengthening 

system during heating.  This would allow for a reasonable assessment of the insulating systems’ 

performances.  The FRP-reinforcement design was therefore based on standard field application 

methods, as advised by representatives from Fyfe Co. LLC, and was installed in the Fire 

Laboratory at NRC in Ottawa, ON.  A more detailed explanation of the FRP application process 

is described in Section 3.3.2. 



Chapter 3.0: Experimental Program 

 

33 
 

Each slab was retrofitted with two single-layered strips of CFRP (Tyfo SCH 41).  Each 

strip was 6” (152 mm) wide, and ran longitudinally along the bottom (tension) side of the slabs, 

with 4” (102 mm) separation in between.  A layout of the strengthening system is shown in 

Figure 3.2.  Figures 3.4 to 3.9 show the FRP installation process for the slabs.  Material 

properties for the CFRP are presented in Table 3.1. 

 

3.2.3 Fire Protection System 

 After sufficient curing of the FRP (overnight), a 3 part insulating system was applied.  

The first component of the system was a base primer to provide a solid bond between the 

concrete/FRP and the second component.  The second component was a spray-on dash coat, and 

was applied half an hour after the primer.  This gave the concrete and FRP a textured, rough 

surface, to which the third component would bond.  Finally the Tyfo WR-AFP spray-on 

insulation was applied.  This component provides the core thermal resistivity of the system 

during the fire test.  A more detailed explanation of the insulation application process is provided 

in Section 3.3.3. 

The entire underside of each slab was fitted with the WR-AFP insulating system.  Slab A 

was specified to be fitted with a 0.75” (19 mm) thick layer while slab B was to be fitted with 

1.25” (32 mm) of insulation, as shown in Figure 3.2.  A depth-gauge was used to verify that the 

specified depths had been reached over the bottom face of the slabs.  Readings from this process 

showed that these thicknesses were slightly exceeded, seen in Tables C.1 and C.2 of Appendix C 

for Slabs A and B respectively.  Figures 3.11 to 3.15 show the insulation installation process. 
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3.2.4 Instrumentation 

In order to quantify the thermal performance of the two insulating systems, 

thermocouples were used throughout various locations of the two slabs.  Type K chromel-alumel 

thermocouple wire was used for the fabrication, which was conducted at Queen’s University.  

The process involved stripping the cover from each internal metal wire and spot welding them 

together.  Upon heating, the two dissimilar metals generate a voltage, due to the differing 

material properties.  This voltage can be related proportionately to temperature change, allowing 

for an approximation accurate within ± 0.3 ⁰C, as stated by the manufacturer 

(Omega Engineering, Inc.).  The locations of the various thermocouples positioned throughout 

the slabs are shown in Figure 3.3.  

All thermocouples at locations A and B were placed prior to the casting of the concrete 

by securing them to the rebar.  Location A was chosen to monitor the steel temperatures at 

various depths.  This would provide insight into the transfer of heat between rebar.  Similarly, 

Location B was chosen in order to show the progression of heat throughout the concrete, also by 

using thermocouples at various depths.  These were secured in place with the help of a 3.1 mm 

diameter drill-rod, which was tack-welded to the rebar.   

Locations D and E were chosen to monitor the temperature of both sides of the FRP strips 

during the test.  These were placed during the FRP strengthening process.  The concrete surface 

thermocouples required a 3 mm deep groove to first be cut in the concrete with the help of a 

tuck-point grinder.  This was necessary as the FRP strips need a smooth surface to bond with.  

All of these thermocouples were secured in place by a five-minute epoxy.  The grooves were 

filled with a mixture of epoxy and a fumed silica based filler (cab-o-sil) prior to the placement of 

the FRP, as is discussed in Section 3.3.2.  After placement of the FRP and sufficient curing 
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(overnight), the FRP-insulation and exposed insulation thermocouples were epoxied directly to 

the FRP strips.  The thermocouples were bent perpendicularly away from the slab to the 

appropriate length (equal to the insulation thickness for that particular slab) as seen in 

Figure 3.10. 

Finally, locations S1-S4 were used to monitor the internal steel temperatures at the outer 

portions of the slabs.  These were placed by drilling four vertical holes from the unexposed 

concrete surface, down to the top of the rebar.  Upon placement of the thermocouples, the holes 

were filled using a high strength grout1. 

 

3.2.5 Fire Test Procedure 

  After the FRP and insulation was allowed to cure for a minimum of 28 days, the two 

slabs were placed in the medium-scale furnace at NRC for the eventual fire test.  As stated 

before, this test was only meant to evaluate the thermal performance of the two insulating 

thicknesses.  Therefore no additional loading was applied, though the apparatus at NRC had the 

capability of providing a service load.  The slabs were exposed to a standard fire curve as per 

ASTM E119 for four hours without any sustained load. This curve is defined numerically in 

CAN/ULC S101-07 as: 

�� = 20.0 + 750
1 − ��.��√�� + 22.0√� 

Where: 

      Tg  = furnace temperature (in ⁰C), and 

      t  = time (in minutes) 

 

                                                 
1 Lepage Poly Super Strength Cement: for concrete and stone patch work 
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 The slabs were placed next to one another, each of which was supported on three sides.  

Fibreglass based insulation was placed around and in between the two slabs, as shown in 

Figure 3.16.  This ensured ideal boundary conditions, such that there was minimal heat transfer 

from the sides of the slabs (both to the room, and to the adjacent slab).  Furthermore, five 

additional thermocouples were placed on the unexposed side of each slab, also shown in 

Figure 3.16.  Finally, the room temperature and moisture content of each slab were recorded 

prior to heating.  This was done by drilling into the unexposed concrete surface, and using a 

Vaisala humidity and temperature indicator, shown in Figure 3.17.  The relative humidity and 

temperature readings were 71% and 22°C for Slab A and 74% and 22°C for Slab B. 

The slabs were then ready to be heated.  The furnace regulates the oven temperature by 

limiting the flow of propane to four burners, which heat the bottoms of the slabs.  Four 

thermocouples situated inside the furnace and positioned in a cross at the centre of the furnace, 

monitor the temperature and adjust the flow of propane to follow the standard fire curve 

accordingly.  The results from this test are presented in Chapter 4. 

 

3.3 Full-Scale T-Beam Tests 

Based on the results from the intermediate-scale slab test, two new insulating schemes 

were developed for two full-scale reinforced concrete T-beams, retrofitted with identical FRP-

strengthening designs.  Note that the beams are labelled C and D as they are a continuation of 

Masoud Adelzadeh’s research for his PhD thesis, in which two beams of the same 

unstrengthened design are labelled A and B. 
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3.3.1 Beam Design and Fabrication 

The beam dimensions were once again somewhat limited by the testing furnace at the 

National Research Council of Canada, which had a maximum size of 4870 mm by 3960 mm.  

The span for the test beams was therefore selected as 3900 mm.  Schematics of the reinforcement 

design are seen in Figure 3.20.  This would allow ample room for heat expansion of the beams 

during the fire test such that simply-supported loading conditions were maintained throughout.  

Based on work done by Williams (2004), the remaining dimensions were determined with the 

goal in mind for the unstrengthened beams to have sufficient capacity to resist a 2.4 kPa live load 

acting over a tributary width of 3 m.  From this, the beams were chosen to be 400 mm deep, with 

the flange being 1220 mm wide by 150 mm deep (same as the concrete slabs in Section 3.2).  

The web was chosen as 300 mm wide. 

In previous research, the beams were originally reinforced longitudinally with 14-10M 

bars in the flange and 2-20M bars in the web (Williams, 2004).  However, upon testing, it was 

found that this amount of steel reinforcement was excessive.  Therefore the reinforcement 

scheme of the beams in this thesis was reduced to 6-10M bars in the flange and 2-15M bars in 

the web.  This resulted in unstrengthened factored moment capacities2 of 57.3 kN.m 

(CSA A23.3-04), 61.6 kN.m (ACI 318-08) and 58.8 kN.m (EN BS 1992-1-1:2004).  

Additionally, 2 layers of 10M bars spaced at 150 mm were included as lateral reinforcement of 

the flange.  The shear reinforcement consisted of 26-10M stirrups spaced at 150 mm.  This 

provided factored shear resistances of 292.6 kN (CSA A23.3-04), 233.1 kN (ACI 318-08) and 

295.0kN (EN BS 1992-1-1:2004).  Detailed calculations are available in Appendix A.  All 10M 

bars had a yield strength of 460 MPa, while the 15M bars had a yield strength of 406 MPa.   

                                                 
2 All calculations were conducted by accounting for the top steel in the flexural calculations, seen in Appendix A.  It 
should be noted that neglecting the contribution of the top steel significantly reduces these capacities. 
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The beams were also fabricated in the Structures Laboratory at Queen’s University in 

Kingston, ON.  The rebar was spot-welded together to form a solid cage, and placed on wooden 

chairs, in order to maintain a minimum concrete cover of 40 mm to the stirrups during the 

pouring of the concrete.  As was done with the slabs, 2 steel hooks were welded to the 

reinforcement at the quarter-spans.  Once again, this would facilitate transportation.  The 

concrete was provided by Lafarge Ready-Mix, Kingston, ON.  It was poured from a single batch, 

in two lifts, with hand-vibrating conducted after each lift.  The concrete had a specified 28-day 

compressive strength of 28 MPa, and design slump of 150 mm.  Limestone course aggregate 

with a maximum size of 14 mm and Type I Portland cement were once again used in the mix.  

The beams cured under wet burlap and plastic sheets for one week, before the formwork was 

removed.  The beams cured under ambient temperature and humidity for 16 months before being 

shipped to NRC.  Concrete cylinder testing showed that the concrete in fact had a 28-day 

compressive strength of 35.74 MPa, seen in Table 3.2.  All material properties are presented in 

Table 3.1.  Photos of the concrete pouring process are shown in Figures 3.25 to 3.30.   

 

3.3.2 FRP Strengthening Design 

 The design philosophy for the FRP-retrofitted T-beams was originally to develop a 

strengthening scheme which could resist an increase in live load from 2.4 kPa to 4.8 kPa, acting 

over the same tributary width of 3 m as before (Williams, 2004).  In order to meet this 

requirement, an initial strengthening scheme was developed.  Each beam was to be fitted with a 

6” (152 mm) wide, single-layered strip of CFRP for flexural strengthening (Tyfo SCH-41), 

which would run longitudinally along the bottom of the web.  This would provide strengthened 

capacities of 72.4 kN.m (CSA S806-02), 82.4 kN.m (ACI 440.2R-08) and 72.1 kN.m (TR-55).  
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This represents a 26% increase in capacity (34% using American codes, and 23% using 

European codes). 

However, representatives from Fyfe Co. LLC did not wish for such a significant increase 

in capacity for these beams, as such a drastic increase was not representative of typical field 

applications for their product.  Therefore, as per their specifications, the single-layered strip of 

CFRP was reduced to 4” (102 mm), resulting in strengthened capacities of 64.3 kN.m 

(CSA S806-02), 73.2 kN.m (ACI 440.2R-08) and 65.3 kN.m (TR-55).  This translated into a 

12% increase in capacity (19% using American codes and 11% using European codes). 

The ends of each beam were further fitted with 24” (612 mm) wide, single-layered GFRP 

(Tyfo SEH-51A) U-wraps, which covered the sides and bottom of the web.  These were 

implemented in order to provide sufficient anchorage of the longitudinal CFRP to the concrete.  

Schematics of the strengthening system are shown in Figure 3.21.  Detailed calculations for the 

strengthened design are located in Appendix A.  Material properties for both types of FRP are 

presented in Table 3.1. 

The installation process of the FRP was fairly extensive because special care was needed 

to ensure that the FRP was installed correctly.  Proper installation by trained personnel is 

necessary for it to perform adequately.  The process was therefore conducted and overseen by 

members of Fibrwrap Construction Canada Ltd.  Figures 3.31 to 3.36 show the steps of the 

process, which are summarized: 

1. The surface of the web was first roughened up with a hand grinder wherever the 

longitudinal and anchoring FRP would be placed.  This would promote a stronger 

bond between the concrete and FRP. 
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2. The corners of the web at the ends of the each beam were also rounded with a hand 

grinder to a radius of 25 mm.  This would reduce the effects of high stress 

concentrations around the corners of the web in the U-wraps. 

3. Concrete surface thermocouples were then installed.  As with the slabs, a 3 mm deep 

groove was first cut into the concrete with a tuck-point grinder.  Thermocouples were 

then secured in place with a five-minute epoxy.  Thermocouple locations are 

described in detail in Section 3.3.4. 

4. The concrete surface was then vacuumed clean, in order to remove any dust/debris 

which could limit the effectiveness of the FRP bond with the concrete. 

5. A thin layer of primer was then placed on the concrete with a roller. 

6. After 5-10 minutes, a mixture of epoxy and cab-o-sil was spread over the beams with 

a plastic trowel to fill in the thermocouple grooves, along with any other holes or 

voids in the concrete.  This would provide a smooth surface to which the FRP could 

bond. 

7. The longitudinal CFRP strips were then pre-saturated with epoxy on the ground, and 

then placed onto the bottom of the webs, pressing them into place by hand (while 

always applying pressure in the direction of the fibres). 

8. The trowel was then used to spread another mixture of epoxy and cab-o-sil along the 

bottom of the webs.  This smoothed them out, creating a more even surface to which 

the GFRP U-wraps could bond. 

9. The U-wraps were then installed in the same manner as the flexural strips. 

10. The FRP was then allowed to cure for a minimum 12 hours before any further work 

was done. 
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3.3.3 Fire Protection System 

The fire protection systems on the slabs in Section 3.2 were tested in order to determine 

what thickness of insulation should be used for the full-scale T-beams.  Based on the results from 

the intermediate-scale fire test (presented in Chapter 4), an insulation thickness of 34 mm 

(Slab B) was able to provide a four hour fire protection rating.  However, representatives from 

Fyfe Co. FFC decided that a two-hour fire rating would be sufficient for the WR-AFP insulating 

system.  Such a rating was obtained with 20 mm insulation (Slab A).  Therefore, smaller 

thicknesses were chosen for the two beams.  Two different insulating schemes were implemented 

for Beams C and D, shown in Figure 3.22. 

Beam C was specified to be fitted with a 13 mm thick layer of insulation, which covered 

the entire web and 4” (102 mm) along the bottom of the flange on either side of the web.  

Beam D was specified to be protected by 19 mm of insulation; however it was to be placed more 

sparingly.  Near the U-wraps, the insulation covered the entire web, and the inside 4” (102 mm) 

of the bottom of the flange, as with Beam C.  However, in the central 2300 mm span of the 

beam, the insulation only covered a portion of the web’s sides.  The insulation in this location 

was only carried up to 6” (152 mm) from the bottom of the web.  This corresponded to a 

minimum 4” from the centroid of the beam’s longitudinal rebar, as specified by Fyfe Co. LLC.   

As mentioned previously, the WR-AFP insulation system is composed of 3 parts.  As 

with the FRP, much care was needed in order to ensure proper installation, shown in 

Figures 3.38 through 3.42.  It went as follows: 

1. The FRP was first roughened up with sandpaper.  This scratched up the outer layer 

of epoxy, giving the insulation a better surface to bond to. 
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2. Tape was placed on Beam D along the central 2 m of the mid-span, in order to mark 

the appropriate height on either side of the web where the insulation would be 

applied. 

3. FRP-surface and insulation-surface thermocouples were then put in place.  As 

before, a five-minute epoxy was used to hold them in place.  Thermocouple locations 

are described in detail in Section 3.3.4. 

4. The base primer was then applied with a roller.  This was done in order to provide a 

solid bond between the concrete/FRP and the second component. 

5. The second component was the spray-on dash coat and was applied half an hour after 

the primer.  This gave the concrete and FRP an even more textured and rough 

surface. 

6. Finally, the Tyfo VG spray-on insulation was then sprayed onto the beams up to the 

specified thicknesses.  A depth-gauge was used to verify that the specified depths 

had been reached along the length of the entire beam.  Readings from this process are 

found in Tables C.3 and C.4 of Appendix C. 

Due to the nature of the application process, it was difficult to accurately install the 

specified insulation thicknesses on the beams.  Though 13 mm and 19 mm were originally 

chosen for Beams C and D respectively, the end results were actually 15 mm and 20 mm.  Once 

again, thickness measurements are presented in Appendix C. 

 

3.3.4 Instrumentation 

 Once again, thermocouples would provide the necessary data in order to quantify the 

insulation systems’ effectiveness during the fire test.  Figure 3.23 shows their placement 
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throughout the beams3.  The same Type K chromel-alumel thermocouple wire which was used 

for the slabs in Section 3.2 was also used for the beams.  Results from these thermocouples are 

presented in Chapter 4. 

Once again, certain thermocouples were installed prior to the pouring of the concrete by 

securing them to the rebar.  Locations A and C were chosen to monitor the temperature of the 

longitudinal steel near the quarter lengths of the span.  Similarly, Location B was chosen in order 

to show the progression of heat throughout the concrete by using thermocouples placed along the 

centre of the web at various depths.  These were secured in place again with the help of a 3.1 mm 

diameter drill-rod, which was tack-welded to the rebar.  Thermocouples were also placed at 

Location B to monitor the transverse steel in the flange, as well as the stirrups and longitudinal 

steel in the web.  Readings from these thermocouples in conjunction with the drill-rod 

thermocouples would show the progression of heat throughout the entire mid-span cross-section 

of each beam.  This information would also be very useful for comparison with modelling 

conducted as a part of other research theses. 

Locations A, B and C were chosen to monitor the temperature of the CFRP strips during 

the test.  These were placed during the FRP strengthening process in the same manner as the slab 

thermocouples.  Similarly, Locations I and J were used to monitor the temperature of the U-

wraps.  These also required grooves and five-minute epoxy for the concrete surface 

thermocouples.  After sufficient curing of the FRP, the remaining FRP-insulation and exposed 

insulation thermocouples were installed. 

In addition to thermocouples, linear potentiometers were used to monitor vertical mid and 

quarter-span deflections of the beams.  Unlike the slab tests in Section 3.2, a uniformly 

                                                 
3 Note: the thermocouples were placed identically for both beams. 
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distributed load was applied to the beams half an hour prior and maintained throughout the 

duration of the fire test.  Linear potentiometers were used to monitor these deflections 

throughout the test in order to see how the beams’ structural properties were affected by the 

elevated temperatures, shown in Figure 3.46.  These were placed at the quarter and mid-spans of 

each beam, as well as horizontally at one end of each beam, to monitor thermal expansion of the 

T-beams. 

Fibre optics were also included in the beams in conjunction with representatives from the 

University of Ottawa.  These were placed along one of the longitudinal 15M bars in each beam, 

and were used to monitor strain in the steel.  A separate DA was used to monitor and analyse 

these results.  Results from this apparatus were unfortunately not available. 

 

3.3.5 Fire Test Procedure 

The fire test procedure for the T-beams was conducted in compliance with 

CAN/ULC S101-07 and ASTM E119.  The same simulated fire curve was used for the slabs and 

beams, as is discussed in Section 3.2.5.  Moreover, as specified by CAN/ULC S101-07, a 

sustained service load was required to be maintained throughout the test. 

The FRP and insulation on the T-beams were given just over four weeks to properly cure 

before being subjected to the simulated fire.  The beams were retrofitted in a square steel frame 

at NRC in which they were simply-supported, as shown in Figure 3.44. The end of each beam 

which was on a roller was given 2 3/8” (60 mm) of room to account for thermal expansion and 

mechanical rotation.  The steel frame supporting the beams was lifted directly onto the top of the 

furnace.  Fibreglass-based insulation was placed around and in between the beams, as can be 

seen in Figure 3.45.  As with the slabs, this ensured minimal heat transfer from the sides of the 
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beams (both to the room, and to the adjacent beam).  Nine additional thermocouples were placed 

on the unexposed side (top) of each beam, also seen in Figure 3.45.  Finally, the room 

temperature and moisture content of each beam were recorded prior to heating with the Vaisala 

humidity and temperature indicator, as with the slabs: 16°C and 43% for both beams.  Small 

viewports along the walls of the furnace allowed for pictures to be taken during the test, which 

are found in Chapter 4. 

In previous research (Williams, 2004 and Chowdhury, 2005) the T-beams were restricted 

axially with the use of steel shims at either end of the beams.  This actually aided in resisting the 

applied service UDL, as seen in Figure 3.24.  As the temperature increased, thermal expansion 

(which was most extreme along the bottom face of the beams) was restricted by the shims, and 

therefore induced an axial compressive force.  This axial force counter-acted the tension forces 

from the UDL, much like pre-stressing steel, and therefore increased the beam’s capacity.  Due 

to this structural benefit, some international standards for fire testing have begun specifying that 

the beams being tested must be perfectly simply-supported.  Fyfe Co. LLC requested that the test 

meet certification criteria for both ULC and ULUK; therefore no axial restraint was provided 

during the test. 

As previously mentioned, the beams were subjected to a uniformly distributed service 

load of 24.1 kN/m as per CAN/ULC S101-07, which translates into an applied bending moment 

of 43.6 kN.m.  This value was back-calculated from the predicted ultimate and service capacities 

of the retrofitted beams.  Detailed calculations for this are found in Appendix A.  The UDL was 

applied by means of a loading system comprised of six jacks for each beam, as seen in 

Figure 3.44.  The total load was applied in fourths over the course of 45 minutes, and then 
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sustained for a half hour prior to the fire test. The load was then maintained throughout the 

duration of the fire test. 

 The full-scale furnace operated much like the one used for the slabs.  It regulated the 

oven temperature by limiting the flow of propane to 15 burners, which heated the beams from 

the bottom (web and bottom of flange are exposed).  Five furnace thermocouples were situated 

inside the furnace and positioned in a cross at the centre of the furnace.  They monitored the 

temperature of the furnace and adjusted the flow of propane to follow the standard fire curve 

accordingly.  The furnace can be seen in Figure 3.43.  Photographs and results from this test are 

presented in Chapter 4. 

 

3.4 Full-Scale Column Tests 

The results from the intermediate-scale slab test were also used to determine appropriate 

insulation thicknesses for two full-scale reinforced concrete columns.  These columns were once 

again retrofitted using Tyfo SCH-41 CFRP, insulated with the Fyfe Co. LLC’s WR-AFR 3-phase 

insulating system, and subjected temperatures as per ASTM E119 for a duration of four hours.  

The same two thicknesses specified in the beam tests (13 mm and 19 mm) were chosen for the 

column tests as well.  However, as is discussed later, one column was accidentally fitted with an 

excess of material.   

 

3.4.1 Column Design and Fabrication 

Unlike with the slabs and beams, the two columns tested in this research thesis were not 

identical to one another, as they were leftover from separate research projects.  Column A had a 

circular cross-section and was originally from Bisby (2003).  Column B had a square cross-
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section, and was poured for Chowdhury (2009).  Nevertheless, the use of dissimilar columns 

would inevitably prove to be beneficial as it would provide insight into the effectiveness of using 

FRP as a method of column-confinement for the two differing geometries. 

The two columns had the same height of four metres, which was dictated by the 

maximum testing height of the apparatus at the National Research Council of Canada.  The 

height of the columns used was therefore 3810 mm.  This allowed room for two 38 mm thick 

square steel plates to be attached above and below the columns.  Fixing the top plate to the 

machine would ensure fixed-fixed loading conditions, as is discussed in later.   

 

3.4.1.1 Column A 

Column A had a circular cross-section of diameter 400 mm.  Schematics of the 

reinforcement design are found in Figure 3.49.  Material properties are presented in Table 3.1.  It 

was reinforced longitudinally with 8-20M steel bars spaced equidistantly from one another, and 

with a 40 mm clear concrete cover.  The longitudinal rebar had a yield strength of 456 MPa.  

Additionally, the circular column was strengthened transversely with a 10M spiral reinforcement 

set at a 50 mm pitch, centre-to-centre.  Cylinder tests conducted showed that the concrete 

strength was 37.35 MPa on the day before the test.  This resulted in unstrengthened factored 

axial resistances of 2810 kN (CSA A23.3-04), 3192 kN (ACI 318-08) and 3560 kN 

(BS EN 1992-1-1:2004).  Detailed calculations for Column A are available in Appendix B.   

The circular column was fabricated in the Structures Laboratory at Queen’s University in 

Kingston, ON (Bisby, 2003).  In order to ensure proper loading in the test frame at NRC, the 

longitudinal rebar was fillet-welded to a top and bottom steel square plate, seen in Figure 3.55.  

The transverse reinforcement was then tack-welded to the longitudinal rebar, around which the 
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formwork was placed (400 mm inside-diameter SonotubeTM).  Concrete was poured in a single 

lift by means of a concrete hopper.  Hand-vibrating was conducted after the lift was poured to 

ensure proper consolidation of the concrete.  The column was stored for seven days in a 21°C-

24°C, 100% humidity environment, after which the formwork was removed.  The column was 

then stored at ambient temperature and humidity until testing. 

 

3.4.1.2 Column B 

Column B was square in cross-section, with sides measuring 305 mm.  The corners were 

ground down with a hand grinder to a minimum corner radius of 25 mm, as per 

recommendations from Fyfe Co. LLC.  It was fitted with 4-25M longitudinal steel bars placed at 

the corners of the column, while maintaining a 40 mm clear concrete cover.  These bars had a 

yield strength of 477 MPa.  Lateral strengthening was provided in the form of 10M ties spaced at 

305 mm centre-to-centre.  Concrete cylinder testing on the day before the test gave a concrete 

strength of 34.4 MPa.  This resulted in unstrengthened factored axial resistances of 1947 kN 

(CSA A23.3-04), 1878 kN (ACI 318-08) and 2601 kN (BS EN 1992-1-1:2004).  Detailed 

calculations for Column B are available in Appendix B.  Schematics of the reinforcement design 

are found in Figure 3.50.  Material properties are presented in Table 3.1. 

The square column was also fabricated in the Structures Laboratory at Queen’s 

University in Kingston, ON (Chowdhury, 2009).  As with Column A, the longitudinal rebar of 

Column B was fillet-welded to a top and bottom steel square plate in order to ensure proper 

loading in the test frame at NRC.  The transverse reinforcement was tack-welded to the 

longitudinal rebar, around which the wooden formwork was built-up.  Concrete was poured in 

three lifts by hand-scooping through openings built into the formwork, shown in Figure 3.58.  
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Hand-vibrating was conducted after each lift to ensure adequate consolidation of the concrete.  

The formwork was removed 24 hours following concrete pouring, after which the column was 

enclosed in plastic for four weeks, as seen in Figure 3.59.  It then was left to further cure at 

ambient temperature and humidity until testing. 

 

3.4.2 FRP Strengthening Design 

 Strengthening reinforced concrete columns with FRP is an effective way of increasing the 

axial capacity of the structure.  It provides confinement to the concrete, which allows the 

concrete to resist higher compressive stresses than its original strength would typically dictate.  

For this research thesis, the strengthening design for each column was developed in collaboration 

with representatives from Fyfe Co. LLC, based on standard industry practices. 

Column A was fitted with two layers of the same CFRP (Tyfo SCH 41) used to 

strengthen the beams and slabs.  This design provided factored strengthened capacities of 

3478 kN (CSA S806-02), 3995 kN (ACI 440.2R-08) and 4239 kN (TR-55).  This translated into 

a 24% increase in capacity (25% using American codes and 19% using European codes).  

Similarly, Column B was fitted with three layers of CFRP (Tyfo SCH 41).  Design codes are 

typically more conservative when dealing with square columns due to the formation of stress 

concentrations around the corners during loading.  Therefore the square column was 

strengthened with an additional layer.  This gave factored strengthened capacities of 2034 kN 

(CSA S806-02), 2230 kN (ACI 440.2R-08) and 3020 kN (TR-55).  This represented a 5% 

increase in capacity (19% using American codes and 16% using European codes).  Detailed 

calculations for both columns are found in Appendix B.  Figures 3.51 and 3.52 show the 

strengthening design for Columns A and B respectively. 
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The installation process of the FRP was very much like that of the beams.  The main 

difference involved the size of the applied sheets.  In order to provide sufficient development 

length in the FRP during loading, continuous sheets of CFRP measuring 600 mm wide were 

wrapped around the columns.  Therefore the application process took more time, as much care 

was needed to ensure full saturation of the FRP, as well as proper application with minimal air 

gaps between layers.  Figures 3.60 through 3.65 show the FRP installation process. 

 

3.4.3 Fire Protection System 

As was the case with the full-scale beams, the results from the fire-test on the 

intermediate-scale concrete slabs were used to determine appropriate insulations thicknesses for 

the two columns.  Once again, representatives from Fyfe Co. LLC decided that a two-hour fire 

rating would be sufficient, and so smaller thicknesses were used than the results of the slab tests 

would have suggested.  In order for consistency with the beams, similar thicknesses were chosen 

for the two columns: 13 mm and 19 mm.  Due to the concerns surrounding stress concentrations 

in square concrete columns confined with FRP, Column B was specified to have the larger 

thickness (19 mm), while Column A was given 13 mm of insulation.  The insulation design for 

Columns A and B are shown in Figures 3.51 and 3.52 respectively.  The insulating process was 

identical to the full-scale beams, and is seen in Figures 3.66 through 3.71. 

However, during the final step (VG-layer application) for Column A, too much insulation 

was accidentally applied.  It was discovered while analysing the insulation with the depth-gauge 

that the average insulation thickness was actually much larger than originally desired.  It was 

decided by members of Fyfe Co. LLC that some material should be shaved off.  After doing so, 
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the new average insulation depth was 15 mm, which was deemed acceptable.  Insulation depth 

readings for both columns are found in Tables C.5 and C.6 of Appendix C. 

 

3.4.4 Instrumentation 

As with the slabs and beams, thermocouples were used to quantify the insulation 

systems’ effectiveness during the fire test.  Figure 3.53 and 3.54 show their placement 

throughout Columns A and B.  Once again, Type K chromel-alumel thermocouple wire which 

was used, the results of which are presented in Chapter 4. 

Internal thermocouples were installed prior to pouring of the concrete by securing them to 

the rebar at the mid-height of each column along straight horizontal lines through the centre.  As 

before, these would show the progression of heat through the concrete during heating.  In 

Column A, they spanned across the diameter, spaced at D/8 left of the centre, and D/4 right of 

the centre.  In Column B, two sets of internal thermocouples were placed, as seen in Figure 3.56.  

The first spanned through the centre, from one side to the other, with spacing between 

thermocouples increasing towards the centre.  The second spanned from corner to corner, with 

varying spacing based on the longitudinal rebar placement.  Thermocouples were also placed on 

the inside and outside of two opposing longitudinal bars.  This would serve as the primary 

method of monitoring steel temperatures for each column.  Internal high temperature strain 

gauges were also installed prior to pouring of the concrete along four longitudinal bars inside 

each column at the mid-height, but unfortunately did not yield valid data. 

External thermocouples were placed during the strengthening process as before, to 

monitor the concrete-FRP interface, the FRP-insulation interface and the exposed insulation.  All 

at mid-height, Column A had this done on opposite sides of the column, keeping in-line with the 
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internal thermocouples.  Two additional FRP-insulation interface thermocouples were placed 

midway between the other two of the same type, also at mid-height.  Similarly, in Column B they 

were placed on opposite sides and opposite corners, also keeping in line both sets of internal 

thermocouples, all at mid-height. 

Finally, axial deflection was also monitored throughout the test to evaluate the change in 

stiffness of the column with respect to temperature.  This would eventually shed light on the 

effectiveness of the confinement effects provided by the FRP during heating. 

 

3.4.5 Fire Test Procedure 

The fire test procedure for the columns was conducted again in compliance with 

CAN/ULC S101-07 and with the standardized fire-curve defined in ASTM E119.  Testing was 

conducted at the National Research Council of Canada four weeks after strengthening for 

Column A, and eight weeks for Column B.  A single column was lifted by crane into the furnace, 

where the top steel plate was bolted to the loading frame.  Finally, the room temperature and 

moisture content of each column were recorded prior to heating with the Vaisala humidity and 

temperature indicator: 12°C and 55% for Column A and 14°C and 60% for Column B.  Once the 

ambient room temperature and moisture content of the room was recorded, pre-loading began. 

Similar to the beams, each column was subjected to an axial compressive service load as 

per CAN/ULC S101-07.  These loads were developed based on the predicted unstrengthened and 

strengthened capacities of each column. Detailed calculations for this are found in Appendix B.  

Using this method, the calculated service loads obtained were in fact smaller than the 

unstrengthened capacities of the columns due to strengthening limitations in CAN/ULC S101-07.  

In order to shed light on the structural contribution of the FRP at higher temperatures, larger 
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service loads were chosen.  These loads were 3550 kN and 2250 kN for Columns A and B 

respectively.  The total load was applied in fourths over the course of 45 minutes, and then 

sustained for a half hour prior to the fire test. The load was then maintained throughout the 

duration of the fire test. 

The full-scale column furnace heated specimens through the use of 32 propane burners, 

arranged in eight vertical lines.  It therefore heated the column evenly from all sides.  Internal 

thermocouples in the furnace monitored the oven temperature and regulated the flow of propane 

accordingly.  Small viewports along the walls of the furnace allowed for pictures to be taken 

during the test.  Photographs and results from this test are presented in Chapter 4. 

 

3.5 Summary 

This chapter summarized the experimental procedure which was conducted for the 

purpose of this research thesis.  Three sets of tests were discussed.  The first investigated the 

thermal behaviour of an insulated CFRP strengthening system on two intermediate-scale 

concrete slabs.  The second and third sets of tests used the findings from the first to develop full-

scale fire-test procedures on insulated, FRP-strengthened concrete beams and columns 

respectively.  Results and discussion for all of the tests are found in Chapter 4.  Both qualitative 

observations and quantitative findings from the instrumentation described in this chapter are 

presented in detail. 
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Table 3.1: Specimen design material properties  

Material Property Beams C and D Column A Column B 

Concrete 

Compressive 
Strength (MPa) 

35.7* 37.4* 34.4* 

Modulus (GPa) 
26.9 

28.1 (US) 
27.5 

28.8 (US) 
26.4 

27.5 (US) 
Failure Strain 
(microstrain) 

3500 
3000 (US) 

3500 
3000 (US) 

3500 
3000 (US) 

Steel 

Longitudinal Steel 
Yield Stress (MPa) 

406* 456* 477* 

Transverse Steel 
Yield Stress (MPa) 

460* 396* NA 

Modulus (GPa) 200 200 200 

Yield Strain 
(microstrain) 

2000 2000 2000 

Tyfo 
SCH-41 
CFRP 

Ultimate Tensile 
Strength (MPa) 

834 834 834 

Tensile Modulus 
(GPa) 

82 82 82 

Strain at Ultimate 
(microstrain) 

8500 8500 8500 

Tyfo 
SEH-51A 

GFRP 

Ultimate Tensile 
Strength (MPa) 

460 - - 

Tensile Modulus 
(GPa) 

20.9 - - 

Strain at Ultimate 
(microstrain) 

17600 - - 

*Denotes experimentally measured material property 
Note: Concrete compressive strengths tested 1 day before fire testing 
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Table 3.2: Concrete cylinder compressive strength results 

Cylinder 
Compressive Strength (MPa) 

Beams C and D Column A Column B 

1 36.8 37.1 33.7 

2 35.5 37.6 33.0 

3 34.2 - 36.3 

4 36.9 - - 

5 35.3 - - 

Average (MPa) 35.7 37.4 34.4 

Standard Deviation 
(MPa) 1.1 NA 1.8 

Note: Cylinders were tested 1 day before fire testing 
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Figure 3.1: Reinforced concrete design for Slabs A and B 
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Figure 3.2: FRP and insulation design for Slabs A and B 
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Figure 3.3: Thermocouple locations for Slabs A and B
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Figure 3.4: Grinding concrete surface 

 

 
Figure 3.6: Primer application with a roller 

 

 
Figure 3.8: Pre-saturation of carbon fibres 

with epoxy 

 
Figure 3.5: Thermocouple installation (with 5-

minute epoxy) 

 
Figure 3.7: Filler (epoxy + cab-o-sil) 

application with plastic trowel 

 
Figure 3.9: FRP installation 
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Figure 3.10: FRP and insulation thermocouple 

placement (with 5-minute epoxy) 

 
Figure 3.12: AWR insulation system primer 

application with a roller 

 
Figure 3.14: Insulation application with 

shotcrete spraying apparatus 
 

 
Figure 3.11: Sanding of FRP 

 

 
Figure 3.13: Dash-coat application with 

shotcrete spraying apparatus 

 
Figure 3.15: Final result 
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Figure 3.16: Oven set-up (with insulation 

barrier in between slabs A and B) 

 
Figure 3.18: Slab A humidity and temperature 

readings 
 
 
 

 
Figure 3.17: Vaisala humidity and temperature 

indicator 

 
Figure 3.19: Slab B humidity and temperature 

readings 
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Figure 3.20: Reinforced concrete design for Beams C and D 
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Figure 3.21: FRP design for Beams C and D 
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Figure 3.22: Insulation design for Beam C 
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Figure 3.22 (cont’d): Insulation design for Beam D 
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Figure 3.23: Thermocouple layout for Beams C and D 
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Figure 3.23 (cont’d): Thermocouple layout for Beams C and D 

 

 

 

 



Chapter 3.0: Experimental Program 

 

68 
 

 

 

 

Figure 3.24: The effect of axial restraint on simply supported beams in fire (Buchanan, 2001) 
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Figure 3.25: Beam rebar placement (same for 

both beams) 

 
Figure 3.27: First lift of concrete pour 

 

 
Figure 3.29: Test cylinders poured from batch 
 

 
Figure 3.26: Hook installation (for 

transportation and handling of beams) 

 
Figure 3.28: Vibrating concrete 

 

 
Figure 3.30: Final product 
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Figure 3.31: Concrete surface after grinding 

 

 
Figure 3.33: Primer application with a roller 

 

 
Figure 3.35: CFRP flexural strip installation 

 

 
Figure 3.32: Thermocouple installation (taped 

while 5-minute epoxy cures) 

 
Figure 3.34: Filler (epoxy + cab-o-sil) 

application with plastic trowel 

 
Figure 3.36: GFRP U-wrap installation 

 
 



Chapter 3.0: Experimental Program 

 

71 
 

 
Figure 3.37: FRP and insulation thermocouple 

installation (with 5-minute epoxy) 

 
Figure 3.39: AWR insulation system primer 

application with a roller 

 
Figure 3.41: Insulation application with 

shotcrete spraying apparatus 
 

 
Figure 3.38: Sanding of FRP 

 

 
Figure 3.40: Dash-coat application with 

shotcrete spraying apparatus 

 
Figure 3.42: Final Product 
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Figure 3.43: Full-scale beam testing furnace 

 

 
Figure 3.45: Insulation barrier in between 

Blabs A and B 

 
Figure 3.47: Underside of test set-up, inside 

the furnace (Beam D being closer of the two) 

 
Figure 3.44: Service loading frame 

 

 
Figure 3.46: Linear potentiometer 

 

 
Figure 3.48: Insulated roller-support (identical 

for both beams)
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Figure 3.49: Reinforced concrete design for Column A (Bisby, 2003) 
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Figure 3.50: Reinforced concrete design for Column B (Chowdhury, 2009) 
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Figure 3.51: FRP and insulation design for Column A (from Fyfe Co. LLC) 
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Figure 3.52: FRP and insulation design for Column B (from Fyfe Co. LLC)



Chapter 3.0: Experimental Program 

 

77 
 

 
Figure 3.53: Instrumentation locations at mid-height of Column A (Chowdhury, 2009) 

(a) thermocouples throughout the concrete, FRP and insulation system 
(b) thermocouples on spiral and reinforcing steel  
(c) strain gauges on reinforcing steel  
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Figure 3.54: Instrumentation locations at mid-height of Column B (Chowdhury, 2009) 
(a) thermocouples within the concrete 
(b) thermocouples on ties and reinforcing steel 
(c) thermocouples throughout the FRP and insulation system 
(d) strain gauges on reinforcing steel 



 

 

Figure 3.55: Column B rebar fillet
square base plate (Chowdhury, 2009

Figure 3.57: Column

Figure 3.58: Column B concrete being hand 
scooped through opening in formwork 

(Chowdhury, 2009)
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ebar fillet-welded to 

Chowdhury, 2009) 
Figure 3.56: Internal instrumentation 

Column B (Chowdhury, 2009)

 
Column A rebar placed in SonutubeTM (Bisby, 2003

 

 
B concrete being hand 

scooped through opening in formwork 
(Chowdhury, 2009) 

Figure 3.59: Column B curing 
vapour barrier (Chowdhury, 2009)
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Internal instrumentation in 
B (Chowdhury, 2009) 

3) 

 
curing in plastic 

vapour barrier (Chowdhury, 2009) 
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Figure 3.60: Concrete surface after grinding, 

with concrete surface thermocouples 

 
Figure 3.62: Filler (epoxy + cab-o-sil) 

application with plastic trowel 

 
Figure 3.64: CFRP flexural strip installation 

(Column A) 
 

 
Figure 3.61: Primer application with a roller 

 

 
Figure 3.63: Pre-saturation of confining CFRP 

sheets 

 
Figure 3.65: CFRP flexural strip installation 

(Column B) 
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Figure 3.66: FRP and insulation thermocouple 

installation (Column A) 

 
Figure 3.68: AWR insulation system primer 

application with a roller 

 
Figure 3.67: FRP and insulation thermocouple 

installation (Column B) 

 
Figure 3.69: Dash-coat application with 

shotcrete spraying apparatus 
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Figure 3.70: Insulation application with 

shotcrete spraying apparatus 

 
Figure 3.72: Full-scale column testing   

furnace 
 
 

 
Figure 3.71: Final Product 

 

 
Figure 3.73: Test set-up, inside the furnace 

(Column A shown) 
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 Chapter 4: 

 Results and Discussion 

 
4.1 Introduction 

Testing for this research thesis was conducted on three sets of specimens in order to 

investigate the thermal and mechanical behaviour of various FRP-retrofitted structures under 

elevated temperatures.  These three sets of tests (slabs, beams and columns) all involved 

subjecting insulated, FRP-strengthened, reinforced concrete structures to simulated fire 

temperatures defined by ASTM E119 for a period of four hours.  This chapter presents the 

results from the three sets of tests. 

 

4.2 Intermediate-Scale Slab Tests 

This set of tests, the first of three, was conducted on two intermediate-scale reinforced 

concrete slabs at the National Research Council of Canada in Ottawa, ON.  These two slabs had 

been retrofitted using longitudinal CFRP strips and protected by the same 3-phase WR-AFP 
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insulating system of differing thicknesses, as is explained in detail in Chapter 3.  Slab A was 

actually fitted with a 20 mm thick layer while slab B was fitted with 34 mm of insulation.  These 

two slabs were subjected to elevated temperatures in order to simulate fire conditions.  

Thermocouples were used to monitor the internal temperatures of the various structural 

components.  Results from this are presented in Figures 4.1 through 4.4.  As mentioned before, 

no sustained load was applied in these tests as is typically required by CAN/ULS S101-07.  

However, the thermal performance of the slabs was nevertheless graded based on the 

specifications of this standard.  A reinforced concrete specimen is deemed to have conformed to 

CAN/ULS S101-07 fire-endurance requirements if it succeeds in satisfying three criteria: 

1. the average temperature of the unexposed concrete surface thermocouple 

readings cannot exceed 140⁰C above the initial temperature 

2. any individual unexposed concrete surface thermocouple reading cannot exceed 

180⁰C above the initial temperature 

3. the internal reinforcing steel temperature cannot exceed 593⁰C 

Currently, no such restrictions exist for acceptable FRP temperatures during fire testing, 

as is discussed later in this chapter.  Therefore a fire-endurance rating was allocated to each 

specimen based on how long it could satisfy these three criteria while also maintaining any loads 

associated with it (only self-weight in this case).   

 

4.2.1 Qualitative Observations 

Throughout the 4-hour fire test, a number of qualitative observations were recorded.  A 

summary of these observations is found in Table 4.1.  Unfortunately, due to restrictions 

surrounding the laboratory equipment, it was not possible to observe inside the furnace during 



Chapter 4.0: Results and Discussion 

 

85 
 

heating.  Therefore only the unexposed concrete surface could be observed during the test, as 

well as the bottom of the slabs immediately following their removal from the testing apparatus.   

A number of key areas of interest were monitored during the test as they developed.  The 

first of these was the insulating barrier along the outside of the slabs, near the corners where the 

two slabs were adjacent to one another.  Very early on in the test (25 minutes), glowing was 

noticed inside the gap between Slab B and the wall of the furnace, as can be seen in Figure 4.5.  

As the test continued, the glowing began to grow in intensity.  Therefore, in order to properly 

maintain the desired boundary conditions set out in Section 3.2.5, additional fibreglass insulating 

materials were placed in this gap 127 minutes into the test. 

Towards the second half of the test, moisture cracks began forming on the unexposed 

concrete surface of the slabs.  This began as small cracks, where water would pool and 

eventually bubble.  As the test progressed, these cracks subsequently grew in length and width.  

The moisture cracks were first noticed on Slab A after 156 minutes, while on Slab B they were 

first seen at 206 minutes, as seen in Figures 4.7 and 4.8 for Slabs A and B respectively. 

Finally a significant event took place a little over halfway into the test.  The furnace is 

fitted with a large after-burner which turns on when there is a surplus of fumes which did not 

ignite in the furnace itself.  At 147 minutes, the afterburner suddenly activated, following a large 

influx of fumes in the furnace.  This was caused by a sudden change in one or both of the test 

specimens’, such as spalling of the concrete or a significant amount of insulating materials 

delaminating from the bottom of the slab.  Though the exact nature of this event was unclear 

during the test, observations upon completion of the fire exposure provided further insight. 

Upon removal, it was observed that the strengthening system fitted on Slab A had 

significantly deteriorated during the test.  As seen in Figure 4.9, the majority of the insulation 
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had delaminated.  Moreover, a large portion of concrete had spalled off along the unsupported 

edge of the slab, leaving the steel reinforcement completely exposed.  This is believed to be the 

source of the influx of fumes which triggered the furnace after-burner.  Slab B also had some 

delamination of the insulation along the unsupported edge of the slab, seen in Figure 4.10.  

However the extent of this was minor when compared with Slab A. 

 

4.2.2 Temperatures 

As explained in Chapter 3, thermocouples were used throughout the reinforced concrete 

slabs and their strengthening materials so as to provide insight into how the various components 

of the strengthening system performed during the simulated fire.  This section discusses the 

findings from these temperatures readings. 

 

4.2.2.1 FRP and Insulation Temperatures 

Thermocouples were placed at several key locations around the FRP and insulation, as 

seen in Figure 3.3.  These locations consisted of the concrete-FRP interface, the FRP-Insulation 

interface and finally at the exposed edge of the insulation.  Findings from these thermocouples 

are shown in Figure 4.1.  Though the magnitudes of the temperature readings differed between 

Slabs A and B, some common trends were observed for both slabs during the fire test.   

At the beginning of the test, the temperature of the FRP strips initially rose rather 

proportionately to the rise in ambient temperature of the furnace.  However, after approximately 

10 to 20 minutes, the FRP temperatures began to plateau.  It was at this point when the insulation 

began to be engaged.  Water which is bonded to the spray-insulation began dissipating energy by 

means of evaporation; energy which would otherwise be heating the structural materials.  This 
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plateau lasted for much longer in Slab B than Slab A (roughly 10 minutes and 40 minutes 

respectively) due to fact that Slab B was fitted with more insulating material. 

Eventually these plateaus came to an end, and the FRP temperatures began to once again 

rise at fairly steady rates.  Theoretically, this trend should have continued for the remainder of 

the test.  However, each slab had a significant and unique event during the second half of the test 

which inevitably disrupted the seemingly unwavering rate of heating seen prior.  From the results 

for Slab A, it is very clear that a major event took place around 147 minutes into the test.  At the 

time, the average temperatures of the concrete-FRP bond, as well as the FRP-insulation interface, 

climbed dramatically to just below the furnace temperature.  This is believed to have been caused 

by significant spalling of the concrete along the unsupported side of the slab, and is discussed in 

more detail later.  Similarly in Slab B, the FRP temperatures also quickly jumped due to a 

significant event.  Just after 200 minutes into the test, a section of the insulation was believed to 

have delaminated and fallen from the slab.  This would have left a large portion of the FRP 

completely unprotected, therefore allowing FRP temperatures to quickly rise, as with Slab A. 

Another significant observation is the time at which the FRP reached its glass transition 

temperature (Tg).  As discussed in Chapter 2, this temperature is critical for FRP’s because they 

have typically lost approximately half of their strength when Tg has been reached.  Moreover, 

bond strength is also significantly compromised at this temperature.  According to the product 

PDF file for the Tyfo SCH-41 system on the website for Fyfe LLC Co.1, the glass transition 

temperature is 82⁰C.  Using this value, the FRP reached its Tg after roughly 20 minutes in Slab 

A, compared to just under 37 minutes in Slab B.  Therefore, clearly neither system was able to 

maintain temperatures below the glass transition temperature for an extended amount of time. 

                                                 
1 http://www.fyfeco.com/products/data-sheets-msds/product-abstracts.aspx 
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4.2.2.2 Concrete 

Concrete temperatures were monitored both within the slabs at various depths, as well as 

at the unexposed concrete surface, as is explained in Chapter 3.  The internal thermocouples 

showed the progression of heat throughout each slab during heating of the bottom face.  These 

findings are shown for each slab in Figure 4.2.  When consulting these figures, the internal 

concrete temperatures are clearly seen to be related to the aforementioned events for each 

respective slab. 

In Slab A, all of the internal thermocouples suddenly began to register considerably faster 

rates of heating when compared with the first 147 minutes of the test.  Spalling of the concrete 

near the embedded thermocouples would have left them virtually unprotected.  This was also the 

case for Slab B after 200 minutes.  However, in the case of Slab B, the absence of the insulation 

seemed to affect the two deepest thermocouples (120 mm and 135 mm from the top surface) 

much more significantly than the rest.  This was most likely due to the significant thermal 

resistivity of concrete, supporting the argument that the insulation delaminated.  Though a 

portion of the insulation was lost, the concrete alone was still able to limit the progression of heat 

throughout the remainder of the slab.  Therefore the second event was not spalling of the 

concrete. 

The unexposed concrete temperatures were all relatively low for both Slabs A and B.  

The first two criteria of CAN/ULC S101-07 state that the average unexposed temperature cannot 

increase by more than 140⁰C and that an individual reading cannot increase by more than 180⁰C.  

As can be seen in Figure 4.3, the highest temperature on the top surface was around roughly 

115⁰C for Slab A (TC-5), and 88⁰C for Slab B (TC-6), both well below the requirements.   
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4.2.2.3 Steel 

CAN/ULC S101-07 also states the reinforcing steel cannot exceed 593⁰C.  Therefore 

thermocouples were also used to monitor internal steel temperatures throughout the test.  A 

layout of the steel instrumentation is seen in Figure 3.3, while results are shown in Figure 4.4. 

Internal steel members in Slab A were clearly affected by the event which took place at 

147 minutes.  This is seen most evidently in the quick jump in temperature of TC-A43 at 

Location S1.  From this, it can be deduced that the steel must have been exposed directly to the 

heat of the furnace, due to spalling of the concrete.  Had the insulation simply delaminated, the 

rise in temperature of the internal steel at location S1 would have been much more gradual, 

similar to the curves of the other thermocouples on steel members in Slab A.  This would be due 

to the fire protection that the concrete cover would still be providing.  Therefore the notable 

temperature rise at Location S1 to well above 1000⁰C was certainly due to localized direct 

exposure due to spalling of the concrete in that area, leaving the steel unprotected.  Furthermore, 

upon removing the specimen after the four hours, it could be clearly seen (as is shown in 

Figure 4.9) that the concrete had in fact spalled off along the unsupported side of the slab. 

The internal reinforcing steel of Slab B, however, was only moderately affected by the 

event witnessed by the second slab during the test.  As before, the steel temperatures were rising 

gradually at a fairly constant rate until 200 minutes into the test, at which point they began 

heating quicker.  However, unlike slab A, the extent of this increase in rate was reduced by the 

thermal resistivity of the concrete cover which remained intact.  In the end, the steel 

temperatures stayed well below 593⁰C as per criterion 3 of ASTM E119.  Therefore, it is once 

again clear that spalling did not occur in Slab B.  Removal of the specimen from the test 

apparatus upon completion of the test also confirmed this, as can be seen in Figure 4.10. 
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4.2.3 Summary 

In this first set of tests, the only source of quantitative data used to gauge the 

effectiveness of the two insulating systems was through the use of thermocouples, which 

monitored internal temperatures throughout the slabs and their strengthening systems.  Based on 

the specifications of CSA/ULC 101-07, Slab B was successful in obtaining a 4-hour fire rating. 

Even though some insulation delaminated within the last hour, the concrete cover was able to 

sufficiently resist the high temperatures of the oven for the remainder of the test.  Contrarily, 

Slab A was not successful, as it only partially satisfied the requirements for the duration of the 

test.  After 147 minutes, spalling of the concrete left some internal steel directly exposed to the 

fire, causing it to reach and greatly exceed the maximum temperature of 593⁰C.  Slab A was 

able, however, to fully satisfy the requirements of CSA/ULC 101-07 for just over 170 minutes, 

well over a 2-hour fire rating. 

It should be noted, however, that these ratings are only based on the internal concrete and 

steel temperatures.  Currently, no such restrictions exist for acceptable FRP temperatures during 

fire.  Beyond what is discussed in Chapter 2, little information is available on the change in 

material properties during heating for various types of FRP’s.  In order to properly assess the 

effects of fire on the FRP strengthening systems themselves, these systems will have to be 

evaluated on a mechanical basis as well as thermal.  It is with this in mind that the second set of 

tests was developed. 

 

4.3 Full-Scale T-beam Tests 

The second set of tests was conducted on two full-scale insulated, FRP-strengthened 

reinforced concrete beams at the National Research Council of Canada in Ottawa, ON.  The two 
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beams had identical FRP strengthening schemes, but were fitted with different insulation layouts.  

Beam C was fitted with a 15 mm thick layer of insulation covering the entire web and bottom 

portion of the two flanges.  Beam D was protected by 20 mm of insulation in the same locations, 

with the exception of the middle 2300 mm span, where the insulation only covered a portion of 

the web’s sides.  Unlike the slabs discussed previously, the beams were exposed to the elevated 

temperatures while also being subjected to a sustained uniformly distributed load as per 

CAN/ULS S101-07.  Therefore the performance of the beams during the simulated fire was 

graded both on a thermal and mechanical basis through the use of thermocouples and linear 

potentiometers.  As with the slabs, a reinforced concrete beam is deemed to have conformed to 

CAN/ULS S101-07 fire-endurance requirements if it succeeds in satisfying the three criteria 

specified in Section 4.2.  A fire-endurance rating was allocated to each full-scale beam based on 

how long it could satisfy all of these criteria, while also maintaining the sustained service load 

throughout the test without structural failure. 

 

4.3.1 Qualitative Observations 

Throughout the 4-hour fire test, qualitative observations were recorded to be later 

compared with the quantitative results.  Small view-ports in the sides of the furnace allowed 

observations to be made inside the furnace during heating.  In addition to this, the unexposed 

concrete surface was also monitored throughout the test.  A summary of these observations are 

found in Table 4.2. 

 The most significant area of interest was the slow deterioration of the insulating materials 

during the test.  Over the course of the four hours, insulation protecting certain key areas began 

cracking, delaminating from the concrete, and eventually falling off completely.  Cracking of the 
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insulation in Beam C’s protective system was first noticed only 15 minutes into the test 

(Figure 4.24), followed closely by flaming of the FRP.  Beam D experienced similar cracking 

and flaming only two minutes later (Figure 4.25).  These cracks seemed to form vertically along 

either side of the web at relatively even spacing (100 to 150 mm).  A single longitudinal crack 

was observed later on, centred along the soffit of each beam’s web (first noticed after 88 minutes 

for both beams).  As the test progressed, pieces of insulation, bordered by the aforementioned 

cracks, began delaminating and eventually falling from their respective beam.  This delamination 

was more prevalent in Beam D.  After 120 minutes, a large portion of insulating materials fell 

from one side of Beam D’s web, seen in Figure 4.26.  This section measured over two metres 

long, spanning between the two U-wraps.  At 209 minutes, the other half of the mid-span web 

insulation fell from Beam D.  Beam C witnessed only minor insulation loss, occurring after 

214 minutes along the bottom of the web.   However, it was later noticed that the remaining 

bottom web insulation had delaminated from the concrete (Figure 4.27), and was therefore not 

protecting the structure in any substantial way.  Upon removal from the oven, it was clear that 

both beams had completely lost their flexural strengthening design because both CFRP strips had 

ruptured. 

 The insulation protecting the GFRP U-wraps also experienced significant degradation in 

both beams.  During the test, significant flaming was seen coming from the cracks in the 

insulation protecting the GFRP of both beams.  This was due to the large presence of epoxy in 

these areas.  Simply put, there was more material available to burn.  This began at 16 minutes for 

Beam C and 61 minutes for Beam D.  Later on in the test (225 minutes), some insulation was 

noticed to have delaminated and fallen from the bottom of one U-wrap of each beam.  Moreover, 
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upon removal from the furnace, it was noticed that all FRP (carbon and glass) in these two areas 

had completely burned off 

The complete loss of insulating materials along the mid-span of Beam D suggests than 

there is likely an issue of insufficient bond length between the insulation and the beams.  Before 

any delamination occurred, it was observed throughout both beams that all of the insulation was 

peeling at the locations where it was terminated.  For the insulation covering the U-wraps (and 

all of Beam C), this was located on the bottom of the flanges.  The bond between insulation and 

concrete/FRP was therefore made along both flanges and across the entire web.  However, the 

same bond in the mid-span of Beam D was only made across a portion of the web.  Therefore, 

upon heating, this small bond was insufficient and consequently led to complete separation of the 

mid-span insulating materials.  Therefore, it is clear that considerations must be made towards 

the effects of bond length for future insulation layout designs. 

 In addition to inside the furnace, the unexposed concrete surface was also monitored 

throughout heating.  After 42 minutes, water was noticed coming from small surface cracks in 

both beams.  Both pooling and evaporation were observed, which continued well into the test 

(210 minutes).  This was induced by the internal temperature differential between the top and 

bottom of the concrete.  Free water began travelling upwards away from the high temperatures as 

a method of dissipating energy.  This process actually required less energy than boiling all the 

water, which is why water was observed in its liquid state on the unexposed concrete surface. 

 

4.3.2 Temperatures 

As with the slabs, thermocouples were used throughout the beams and their strengthening 

materials to provide insight into how the various components of the strengthening system 
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performed thermally during the simulated fire.  This section discusses the findings from these 

temperatures readings. 

 

4.3.2.1 FRP and Insulation System 

The FRP and insulation temperatures were monitored at several locations along the web 

soffits of the beams at locations A, B and C, as well as in the sides of the U-wraps at locations I 

and J (refer to Figure 3.23).  This would not only provide a general understanding of how the 

strengthening systems performed thermally, but would also help identify any particular localised 

loss of insulation during the test.   

In Beam C, locations A, B and C all showed similar trends in the FRP and insulation 

temperatures.  As with the slabs, the thermocouples initially registered a steady rise in 

temperature until a plateau was reached, as seen in Figures 4.11, 4.12, 4.13 and 4.15.  This was 

caused by the engagement of the insulation, which began dissipating energy through the 

evaporation of water in the insulating materials.  This plateau was fairly constant in Beam C until 

around 220 minutes into the test, when temperatures began rising once again.  It was shortly 

before this that the insulating materials along the bottom of Beam C’s web debonded and fell to 

the floor of the furnace.  No fire protection was therefore present, and the temperatures quickly 

rose in all three locations for both the concrete-FRP and the FRP-insulation thermocouples.  

Beam D experienced much more significant debonding of the insulation than Beam C.  

Roughly 120 minutes into the test, insulation detached and fell from one entire side of the web 

between the two U-wraps.  At this time, the concrete-FRP and FRP-insulation thermocouples at 

Location B both immediately jumped close to the furnace temperature (Figure 4.13).  Clearly due 

to this debonding, the strengthening scheme was completely unprotected.  Location A witnessed 
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a similar jump after 150 minutes (Figure 4.12), at which point the CFRP split in two at the mid-

span.  Location C also experienced a jump at 210 minutes (Figure 4.15), when the second half of 

the mid-span insulation fell off the concrete. 

Trends in the thermocouples monitoring the GFRP U-wraps were somewhat similar as 

well.  They too began with a steady increase in temperature, until they reached a pseudo-plateau, 

in which they increased in temperature very gradually.  However, unlike the CFRP, there was no 

significant loss of insulation surround Locations I and J on either beam2.  Therefore the concrete-

FRP and FRP-insulation thermocouples registered fairly constant temperatures for the second 

half of the test in both beams.  The exception was at Location I of Beam D.  As can be seen in 

Figure 4.16, there was some significant sensor error in the data after 100 minutes.  Unless the 

insulation had completely fallen off (which it hadn’t, as shown in Figures 4.30 and 4.31) it would 

be impossible for the concrete-FRP interface’s temperature to be above that of the FRP-

insulation.  Moreover, the seemingly erratic data from 180 minutes until the end of the test 

suggests that there was a malfunction in the thermocouple.  This may have been due to 

combustion of the thermocouple insulating materials, causing the horizontal crack in the 

insulation directly below the thermocouple wire placement. 

Finally, it is once again important to mention at what time the two types of FRP reached 

their glass transition temperatures (Tg).  As explained in Section 4.2.2.1, this temperature is 

critical for FRP’s because they have typically lost significant portions of their ultimate and bond 

strength when Tg has been reached.  As before, the glass transition temperature for Tyfo SCH-41 

is 82⁰C.  Similarly, this value for Tyfo SEH-51 is also 82⁰C because the two types of FRP use 

                                                 
2 Though both beams lost the insulation protecting the bottom of one of their U-wraps, thermocouples were placed 
on the sides of the web as per Figure 3.24, and therefore did not register any significant change in temperature when 
this occurred. 
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the same Tyfo S epoxy3.  In Beam C, the first concrete-FRP thermocouple to register a reading 

above this temperature was at Location A, after a mere 11 minutes.  The first U-wrap 

thermocouple to reach Tg was at Location J, after 16 minutes of fire exposure.  Similarly in 

Beam D, the U-wrap thermocouple at Location J reached this temperature after 17 minutes.  The 

CFRP flexural strip on Beam D first reached its glass transition temperature after 27 minutes at 

Location C.   

 

4.3.2.2 Concrete 

The internal concrete thermocouples at Location B once again showed the progression of 

heat throughout the mid-span cross-section of the two T-beams.  Results from this are shown in 

Figure 4.14, and are very similar to one another in both shape and magnitude.  In both instances, 

concrete temperatures began rising increasingly rapidly, until they approached 100°C.  At this 

point, water in the insulation began evaporating.  This dissipated the energy which would 

otherwise be heating up the concrete.  As the test progressed, and the water in the insulation was 

gradually boiled off, temperatures eventually began to rise once again.  This started to occur at 

around 120 minutes for both Beams C and D.  Though Beam D was fitted with more insulation 

(thickness), one half of the insulating materials debonded near Location B at around 

120 minutes.  This rise in temperature was more rapid in the thermocouples placed closer to the 

bottom of the web due to the thermal resistivity of concrete. 

The unexposed concrete surface temperatures were also monitored in order to verify 

compliance with the criteria of CAN/ULC S101-07.  Criteria one and two of this standard state 

that the average unexposed concrete surface temperature cannot increase by more than 140⁰C 

                                                 
3 http://www.fyfeco.com/products/pdf/tyfo%20seh-51%20comp.pdf 
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and that any individual reading cannot increase by more than 180⁰C above the initial 

temperature.  Each beam was fitted with nine surface thermocouples, as per Figure 3.23.  

Findings from these for Beams C and D are shown in Figure 4.18.  All-in-all, the concrete 

surface temperatures experienced by the beams were significantly higher than the slabs.  This 

makes sense, because the entire undersides of the slabs were protected with insulation, which 

was not the case for either beam.  The maximum average surface temperature of Beams C and D 

were 133.6⁰C and 141.0⁰C respectively.  The highest individual temperature reading on the top 

surface was 181.7⁰C for Beam C (UN-TC 6) and 156.1⁰C for Beam D (UN-TC 3).  Therefore, 

both beams succeeded in satisfying the first two criteria set out by CAN/ULC S101-07 for a four 

hour fire rating.   

When testing the slabs, the unexposed concrete temperatures seemed to rise consistently 

and independently from what was occurring underneath (delamination of the insulation, spalling 

of the concrete) due to the thermal resistivity of concrete.  This was also the case in the full-scale 

beams.  However, some thermocouples on both beams levelled off just below 100⁰C.  This was 

most likely due to pooling of water near these thermocouples.  As discussed previously, free 

water entrained in the concrete can be displaced away from the higher temperatures, as this 

process requires less energy than boiling.  This free water can form pools on the top surface of 

the concrete until it is boiled off.  In cases like that of UN-05, this pool of water had stopped 

collecting near 200 minutes into the test, resulting in a subsequent rise in temperature at that 

thermocouple. 
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4.3.2.3 Steel 

As with the slabs, it was important to monitor the internal steel temperatures so as to 

ensure that they conformed to the requirement of CAN/ULC S107-07 (namely that they do not 

exceed 593⁰C).  Figure 4.19 shows the temperature readings for the six thermocouples 

monitoring the longitudinal steel in the web of each beam.  From these plots, it can be seen that 

all steel stayed below 593⁰C throughout the four hours of the fire test.  It can also be noted that 

all steel temperatures reached a plateau around 100°C.  This was once again due to evaporation 

of the water in the insulating materials.  Upon completion of this process, all steel temperatures 

began rising once again at their initial rate. 

Though most data seemed to follow the same trend, a few abnormalities were noticed in 

the data for Beam D.  Firstly, TC-02 (Location A) registered temperatures below 50⁰C 

throughout the entire test.  This was almost certainly due to a sensor error because such low 

temperatures are not a realistic possibility with the given boundary conditions of the test set-up.  

These values are even less than the unexposed concrete surface temperatures, and consequently 

are not reliable. 

TC-25 measured a significant event at around 130 minutes, when it suddenly started 

increasing in temperature much faster than it had been previously.  This was due to the 

debonding of one half of the insulation at the mid-span web of Beam D at 120 minutes.  The 

response was not immediate because of the protection provided by the concrete cover.  TC-27 

also began rising in temperature more quickly following the debonding of the remaining second 

half of the insulation at 210 minutes.  Once again, there was a slight delay (around ten minutes) 

before the effects of not having any insulation present were observed in the steel. 
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Steel temperatures were also monitored in the flange of each beam throughout the four 

hours.  Figure 3.23 shows the location of these thermocouples.  These readings were 

considerably more scattered than those from the longitudinal steel temperatures, as seen in 

Figure 4.20.  Temperatures measured by TC-17 and TC-18 were considerably higher than the 

other thermocouples in both beams.  This is because they had the smallest concrete cover and 

had no protection from the insulation.  TC-13 and TC-14 in both beams were on average the next 

highest.  Though they were embedded deeper into the concrete, they still did not benefit from the 

insulation.  The remaining thermocouples all registered considerably lower temperature readings 

throughout the test as they benefited from both the insulation and the large amount of concrete 

surrounding them.  Nevertheless, regardless of the rate of heating, all curves reached a plateau 

around 100⁰C.  Though this was more significant for the insulated parts of the flange, it was also 

noticed in thermocouples located in unprotected parts of the flange.  This dissipation of energy 

was due to the transportation and evaporation of water embedded in the concrete.  Though this 

process was less effective than the evaporation of the water in the insulation (because the 

plateaus were much shorter), it clearly still had an effect on the steel temperatures. 

 

4.3.3 Deflections 

As explained in Chapter 3, linear potentiometers were used to monitor the quarter and 

mid-span deflection of the beams throughout pre-loading and the four hour fire test.  Figure 4.21 

shows the results from the potentiometers for the two beams during the fire-test.  All deflection 

curves followed a very similar shape.  Upon heating, the beams began to dip proportionately 

with respect to the furnace temperature.  This was due to uneven thermal expansion across the 

beams’ cross-sections.  Concrete near the bottom of the beam was heated more quickly than the 
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unexposed concrete.  This non-uniform temperature distribution therefore induced arching in the 

beams, inevitably resulting in mid-span and quarter span deflection.  This effect eventually 

reached a pseudo-plateau due to the geometry of the arch.  Further deflection occurred 

throughout the test due to loss of stiffness in the compression concrete.  This can be seen clearly 

in the load deflection plot for Beam D around 120 minutes, which corresponds to the moment 

one half of the web insulation fell from the beam. 

Beam C experienced a sudden increase in both mid-span and quarter-span deflection at 

around 230 minutes.  It was at this point that it was first noticed that the CFRP flexural strip had 

completely ruptured, after having lost all of the surrounding insulation only 15 minutes prior.  

This would suggest that even after nearly three and a half hours of exposure to the fire, the CFRP 

strip was still providing some additional stiffness of the beam.  At this temperature, the epoxy 

had almost certainly burned off completely.  Therefore the added stiffness was most likely 

provided by the remaining carbon fibres, which were still anchored at either end by the U-wraps.  

Once they finally ruptured, the stiffness of the beam was reduced, and a sudden increase in 

deflection was noticed. 

Beam D also experienced a sudden change in quarter and mid-span deflection at 

230 minutes, though the magnitude of this was noticeably more.  This may have been due to the 

sudden deflection experienced by Beam C.  The hydraulic jacks which applied the service load 

during testing act as a single unit.  Therefore, when Beam C experienced a sudden loss of its 

CFRP (and therefore stiffness), additional load was carried by Beam D, resulting in a sudden 

deflection as well.  Beam D also lost its CFRP at 152 minutes into the test.  However, no sudden 

change in stiffness was observed because at that point in the test, the internal temperatures of the 

concrete and steel in the beam were much lower than they were in Beam C the moment it lost its 
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CFRP.  Therefore the loss in stiffness when the CFRP ruptured was less significant compared to 

the unstrengthened beam’s stiffness, and therefore no significant deflection occurred. 

Linear potentiometers were also used for the horizontal expansion of the beams in order 

to monitor if the desired simply-supported conditions were maintained throughout the test (i.e. 

no thermally-induced axial loads were produced to counter-act the effects of the service load).  

As seen in Figure 4.21, thermal expansion (measured at the mid-height of the flange) was around 

2 mm for each beam.  This was considerably less than the 60 mm available in the test-frame.  

Therefore, simply-supported conditions were clearly kept throughout the entire test. 

 

4.3.4 Summary 

In this second set of tests, the two full-scale T-beams were exposed to a simulated fire 

curve as per ASTM E119 for four hours.  During this time, both beams were able to maintain the 

service load applied without any flexural failure.  Moreover, given the specifications of 

CSA/ULC 101-07, the two insulating systems were both able to maintain acceptable internal 

temperatures for the desired four hours.  This occurred despite both beams experiencing 

debonding of the insulation during the test. 

The bottoms of both webs were completely exposed by the end of the test, with no CFRP 

being left intact on either beam.  Moreover, Beam D had lost all of the insulation along the side 

of its web as well.  This was most likely an issue of having insufficient bond length between the 

beam and the insulation, as no insulation which had been sprayed up to the flange fell from either 

beam.  Nevertheless, even with the loss of their thermal protection, both beams succeeded in 

reaching a four hour fire rating.  
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4.4 Full-Scale Column Tests 

The third and final set of tests was conducted on two full-scale insulated, FRP-

strengthened reinforced concrete columns at the National Research Council of Canada in 

Ottawa, ON.  Similar to the beams, the columns were subjected to the elevated temperatures 

while also having to resist a sustained axial load as per CAN/ULS S101-07.  However, unlike the 

previous two sets of tests, the performance of the columns was based solely on a mechanical 

basis.  The fire-endurance ratings for the columns were determined by the length of time which 

each could resist the sustained service load without structural failure.  The first two criteria 

mentioned previously (regarding unexposed concrete temperatures) did not apply because there 

was no unexposed portion of the specimen.  Similarly, the third criterion (regarding reinforcing 

steel temperatures) is not a requirement for columns in CAN/ULS S101-07.  Thermocouples 

were used nevertheless to monitor the development of internal temperatures during heating. 

 

4.4.1 Qualitative Observations 

The furnace used to test the full-scale columns had viewports, similar to those of the 

furnace for the beams, which allowed qualitative observations to be made throughout the fire 

tests.  As before, events seen during the tests would later be used for comparison with the 

quantitative data recorded by the instrumentation described in Chapter 3.  A summary of these 

observations are found in Tables 4.3 and 4.4 for Columns A and B respectively.  Because no 

section of either column was unexposed to the fire, the only observations which could be made 

concerned the gradual deterioration of the insulating materials during the test.  This process 

turned out to be considerably less eventful that the beams in the second set of tests. 
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During the testing of Column A, a single small vertical crack was first noticed at 

57 minutes, as shown in Figure 4.40.  It formed at the mid-height of the front-right side of the 

column (with respect to the furnace doors).  Flames were also seen coming out from the crack, 

which initially rose in intensity, but eventually ceased after 140 minutes.  As the test progressed, 

this sole crack elongated and widened.  After 184 minutes, it was over three feet long, and 3-

4 mm wide. After the full 240 minutes, upon opening the furnace doors, this crack began 

widening even more as the insulating materials cooled.  Despite all of this, no insulation fell 

from the column, unlike the slab and beam tests.  The column after completion of the fire-test is 

seen in Figure 4.41. 

The insulation on Column A was later removed in order to inspect the state of the 

underlying FRP.  The FRP looked as though it was still intact; however the epoxy had 

presumably burned off by this point, effectively negating its strengthening benefits.  The free-

ends of the confining wraps were also noticed to be completely debonded from the layer below, 

which supported the theory that the epoxy had been consumed in the fire.  Moreover, it was 

noticed that the crack in the insulation had coincided exactly with the free-ends of the confining 

wraps, which were all lined up vertically. 

Column B also experienced significant cracking in the insulation during the four hour fire 

test.  However, flames were noticed even before this took place.  Minor flaming was observed at 

the holes in the protective system corresponding to where insulation thickness readings were 

taken.  Within the first 52 minutes, two small horizontal cracks (each approximately 15 cm long) 

were noticed, shown in Figure 4.43.  They formed at the mid-height of the front side of the 

column (with respect to the furnace doors).  The formation of another crack was observed at 

67 minutes.  This one (about 50 cm long) ran vertically below the two previous horizontal 
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cracks.  Finally, after 107 minutes, an additional horizontal crack had formed on the right side of 

the column at mid-height.  Flames were again seen coming out from all of the cracks 

immediately following their formation.  All flaming had subsided by the three hour mark.  Once 

again, despite all of these cracks, no insulation fell from the column.  Column B after completion 

of the fire-test is seen in Figure 4.45. 

The insulation on Column B was again removed in order to inspect the state of the 

underlying FRP.  Similar to Column A, the FRP looked as though it was still intact; however the 

epoxy had most likely burned off by this point.  The free-ends of the confining wraps were once 

again noticed to be completely debonded from the layer below, which again suggests that the 

epoxy had been consumed in the fire.  However unlike with Column A, the formation of the 

cracks did not coincide with the free-ends of the confining wraps.  Therefore this may have 

simply been a coincidence in the first test. 

 

4.4.2 Temperatures 

As previously mentioned, thermocouples were used throughout the columns and their 

strengthening materials despite not being required by CAN/ULC S101-07.  It was still desired to 

monitor the performance of the FRP and insulation system so as to provide insight into how the 

various components of the strengthening system performed thermally during the simulated fire.  

Figures 3.53 and 3.54 show the placement of the thermocouples throughout the mid-height of 

Columns A and B respectively.  This section discusses the findings from these temperatures 

readings. 
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4.4.2.1 FRP and Insulation System 

For the most part, the FRP and insulation temperatures performed fairly similarly in both 

columns, sharing the same general trends, seen in Figure 4.34.  The FRP-insulation interface 

temperatures initially rose fairly rapidly, following the quick onset of heating in the furnace.  

After approximately 25 minutes, the rate of increase in temperature was reduced dramatically in 

both columns due to the evaporation of the free water in the insulating materials.  However the 

extent of this reduction was considerably less compared with the beams, which experienced 

actual plateaus in the FRP temperatures for over 45 minutes.  Nevertheless, the column FRP 

temperatures slowly increased at this new reduced rate until the end of the test in both cases 

without any significant jumps.  This trend, along with the fact that no insulation was observed 

falling from either column, suggests that both insulating systems remained intact for the entirety 

of the four hours. 

As with the beams, the FRP-strengthening systems in the columns reached their glass 

transition temperature (Tg) fairly quickly. Once again, the experimental glass transition 

temperature for Tyfo SCH-41 is 82⁰C.  This temperature was reached at the concrete-FRP 

interface after 16 minutes in Column A at TC-08.  Similarly, the glass transition temperature was 

reached in Column B after only 13 minutes, at TC-11. 

 

4.4.2.2 Concrete 

As explained in Chapter 3, thermocouples were placed internally in the concrete to show 

the progression of heat throughout the mid-span cross-section of the columns.  Column A was 

fitted with seven, positioned in a line across the diameter as shown in Figure 3.53.  Column B 

was given two lines of eleven thermocouples, one spanning from side-to-side and the other 
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spanning from corner-to-corner.  Figures 4.36 shows the results obtained during the fire tests of 

the two columns.   

In Column A, only the concrete-FRP interface noticed any noticeable rise in temperature 

over the course of the first 25 minutes.  These readings (TC-02 and TC-08) increased at a rather 

constant rate throughout the test, with the exception of a moment around 15 minutes into the test. 

At this point, the readings seemed to level out horizontally; however they returned soon-after to 

the original rate of heating.  The internal concrete thermocouples all registered readings close to 

room temperature for the first 25 minutes due to the thermal resistivity of concrete.  After this, 

they showed approximately linear rates of heating proportionate to their distance from the 

external concrete surface.  Moreover, there was considerable consistency between pairs of 

thermocouples which were set at the same depth inside the concrete. 

Column B also experienced some immediate temperature rise in the concrete during 

heating.  However, unlike Column A, this did not occur solely on the external concrete surface.  

All internal thermocouples within 38 mm of the concrete surface noticed an immediate increase 

in temperature as well.  For comparison’s sake, the closest thermocouple to the surface in 

Column A was 50 mm.  This therefore highlights the importance of providing sufficient concrete 

cover in reinforced concrete structures.  The remaining thermocouples in Column B began 

registering a rise in temperature between 25 and 40 minutes into the test, depending on their 

embedment depth.  Once increasing, all thermocouples also had quasi-linear rates of heating 

throughout the test, though there was less consistency between thermocouples of the same 

embedment depth than in Column A.  Unfortunately, data from two of the thermocouples (TC-19 

and TC-29) was completely inaccurate before the test even began, and was therefore excluded 

from the results. 
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4.4.2.3 Steel 

  Results from the steel thermocouples are presented in Figures 4.37.  It can be seen that 

the steel temperatures for both columns were also very similar.  Once the concrete surrounding 

the rebar began heating, the steel quickly followed suit (in a linear fashion) due to its high 

thermal conductivity.  Around 75 minutes into the test, the rate of temperatures rise in the steel 

began to fall off for a period of roughly 25 minutes.  After this, the steel began heating once 

again at its original pace.  This trend was observed in both columns. 

No steel thermocouples registered temperatures even close to 593⁰C.  The maximum 

steel temperature witnessed in Column A was 353⁰C (TC-10), while in Column B it was 384⁰C 

(TC-32).  Therefore the longitudinal and transverse steel in both columns still possessed a 

considerable amount of their original strength by the end of the test.   

 

4.4.3 Deflections 

As explained in Chapter 3, axial deflection was monitored throughout the test in order to 

evaluate the structural performance of the confining FRP during heating.  The load-deflection 

plots for Columns A and B are shown in Figures 4.38.  The results from these two tests were 

very different in nature. 

Column A initially had little change in deflection after pre-loading until 87 minutes into 

the test.  At this point, axial deflection started increasing, and continued to grow throughout the 

remainder of the test due to a loss in stiffness of the structure resisting the service load.  This was 

initially thought to be due failure of the FRP wrap.  As previously discussed, when FRP reaches 

its glass transition temperature, the epoxy transitions from a strong rigid state to a rubbery state, 

weakening the lap-splice bond of the FRP.  However, this theory was quickly dismissed upon 
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consultation with previous similar research conducted by Chowdhury (2009).  Column 3 in 

Chowdhury (2009) experienced a similar gradual loss of stiffness as Column A in this thesis.  

However Column 3 was not fitted with any insulation, rendering the FRP-strengthening system 

essentially ineffective throughout the test.  Therefore this loss of stiffness was believed to be due 

to a decrease in the modulus of concrete with temperature, which is discussed in more detail in 

Chapter 5.   

Column B also saw virtually no initial change in deflection during heating until 

27 minutes into the test.  This was also originally thought to be due to the FRP wrap failing.  

However this change in stiffness is again believed to be attributed to the decreasing modulus of 

concrete with temperature.  The deflection plot for Column B differs from that of Column A in 

that it reaches a plateau around 92 minutes.  This plateau in deflection is believed to have been 

caused by thermal expansion effects which counteracted the effects of decreasing concrete 

modulus.  Due to the boundary conditions for such a column, the concrete in the corners is 

heated quickly, resulting in more thermal elongation in these areas.  These areas also provide the 

majority of the confined column’s concrete strength, as derived from the theoretical x-section in 

rectangular columns shown in Figure 2.4.  The counter-acting effects of thermal expansion and 

uneven concrete confinement is a possible explanation for the difference between the load 

deflection plots of the two columns.  It should be noted that this interpretation of the results is 

merely hypothetical, and requires additional efforts such as modelling or additional testing in 

order to be better understood. 
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4.4.4 Summary 

In this third and final set of tests, the two full-scale columns were exposed to a simulated 

fire curve as per ASTM E119 for four hours.  During this time, both columns were able to 

maintain the service load applied without any axial failure.  Therefore both were successful in 

obtaining a four hour fire rating.  Despite this being the only requirement of CSA/ULC 101-07 

for columns, temperatures were nevertheless monitored.  Neither column experienced steel 

temperatures above 593⁰C.   

As with the slabs and beams, the FRP in both columns reached its glass transition 

temperature quickly during testing: 16 and 13 minutes for Columns A and B respectively.  

Therefore, it is unlikely that these strengthening systems continued to provide the needed 

confinement for each respective column.  Unfortunately, the structural contributions of the FRP 

wraps could not be detected in the axial deflection plots.  As shown in Figure 2.5, there is little 

difference in the stress-strain behaviour of confined and unconfined columns at low stress levels.  

Only at higher loads does the benefit of providing confinement become noticeable.  Therefore, 

future testing should be conducted at higher service loads, in order to better understand the 

structural contribution of FRP strengthening systems with respect to temperature. 

 

4.5 Summary 

This section presented the qualitative and quantitative findings from three sets of tests 

designed to investigate the thermal and mechanical behaviour of FRP in fire.  Three types of 

reinforced concrete specimens were used in this investigation: slabs, beams and columns.  The 

same flexural CFRP material (Tyfo SCH-41) was used on all structures, as well as WR-AFP 

insulation. 
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Two intermediate-scale slabs were chosen to evaluate the effectiveness of the WR-AFP 

insulating system.  This was done in order to determine appropriate insulation designs for the 

full-scale beams and columns.  The bottoms of the two slabs were each fitted with a complete 

layer of insulation with varying thicknesses (20 mm and 34 mm).  During testing, only Slab B 

was able to fully satisfy the three necessary criteria for obtaining a four hour fire rating as 

stipulated in CSA/ULC 101-07.  Slab A experienced significant spalling of the concrete, 

resulting in unacceptably high reinforcing steel temperatures. 

Two full-scale beams were then strengthened identically with CFRP (Tyfo SCH-41), 

which was anchored with GFRP U-wraps (Tyfo SHE-51A) at either end.  They were given two 

differing insulation designs made of the same WR-AFP materials.  The web and a portion of the 

flanges of Beam C were protected by 15 mm of insulation.  Meanwhile Beam D was fitted with 

20 mm of insulation covering only the areas fitted with FRP.  It was carried up to the flanges 

near the U-wraps, but only partly up the sides of the web in the central 2300 mm span of the 

beam.  During testing, both beams were successful in satisfying the criteria for a four hour fire 

rating.  However, Beam D succeeded in doing so despite losing all of its mid-span insulation to 

debonding during the test.  There seems to be a strong correlation between insulation materials 

remaining intact when provided sufficient bond-length with the concrete surface.  During the 

test, no insulation delaminated from the sides of either beam’s web when it was installed up to 

the flange. 

Finally, two full-scale columns were also retrofitted with CFRP (Tyfo SCH-41) and 

insulated with WR-AFP.  Column A had a circular cross-section, and was confined with two 

layers of CFRP.  It was insulated with a solid layer of WR-AFP, 15 mm thick.  Column B was 

square in cross-section and was therefore given three layers of CFRP (due to concerns of stress 
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concentrations at the corners) and insulated with 19 mm of the WR-AFP system.  Both columns 

succeeded in maintaining the service loads throughout the four hour fire-tests.  However, much 

like the beams, the columns were able to do so despite both strengthening systems failing during 

the test.  In both tests, the epoxy lost too much strength due to the heat, and the lap-splices 

inevitably failed.  The insulating systems, though cracked, did appear to remain relatively intact 

upon removal from the furnace. 
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Table 4.1: Observations during fire-test of intermediate-scale slabs 

Time Duration Observation 

9:08 AM 00:00 Beginning of Test 

9:33 AM 00:25 Insulation by DA begins glowing orange near where slab corners meet 

10:00 AM 00:52 Glowing is intensifying, and is now found on both edges where slab 
corners meet 

11:10 AM 02:02 Glowing still slowly growing in intensity; no visible shrinkage or 
moisture cracks in concrete 

11:15 AM 02:07 Smoke odour is first noticed; insulating materials are added to outside 
edges of slabs 

11:20 AM 02:12 Water is seen pooling and bubbling on concrete surface near TC-A43 
(Slab A) 

11:35 AM 02:27 Massive flame suddenly bursts out of furnace exhaust (burning off of 
gases) 

11:40 AM 02:32 TC-A43 (Slab A) is noticed to be rising very rapidly (location S1) 

11:36 AM 02:28 Considerable amounts of steam is seen rising from insulation barrier 
between slabs 

11:44 AM 02:36 Very large moisture cracks are forming on surface of Slab A 

11:55 AM 02:47 New cracks are forming on surface of Slab A, while existing ones are 
widening  

12:07 PM 02:59 Minor bubbling is seen at TC-B64 (location S2 of Slab B) 

12:22 PM 03:14 TC-A43 has surpassed 1000°C, suggesting that major cracking or 
spalling has occurred previously 

12:34 PM 03:26 Bubbling is observed at TC-B66 (location S4 of Slab B); bubbling at TC-
B64 has ceased; small moisture cracks are seen forming on Slab B 

12:57 PM 03:49 New moisture crack found near TC-B66 of Slab B 

1:08 PM 04:00 End of Test 

Post Fire-Test 

Major spalling of concrete observed from unsupported edge of Slab A, as 
well as considerable amounts of delaminated insulation 

Some loss of insulation from bottom of Slab B along unsupported edge  
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Table 4.2: Observations during fire-test of full-scale T-beams 

Time Duration Observation 

10:23 AM 00:00 Beginning of Test 

10:26 AM 00:03 Small flame is noticed in between beams (piece of tape) 

10:38 AM 00:15 Cracks noticed along bottom of Beam C (100-150 mm spacing) 

10:39 AM 00:16 Flaming of GFRP on Beam C 

10:40 AM 00:17 Cracks forming along bottom of Beam D (100-150 mm spacing) 

10:58 AM 00:35 Epoxy is seen burning in cracks in insulation 

11:05 AM 00:42 Water vapour coming up from minor cracks on unexposed surface of 
Beams C and D 

11:06 AM 00:43 Concrete corner of web has spalled off of Beam C 

11:10 AM 00:47 Smoke seen being emitted from Beam C in furnace 

11:13 AM 00:50 Cracks in insulation are widening 

11:17 AM 00:54 Bottoms of both U-wraps of Beam C are on Fire (more epoxy available) 

11:24 AM 01:01 Flames being emitted from both U-wraps of Beam D as well 

11:36 AM 01:13 FRP thermocouples at location B are providing invalid data 

11:41 AM 01:18 Water vapour is still being emitted from unexposed concrete surface 
cracks 

11:51 AM 01:28 Longitudinal crack seen along bottom of Beam C and D webs 

11:53 AM 01:30 Flames seen at mid-span on side of Beam D web 

11:58 AM 01:35 Insulation is peeling away from bottom flange of Beam C 

12:22 PM 01:59 All insulation cracks continue to widen 

12:23 PM 02:00 Insulation along one side of Beam D web has delaminated between U-
wraps 

12:34 PM 02:11 Aggressive flaming at mid-span of Beam D 

12:55 PM 02:32 CFRP along Beam D has ruptured 

1:52 PM 03:29 Remaining insulation in between U-wraps has fallen from Beam D 
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Table 4.2 (cont’d): Observations during fire-test of full-scale T-beams 

Time Duration Observation 

1:53 PM 03:30 Significant peeling of insulation surround U-wraps of Beam C; 
delamination of mid-span insulation 

1:57 PM 03:34 Some insulation has fallen from Beam C 

2:00 PM 03:37 More insulation has fallen from Beam C 

2:08 PM 03:45 U-wrap insulation of Beam C has delaminated 

2:11 PM 03:48 CFRP along Beam C has ruptured 

2:15 PM 03:52 Mid-span bottom-web insulation has fallen from Beam C 

2:18 PM 03:55 The video cameras set up by NRC are melting 

2:23 PM 04:00 End of Test 

Post Fire-Test 

All insulation has delaminated from Beam C web; CFRP has completely 
ruptured 

All insulation is gone from Beam D in between U-wraps; CFRP is 
completely gone; significant delamination of remaining insulation 

 

Table 4.3: Observations during fire-test of Column A 

Time Duration Observation 

9:18 AM 0:00 Beginning of Test 

10:15 AM 0:57 Flames are seen coming from small vertical cracks at mid-height 

10:53 AM 1:35 Crack has lengthened to 5" long, with aggressive flaming 

11:38 AM 2:20 Flames have subsided 

12:22 PM 3:04 Crack has increased to 3-4' feet long, and widened significantly (3-4mm) 

1:18 PM 4:00 End of Test 

Post Fire-Test 
Insulation seems to have delaminated from FRP near crack; FRP still 
seems to be in-tact (no rupture); Crack continued to widen during cooling 
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Table 4.4: Observations during fire-test of Column B 

Time Duration Observation 

9:18 AM 0:00 Beginning of Test 

10:01 AM 0:43 
Flaming  observed on the corners coming out of the holes  from the 
measuring the insulation thickness 

10:10 AM 0:52 
Two 15cm long horizontal cracks visible on East face of column, flaming 
noticeable at cracks 

10:25 AM 1:07 
50cm vertical crack forming on east side, charring and flaming noticed at 
all cracks and holes 

11:05 AM 1:47 15cm long horizontal crack formed on North face of column 

12:18 PM 3:00 
Flaming has subsided; horizontal cracks are roughly 3 mm wide; vertical 
crack is roughly 5 mm wide 

1:18 PM 4:00 End of Test 

Post Fire-Test 
Insulation seems to have delaminated from FRP near crack; FRP still 
seems to be in-tact (no rupture); Crack continued to widen during cooling 
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(a) 

 
 
(b) 

  
 

Figure 4.1: Summary of average temperatures throughout 4-hour fire test for: 
     (a) Slab A 
     (b) Slab B   
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(a) 

 
 
(b) 

 
 

Figure 4.2: Summary of internal concrete temperatures measured from the top of the slab for: 
 (a) Slab A 
 (b) Slab B 
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(a) 

 
 

(b) 

 
 

Figure 4.3: Unexposed concrete surface thermocouple readings for: 
(a) Slab A 
(b) Slab B 
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Figure 4.4: Results for individual thermocouples (by location) placed on internal steel 
reinforcement for: 

(a) Slab A 
(b) Slab B 
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Figure 4.5: Insulation glowing near DA 

 

 
Figure 4.7: Water collecting around cracks in 

unexposed concrete surface of Slab A 

 
Figure 4.9: Underside of Slab A upon removal 

from furnace after four hours 
 

 
Figure 4.6: Steam coming up through Slab A 

 

 
Figure 4.8: Water collecting around cracks in 

unexposed concrete surface of Slab B 

 
Figure 4.10: Underside of Slab B upon 
removal from furnace after four hours 
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(a) 

 
 
(b) 

  
 

Figure 4.11: Summary of average temperatures throughout 4-hour fire test for: 
(a) Beam C 
(b) Beam D 
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(a) 

 
 
(b) 

 
 

Figure 4.12: Strengthening system, steel and unexposed concrete temperatures at location A for: 
(a) Beam C 
(b) Beam D 
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(a) 

 
 
(b) 

 
 

Figure 4.13: Strengthening system, steel and unexposed concrete temperatures at location B for: 
(a) Beam C 
(b) Beam D 
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(a) 

 
 
(b) 

 
 

Figure 4.14: Internal concrete temperatures (measured from web soffit) at location B for: 
(a) Beam C 
(b) Beam D 
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(a) 

 
 
(b) 

 
 

Figure 4.15: Strengthening system, steel and unexposed concrete temperatures at location C for: 
(a) Beam C 
(b) Beam D 
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 (a) 

 
 

(b) 

 
 

Figure 4.16: Results of U-wrap thermocouples positioned at location I for: 
(a) Beam C  
(b) Beam D  
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(a) 

 
 

(b) 

 
 

Figure 4.17: Results of U-wrap thermocouples positioned at location J for: 
(a) Beam C  
(b) Beam D  
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(a) 

 
 

(b) 

 
 

Figure 4.18: Results of unexposed concrete surface thermocouple readings for: 
(a) Beam C  
(b) Beam D  
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(a) 

 
 

(b) 

 
 

Figure 4.19: Temperature of longitudinal steel reinforcement in the web for: 
(a) Beam C 
(b) Beam D 
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(a) 

 
 

(b) 

 
 

Figure 4.20: Temperature of steel reinforcement in flange for: 
(a) Beam C 
(b) Beam D 
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(a) 

 
 

(b) 

 
 

Figure 4.21: Linear potentiometer readings during pre-loading and heating for: 
(a) Beam C 
(b) Beam D 
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Figure 4.22: Water collecting around cracks in 
unexposed concrete surface of Beams C and D 

 
Figure 4.24: Cracks forming in Beam C web 

insulation 

 
Figure 4.26: One half of insulation fallen from 

side and bottom of Beam D web 
 

 
Figure 4.23: Corner of flange spalling from 

Beam C 

 
Figure 4.25: Flaming around bottom web of 

Beam D 

 
Figure 4.27: Crack in insulation along bottom 

web of Beam C widening with time 
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Figure 4.28: All mid-span insulation fallen 

from Beam D (CFRP left hanging) 

 
Figure 4.30: Undersides of Beams C (left) 
and D (right) upon removal from furnace 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 4.29: Simply-supported conditions met 

throughout test (Beam C shown) 

 
Figure 4.31: Undersides of Beams C (top) 

and D (bottom) upon removal from furnace 
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(a) 

 
 
(b) 

  
 

Figure 4.32: Summary of average temperatures throughout 4-hour fire test for: 
(a) Column A (circular) 
(b) Column B (square) 
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(a) 

 
 
(b) 

  
 

Figure 4.33: Readings from outside insulation thermocouples throughout 4-hour fire test for: 
(a) Column A 
(b) Column B 

0

200

400

600

800

1000

1200

0 50 100 150 200 250

T
e

m
p

e
ra

tu
re

 (
o
C

)

Time (mins)

Column A - Outside Insulation

Furnace

TC-18

TC-19

0

200

400

600

800

1000

1200

0 50 100 150 200 250

T
e

m
p

e
ra

tu
re

 (
o
C

)

Time (mins)

Column B - Outside Insulation

Furnace

TC-36

TC-39

TC-40

TC-43



Chapter 4.0: Results and Discussion 

 

136 
 

(a) 

 
 
(b) 

  
 

Figure 4.34: Temperatures of FRP-insulation interface throughout 4-hour fire test for: 
(a) Column A 
(b) Column B 
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(a) 

 
 
(b) 

  
 

Figure 4.35: Temperatures of concrete-FRP interface throughout 4-hour fire test for: 
(a) Column A 
(b) Column B 
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(a) 

 
 
(b) 

  
 

Figure 4.36: Internal concrete temperatures with respect to depth throughout 4-hour fire test for: 
(a) Column A 
(b) Column B (vertical) 
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(c) 

  
 

Figure 4.36 (cont’d): Internal concrete temperatures with respect to depth throughout 4-hour fire 
test for: 

(c) Column B (diagonal) 
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(a) 

 
 
(b) 

  
 

Figure 4.37: Longitudinal and transvers steel temperatures throughout 4-hour fire test for: 
 (a) Column A 
 (b) Column B 
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(a) 

 
 

(b) 

 
 

Figure 4.38: Axial deflection during pre-loading and heating for: 
(a) Column A 
(b) Column B

0.0

2.0

4.0

6.0

8.0

10.0

12.0

14.0

16.0

-100 -50 0 50 100 150 200 250

D
e

fl
e

ct
io

n
 (

m
m

)

Time (minutes)

Column A - Axial Deflection

0

2

4

6

8

10

12

14

16

-100 -50 0 50 100 150 200 250

D
e

fl
e

ct
io

n
 (

m
m

)

Time (minutes)

Column B - Axial Deflection



Chapter 4.0: Results and Discussion 

 

142 
 

 
Figure 4.39: Flaming coming through cracks 

in insulation of Column A 

 
Figure 4.41: Vertical crack seen in Column A 

insulation after opening of furnace doors 

 
Figure 4.40: Long single vertical crack seen in 

Column A insulation 

 
Figure 4.42: Column A FRP strengthening 
system upon physical removal of insulation 
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Figure 4.43: Flaming coming through cracks 

in insulation of Column B 

 
Figure 4.45: Cracks seen in Column B 

insulation after opening of furnace doors 

 
Figure 4.44: Long single vertical crack seen in 

Column B insulation 

 
Figure 4.46: Column B FRP strengthening 
system upon physical removal of insulation 
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 Chapter 5: 

 Design Calculations for Fire Resistance 

 
5.1 Introduction 

This chapter presents a theoretical numerical study on the change in expected capacity of 

insulated FRP-strengthened reinforced concrete structures during exposure to fire.  The full scale 

beam and column tests provided the necessary information regarding internal temperatures of 

these strengthened specimens during exposure to fire for a period of four hours.  These results 

were used to determine the change in material properties of the various structural components in 

these members with respect to time.  Much is already understood regarding the effects of 

elevated temperatures on the material properties of steel and concrete.  Moreover, previous 

research conducted at Queen’s University has tested high temperature material properties for the 

CFRP used in this research thesis (Tyfo SCH-41).  This CFRP was used for flexural 

strengthening of the T-beams and confinement of the columns in the experimental program of 

this thesis.  With this information, calculations are used to predict the capacities of these beams 
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and columns over the course of the four hours.  In order to provide a basis for comparison, 

similar predictions are presented for hypothetical non-insulated unstrengthened reinforced 

concrete members as well.  For the purpose of this study, only American codes were used 

(ACI 318-08 and ACI 440.2R-08).  These codes were chosen over the Canadian and European 

codes since the high temperature material properties for concrete and steel were referenced from 

ACI 216R-89.   

 

5.2 Temperature Effects on Material Properties  

This numerical study first required an understanding of the change in properties due to 

heating of the materials in question.  As mentioned previously, this information is provided by 

ACI 216R-89 for reinforced concrete members in fire.  However no such standardized 

information is provided for FRP’s at this time. 

 

5.2.1 Steel 

Chapter 5 of ACI 216R-89 explains the effects of high temperature on the material 

properties of steel.  Figure 5.1 (Figure 5.1 in ACI 216R-89 as well) shows the loss in strength 

with temperature of several types of reinforcing steel.  Typical reinforcing steel does not witness 

a significant drop in strength until it reaches approximately 400⁰C (Ruddy, 2003).  Therefore, for 

the purpose of simplifying these calculations, steel strength was considered to be unaffected until 

this temperature.  After this point, however, steel strength quickly diminishes, losing half of its 

strength near 600⁰C.  As explained previously, around this point (593⁰C) typical fire testing 

standards such as ASTM E119 deem failure to have occurred in reinforced concrete structures. 
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The modulus of steel begins to decline much sooner during heating than does strength, 

seen in Figure 5.2 (Figure 5.2 in ACI 216R-89).  This means that, although the steel in a 

structure does not initially lose capacity during heating, it will nevertheless experience larger 

strains.  This in combination with thermal expansion of the member will inevitably lead to 

increased deflections. 

 

5.2.2 Concrete 

Chapter 6 of ACI 216R-89 summarizes the effects of high temperature on concrete 

material properties, which greatly depend on the nature of the aggregate used.  All four 

specimens in this thesis used a carbonate based aggregate (limestone).  Figure 5.3 (Figure 6.1.2 

in ACI 216R-89) shows the compressive strength of carbonate aggregate concrete from 0⁰C up 

to well over 800⁰C.  As all of the specimens were subjected to service loads prior to heating, the 

top curve (stressed to 0.4 f’c) is used in this chapter’s calculations.  As seen in this figure, 

stressed carbonate aggregate concrete does not see any significant loss in compressive strength 

until it begins nearing 600⁰C. 

Similarly, Figure 5.4 (Figure 6.3.1 in ACI 216R-89) shows the change in modulus of 

concrete upon heating.  Much like steel, concrete begins to experience a loss in stiffness with 

increasing temperature much sooner than it does a loss in strength.  For carbonate aggregate 

concrete, this decrease is rather linear in nature and begins immediately with the onset of 

heating. 
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5.2.3 FRP 

Far less information regarding the material properties of FRP’s at elevated temperatures 

is available than for steel and concrete.  However, small scale material testing has been 

conducted at Queen’s University to develop an understanding of CFRP’s and GFRP’s behaviour 

during fire (Chowdhury, 2009; Eedson, 2009; and Khalifa, 2011).  For these tests, 700 mm long 

FRP coupons were loaded axially in tension at a steady rate until failure.  An oven fitted to the 

Instron machine at Queen’s University was used to heat each coupon to a particular temperature 

prior to loading.  Heating typically ranged from room temperature to 200⁰C, with extra focus 

near the glass transition temperature of the particular FRP in question.  Thermogravimetric 

analysis (TGA) and differential scanning calorimetry (DSC) were conducted to determine Tg of 

the samples. 

As described in Chapter 2, the most common observation was that FRP’s typically lost 

approximately half of their strength around Tg.  Moreover, a small additional loss of strength was 

noticed upon further heating towards 200⁰C.  The modulus of FRP’s also decreased fairly rapidly 

with temperature, witnessing a similar plateau near 50% of the room temperature modulus.  

Eedson (2009) tested the same CFRP used in this thesis (Tyfo SCH-41).  Therefore findings 

from this research were the basis for the numerical study in this Chapter.  Figures 5.5 and 5.6 

show the curves used for the purpose of predicting theses material properties based on results 

from Eedson (2009).   

 

5.3 Determination of Unstrengthened Specimen Capacities with Time  

The predicted strengths for unretrofitted reinforced concrete specimens during fire 

exposure were considered without any form of fire protection in this study.  This would provide 
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a basis of comparison for the strengthened beams and columns.  This process involved predicting 

the change in internal temperatures of the steel and concrete over time, and subsequently using 

these temperatures to estimate the expected change in material properties.  In order to do so, 

ACI 216R-89 was once again used.  Chapter 7 of this code provided the necessary information 

regarding the expected temperature distribution throughout various types of reinforced concrete 

structures over time.  ACI 318-08 was used for the structural calculations.  As previously 

mentioned, this code was chosen over the Canadian and European codes since the high 

temperature material properties and temperature distribution curves were referenced from 

ACI 216R-89.  Though these calculations have not been included in this thesis, the approach 

followed that of Appendix A and B for the beams and columns respectively.  Time increments of 

30 minutes were used for this portion of the numerical study.  This would provide sufficient 

information to understand the change in structural capacities of the unprotected beams and 

columns. 

 

5.3.1 Beams 

For the purpose of the beams, it was necessary to predict the internal temperatures of 

three key components: compression concrete, top steel and bottom steel.  The results from this 

process are seen in Table 5.1.  In order to predict the concrete temperatures, Figure 7.1.1(a) from 

ACI 216R-89 was used.  This graph, shown in Figure 5.7, presents curves for the expected 

internal temperatures of carbonate aggregate concrete slabs at various depths.  A depth of 

125 mm was selected for the compression concrete.  Though the centroid of the compression 

concrete is further from the source of heating than this, the presence of highly heat-conductive 

reinforcing steel in the flange could accelerate the heating process.  Therefore 125 mm was used 
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to add conservatism to the numerical predictions.  The top steel temperatures were also derived 

from Figure 5.7.  A depth of 100 mm was used for this. 

The bottom steel temperatures were found using Figures 7.2.1 through 7.2.3 from 

ACI 216R-89.  These graphs show the temperature distribution for reinforced carbonate 

aggregate concrete rectangular and tapered beams.  As can be seen in the example Figure 5.8, the 

graphs have been generalized to account for varying beam widths and depths.  In this study, the 

curves were extrapolated in order to accommodate the 300 mm width of the beams.  Moreover, 

these curves were only available for a maximum fire exposure of 3 hours.  Therefore the trends 

observed over this period were also extrapolated for the necessary 4 hours. 

The final step involved using these temperatures in conjunction with the research 

presented in Section 5.2 to alter the material properties accordingly.  These modified properties 

were then used for the structural calculations of the beams using ACI 318-08.  Results from this 

are also found in Table 5.1.  Both factored and unfactored capacities were considered.  It should 

be noted that the predicted structural capacities of the two beams were the same for Beam C and 

D because they were fitted with identical reinforcement designs. 

 

5.3.2 Columns 

The columns only required information regarding the internal temperatures of the 

concrete and steel, shown in Table 5.2.  However, far less information is available in ACI 216R-

89 for columns than for other structures.  Several assumptions were required in order to predict 

these temperatures.  Section 7.2 of ACI 216R-89 explains that beams with a width exceeding 

305 mm can use Figure 7.1.1 as supposed to Figures 7.2.1 through 7.2.31.  Therefore Figure 7.1.1 

                                                 
1 All figure labels refer to numbers from ACI 216R-89. 
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was used for both columns.  Column B (square) had a cross-section of 305 mm by 305 mm.  It 

was assumed that this was sufficient as per the requirements of Section 7.2 in ACI 216R-89.  

Furthermore, Figure 7.1.1 was also used for Column A (circular) due to the lack of information 

available for columns, as well as its large diameter (400 mm).  This simplification unfortunately 

rendered these calculations less conservative.  In future work, data from previously tested non-

insulated columns could be used instead. 

In order to determine appropriate internal concrete depths which were indicative of the 

entire column cross-sections, a quarter of the total depth of each column was selected.  This 

would provide an average between the hottest concrete (surface) and the coolest (centre).  

Therefore, this corresponded to 100 mm for Column A and 76 mm for Column B.  Obtaining the 

steel temperatures was fairly simple because the longitudinal steel cover for both columns was 

50 mm.  As with the beams, the internal temperatures were used to determine the change in 

material properties over time for each column.  Factored and unfactored axial capacities were 

then calculated using ACI 318-08 and the modified material properties.  Tables 5.2 and 5.3 

summarize the findings from this process for Columns A and B respectively.   

 

5.4 Determination of Strengthened Specimen Capacities with Time  

The method used for determining the strengthened capacities of the reinforced concrete 

specimens during heating was similar to that of the unstrengthened capacities.  However, instead 

of relying on ACI 216R-89 for the expected temperature distribution across the specimens, data 

from the thermocouples was used.  Results from the thermocouples throughout the four full-scale 

tests, presented in Chapter 4, show the rate of heating for the various structural materials over a 

period of four hours.  By using the charts introduced in Section 5.2, the material properties for 
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steel, concrete and CFRP in the specimens tested as a part of this thesis could be estimated with 

respect to time.  For this portion of the numerical study, these values were determined in 

increments of five minutes throughout the first half hour of the tests, followed by increments of 

ten minutes until completion of the four hours.  Additional efforts were made towards the 

beginning of the tests due to the quick onset of lost strength and stiffness in FRP with 

temperature. 

 

5.4.1 Beams 

Throughout the two beams, multiple thermocouples were used to monitor each structural 

component.  For example, thermocouples were placed on both longitudinal bars at the mid-span 

and quarter spans.  In order to add conservatism to this numerical process, temperatures were 

selected based on the highest reading of any redundant thermocouples for that particular 

material.  However there were three exceptions to this.  The first was that only mid-span 

thermocouples were considered because this location corresponds to the highest applied 

moments.  Secondly, data from both mid-span bottom steel thermocouples were averaged out for 

Beam D.  This was done to account for the large difference in readings resulting from the 

delamination of one half of the insulation during the fire test.  Thirdly, thermocouples chosen to 

represent the internal concrete temperatures were taken as an average of TC-12, TC-13 and TC-

14 (shown in Figure 3.23) in order to account for the effects of depth, as well as any differences 

between compression concrete in the flange and compression concrete in the web. 

Following the approximation of the change in material properties, capacity calculations 

could subsequently be conducted at each time increment for the two beams.  This process was 

conducted with the aid of Microsoft Excel, and followed the same procedure as seen in 



Chapter 5.0: Design Calculations for Fire Resistance 

 

152 
 

Appendix A.  As previously mentioned, only American codes were used for these calculations 

(ACI 318-08 and ACI 440.2R-08).  ACI 440.2R-08 is useful for the purpose of this chapter 

because it calculates a maximum debonding strain in the FRP.  This calculation utilizes the 

modulus of the FRP, which is reduced due to the effects of temperature.  Factored and unfactored 

capacities were again considered for both beams.  Results from this process are shown in 

Tables 5.4 and 5.5 for Beams C and D respectively. It should be noted, however, that this 

debonding failure is assumed in ACI 440.2R-08 to occur in the bottom portion of the web 

concrete, as supposed to in the FRP-concrete interface.  Therefore these calculations were 

slightly under-conservative.   

 

5.4.2 Columns 

The process for predicting change in the strengthened capacities of the columns with time 

was virtually the same as for the beams.  Data from the thermocouples was used to calculate the 

change in material properties with time.  As with the beams, multiple thermocouples were used 

to monitor each structural component of the columns.  In order to once again add conservatism, 

temperatures were selected based on the highest reading of any redundant thermocouples.  

Moreover, thermocouples placed at a quarter of the total depth of each column were chosen to 

represent the internal concrete temperatures.  This would provide an average for the overall 

cross-section. 

Capacity calculations were once again conducted at each time increment for the two 

columns.  Microsoft Excel was used to compute these calculations, and followed the same 

procedure as seen in Appendix B.  Once again, only American codes were used (ACI 318-08 and 
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ACI 440.2R-08).  Factored and unfactored capacities were considered for each column.  Results 

from this process are shown in Tables 5.6 and 5.7 for Columns A and B respectively. 

 

5.5 Results 

5.5.1 Beams 

Figures 5.9 and 5.10 show the predicted change in capacities for Beams C and D 

respectively over four hours of exposure to fire.  As explained earlier, these graphs include both 

unstrengthened and strengthened capacities for each beam in order to provide a basis for 

comparison.  The service load used during the testing of the beams is also shown. 

The two beams behave fairly similarly throughout the test.  When heating begins, the 

FRP strengthening systems quickly begin to lose strength.  This process is slightly slower for 

Beam D due to the thicker insulation.  Nevertheless, both beams have completely lost any 

structural contribution from the FRP within the first half hour.  Though insulation has been 

provided to both beams, this form of fire protection does not become fully initiated at such low 

temperatures.  Boiling of the water which is chemically bonded to the insulating materials is an 

effective way of consuming energy from the fire.  However this process does not benefit the FRP 

because the boiling temperature of water (100°C) is above the glass transition temperature of 

most FRP’s. 

The insulation does, however, protect the remaining reinforced concrete beam.  Both the 

strengthened and unstrengthened curves eventually begin to decrease as the test progresses.  This 

decrease in capacity is due to the internal temperature of the longitudinal steel reaching 400°C, at 

which point steel begins to noticeably lose strength.  However, due to the presence of insulation, 

this loss of strength occurs much later for the strengthened beams.  Figure 5.9(b) and 5.10(b) 
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show that even the unfactored capacities of the unstrengthened beams come very close to the 

applied service loads.  Therefore, although the insulation does not maintain the FRP’s strength 

for any substantial amount of time, it does greatly benefit the overall system. 

 

5.5.2 Columns 

Figures 5.11 and 5.12 show the change in capacity with time for Columns A and B 

respectively.  Some similar trends can be observed in these graphs as found with Figures 5.9 and 

5.10.  Much like the beams, the strengthening systems quickly lose strength during exposure to 

fire.  Both strengthened columns have a drop in capacity when heating begins due to the slow 

initiation of the insulating materials at such low temperatures.  However, the FRP does maintain 

some of its strength for 45 minutes; much longer than that of the beams.  Though the FRP is 

weakened, it still manages to provide some confinement to both columns. 

For the purpose of this study, the confinement effects were dismissed when the FRP 

reached 200°C.  At this temperature, the ultimate and bond strength of most FRP’s are 

significantly compromised.  As discussed in Section 5.2, material testing on Tyfo SCH-41 at 

Queen’s University did not investigate temperatures above 200°C.  Therefore there was no basis 

on which to include the FRP past this point.  This is why both curves suddenly drop vertically for 

both columns. 

Similar to the beams once again, the remaining reinforced concrete columns still benefit 

from the insulation.  Both unstrengthened columns begin to lose axial capacity around two hours 

after heating begins.  However, neither strengthened column ever experiences a loss in strength 

near the end of the test because the steel temperatures never exceed 400°C.  Therefore, once 

again the presence of insulation greatly benefits the overall system. 
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5.6 Summary 

Though theoretical, this chapter has demonstrated the clear benefit of implementing 

insulated FRP strengthening systems on reinforced concrete specimens.  Through the use of 

ACI 216R-89 and thermocouple data from the full-scale tests described in Chapters 3 and 4, 

numerical predictions were developed for the capacities of these specimens both with and 

without retrofitting.  The beams and columns all produced similar trends during heating.  Though 

the structural contributions of the FRP in all four members degraded rather quickly, the 

insulation helped protect the existing reinforced concrete structures.  This allowed all four 

members to adequately resist the applied service loads which otherwise may have caused a 

premature failure during heating. 

As discussed in Chapter 2, it has been well established that FRP can add significant 

strength to existing reinforced concrete members.  However, fire can quickly compromise this 

benefit.  The current limitations set out by Section 9.2.1 of ACI 440.2R-08 specify that the 

nominal strength of a structure neglecting the effects of FRP must be sufficient to withstand the 

unfactored strengthened service loads.  The provision of insulation will prolong the amount of 

time until the steel begins losing strength, and therefore the time that the structure can withstand 

said loads.   
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Table 5.1: Predicted capacities of unstrengthened Beams C and D without insulation 

Time 
(mins) 

Compression Concrete Bottom Steel Top Steel Capacity (kN.m) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Factored Unfactored 

0 20 35.7 28.1 20 406 200 20 460 200 61.61 68.46 
30 70 35.7 28.1 140 406 192 80 460 200 61.61 68.46 
60 105 35.7 25.3 240 406 172 120 460 200 61.61 68.46 
90 130 35.7 24.4 335 406 153 150 460 200 61.61 68.46 
120 150 35.7 23.8 420 386 136 180 460 200 59.24 65.82 
150 170 35.7 23.1 475 353 125 210 460 178 55.33 61.48 
180 190 35.7 22.4 520 313 116 235 460 173 50.58 56.20 
210 205 35.7 21.9 555 272 109 255 460 169 45.71 50.79 
240 220 35.7 21.4 585 223 103 275 460 165 39.88 44.31 

 

Table 5.2: Predicted capacities of unstrengthened Column A without insulation 

Time 
(mins) 

Concrete Longitudinal Steel Capacity (kN) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Factored Unfactored 

0 20 37.4 28.7 20 456 200 3192 4256 
30 70 37.4 27.0 140 456 192 3192 4256 
60 110 37.4 25.7 240 456 172 3192 4256 
90 145 37.4 24.5 325 456 155 3192 4256 
120 175 37.4 23.5 380 456 144 3192 4256 
150 200 37.4 22.6 420 424 136 3144 4191 
180 225 37.4 21.8 455 392 129 3095 4126 
210 250 37.4 20.9 485 369 123 3060 4080 
240 275 37.4 20.1 510 342 118 3018 4024 

 

Table 5.3: Predicted capacities of unstrengthened Column B without insulation 

Time 
(mins) 

Concrete Longitudinal Steel Capacity (kN) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) Factored Unfactored 

0 20 34.4 27.5 20 477 200 1878 2889 
30 80 34.4 25.6 140 477 192 1878 2889 
60 150 34.4 23.3 240 477 172 1878 2889 
90 200 34.4 21.7 325 477 155 1878 2889 
120 240 34.4 20.4 380 477 144 1878 2889 
150 280 34.4 19.1 420 444 136 1843 2836 
180 325 34.4 17.6 455 410 129 1809 2783 
210 350 34.4 16.8 485 386 123 1784 2744 
240 380 34.4 15.8 510 358 118 1754 2699 
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Table 5.4: Predicted capacities of insulated strengthened Beam C 

Time 
(mins) 

Compression Concrete Bottom Steel Top Steel 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

0 19 35.7 28.1 18 406 200 19 460 200 
5 19 35.7 28.1 19 406 200 19 460 200 
10 21 35.7 28.1 27 406 200 21 460 200 
15 25 35.7 27.9 38 406 200 25 460 200 
20 33 35.7 27.7 51 406 200 32 460 200 
25 47 35.7 27.2 64 406 200 41 460 200 
30 57 35.7 26.9 82 406 200 52 460 200 
40 71 35.7 26.4 100 406 200 75 460 200 
50 82 35.7 26.0 100 406 200 96 460 200 
60 89 35.7 25.8 101 406 200 105 460 200 
70 95 35.7 25.6 101 406 200 109 460 200 
80 106 35.7 25.2 116 406 197 118 460 200 
90 118 35.7 24.8 134 406 193 127 460 200 
100 130 35.7 24.5 157 406 189 138 460 200 
110 141 35.7 24.1 184 406 183 151 460 200 
120 153 35.7 23.7 210 406 178 163 460 200 
130 164 35.7 23.3 233 406 173 175 460 200 
140 174 35.7 23.0 253 406 169 188 460 182 
150 184 35.7 22.7 273 406 165 199 460 180 
160 193 35.7 22.3 291 406 162 211 460 178 
170 202 35.7 22.0 309 406 158 222 460 176 
180 210 35.7 21.8 326 406 155 233 460 173 
190 218 35.7 21.5 342 406 151 243 460 171 
200 227 35.7 21.2 358 406 148 253 460 169 
210 235 35.7 20.9 375 406 145 263 460 167 
220 243 35.7 20.7 397 406 140 273 460 165 
230 251 35.7 20.4 426 382 135 282 460 163 
240 260 35.7 20.1 455 349 129 291 460 162 
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Table 5.4 (cont’d): Predicted capacities of insulated strengthened Beam C 

Time 
(mins) 

CFRP (Tyfo SCH-41) Capacity (kN.m) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Factored Unfactored 

0 18 834 82.0 73.19 81.32 
5 48 667 80.4 72.29 80.32 
10 68 384 77.9 62.90 69.89 
15 70 375 77.1 62.62 69.58 
20 81 342 75.4 61.61 68.46 
25 100 325 73.0 61.61 68.46 
30 118 317 69.7 61.61 68.46 
40 149 300 61.5 61.61 68.46 
50 169 292 55.8 61.61 68.46 
60 184 288 49.2 61.61 68.46 
70 194 284 46.7 61.61 68.46 
80 211 284 45.1 61.61 68.46 
90 220 284 44.3 61.61 68.46 
100 230 284 43.5 61.61 68.46 
110 238 284 42.6 61.61 68.46 
120 266 284 41.8 61.61 68.46 
130 286 284 41.0 61.61 68.46 
140 300 284 41.0 61.61 68.46 
150 321 284 41.0 61.61 68.46 
160 346 284 41.0 61.61 68.46 
170 362 284 41.0 61.61 68.46 
180 406 284 41.0 61.61 68.46 
190 472 284 41.0 61.61 68.46 
200 554 284 41.0 61.61 68.46 
210 658 284 41.0 61.61 68.46 
220 872 284 41.0 61.61 68.46 
230 1004 284 41.0 58.77 65.30 
240 1054 284 41.0 54.85 60.94 
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Table 5.5: Predicted capacities of insulated strengthened Beam D 

Time 
(mins) 

Concrete Bottom Steel Top Steel 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

0 19 35.7 28.1 18 406 200 19 460 200 
5 19 35.7 28.1 18 406 200 19 460 200 
10 20 35.7 28.1 20 406 200 21 460 200 
15 22 35.7 28.0 25 406 200 25 460 200 
20 28 35.7 27.8 31 406 200 32 460 200 
25 37 35.7 27.5 40 406 200 43 460 200 
30 48 35.7 27.2 51 406 200 55 460 200 
40 71 35.7 26.4 74 406 200 75 460 200 
50 88 35.7 25.8 91 406 200 88 460 200 
60 97 35.7 25.5 99 406 200 98 460 200 
70 103 35.7 25.4 100 406 200 106 460 199 
80 109 35.7 25.1 102 406 200 113 460 197 
90 117 35.7 24.9 111 406 198 121 460 196 
100 127 35.7 24.5 123 406 195 130 460 194 
110 139 35.7 24.1 135 406 193 140 460 192 
120 149 35.7 23.8 148 406 190 150 460 190 
130 159 35.7 23.5 162 406 188 160 460 188 
140 169 35.7 23.1 190 406 182 170 460 186 
150 180 35.7 22.8 225 406 175 180 460 184 
160 190 35.7 22.4 259 406 168 189 460 182 
170 200 35.7 22.1 292 406 161 197 460 180 
180 209 35.7 21.8 322 406 155 206 460 179 
190 219 35.7 21.5 350 406 150 215 460 177 
200 228 35.7 21.2 376 406 145 223 460 175 
210 237 35.7 20.9 400 406 140 231 460 174 
220 246 35.7 20.6 427 382 131 238 460 172 
230 255 35.7 20.3 459 349 123 246 460 171 
240 264 35.7 20.0 490 317 115 253 460 169 
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Table 5.5 (cont’d): Predicted capacities of insulated strengthened Beam D 

Time 
(mins) 

CFRP (Tyfo SCH-41) Capacity (kN.m) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Factored Unfactored 

0 18 834 82.0 73.19 81.32 
5 35 753 81.2 73.19 81.32 
10 52 609 79.5 70.41 78.23 
15 64 417 77.9 64.02 71.13 
20 68 392 77.5 63.18 70.20 
25 69 375 77.1 62.62 69.58 
30 77 359 76.3 62.10 69.00 
40 87 334 74.6 61.61 68.46 
50 98 329 73.3 61.61 68.46 
60 98 325 73.2 61.61 68.46 
70 100 329 73.0 61.61 68.46 
80 103 325 72.6 61.61 68.46 
90 143 300 64.0 61.61 68.46 
100 199 284 45.1 61.61 68.46 
110 227 284 43.5 61.61 68.46 
120 253 284 41.8 61.61 68.46 
130 625 284 41.0 61.61 68.46 
140 948 284 41.0 61.61 68.46 
150 998 284 41.0 61.61 68.46 
160 1019 284 41.0 61.61 68.46 
170 1031 284 41.0 61.61 68.46 
180 1032 284 41.0 61.61 68.46 
190 1048 284 41.0 61.61 68.46 
200 1060 284 41.0 61.61 68.46 
210 1068 284 41.0 61.61 68.46 
220 1078 284 41.0 58.67 65.19 
230 1085 284 41.0 54.62 60.69 
240 1090 284 41.0 50.69 56.32 
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Table 5.6: Predicted capacities of insulated strengthened Column A 

Time 
(mins) 

Concrete Longitudinal Steel CFRP (Tyfo SCH-41) Capacity (kN) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Factored Unfactored 

0 18 37.4 28.7 18 456 200 18 834 82.0 3995 5383 
5 18 37.4 28.7 18 456 200 41 705 80.4 3995 5383 
10 18 37.4 28.7 19 456 200 66 409 77.9 3663 4918 
15 18 37.4 28.7 21 456 200 78 350 76.3 3595 4822 
20 19 37.4 28.7 25 456 200 108 321 72.2 3562 4775 
25 21 37.4 28.7 29 456 200 137 309 65.6 3548 4756 
30 23 37.4 28.6 36 456 200 162 292 57.0 3529 4728 
40 29 37.4 28.4 51 456 200 201 284 45.5 3192 4256 
50 38 37.4 28.1 68 456 200 234 284 42.6 3192 4256 
60 48 37.4 27.8 86 456 200 264 284 41.0 3192 4256 
70 61 37.4 27.3 107 456 199 294 284 41.0 3192 4256 
80 75 37.4 26.8 121 456 196 322 284 41.0 3192 4256 
90 93 37.4 26.2 131 456 194 341 284 41.0 3192 4256 
100 110 37.4 25.7 144 456 191 362 284 41.0 3192 4256 
110 120 37.4 25.3 156 456 189 389 284 41.0 3192 4256 
120 129 37.4 25.0 168 456 186 414 284 41.0 3192 4256 
130 138 37.4 24.7 181 456 184 437 284 41.0 3192 4256 
140 145 37.4 24.5 195 456 181 458 284 41.0 3192 4256 
150 150 37.4 24.3 209 456 178 478 284 41.0 3192 4256 
160 155 37.4 24.1 224 456 175 497 284 41.0 3192 4256 
170 158 37.4 24.0 238 456 172 513 284 41.0 3192 4256 
180 163 37.4 23.8 252 456 169 531 284 41.0 3192 4256 
190 175 37.4 23.5 266 456 167 547 284 41.0 3192 4256 
200 186 37.4 23.1 280 456 164 559 284 41.0 3192 4256 
210 198 37.4 22.7 292 456 161 570 284 41.0 3192 4256 
220 210 37.4 22.3 305 456 159 582 284 41.0 3192 4256 
230 221 37.4 21.9 317 456 156 594 284 41.0 3192 4256 
240 232 37.4 21.5 330 456 154 608 284 41.0 3192 4256 
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Table 5.7: Predicted capacities of insulated strengthened Column B 

Time 
(mins) 

Concrete Longitudinal Steel CFRP (Tyfo SCH-41) Capacity (kN) 
Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Temp. 
(°C) 

Strength 
(MPa) 

Modulus 
(GPa) 

Factored Unfactored 

0 19 34.4 27.5 19 477 200 19 834 82.0 2230 3460 
5 19 34.4 27.5 19 477 200 36 742 81.2 2230 3460 
10 19 34.4 27.5 20 477 200 63 459 78.3 2110 3265 
15 20 34.4 27.5 24 477 200 75 359 76.3 2059 3183 
20 22 34.4 27.5 30 477 200 106 325 72.2 2042 3155 
25 25 34.4 27.4 37 477 200 140 300 64.0 2030 3135 
30 29 34.4 27.2 45 477 200 165 292 56.6 2025 3128 
40 40 34.4 26.9 65 477 200 210 284 45.1 1878 2889 
50 55 34.4 26.4 87 477 200 249 284 42.6 1878 2889 
60 71 34.4 25.9 110 477 198 283 284 41.0 1878 2889 
70 89 34.4 25.3 125 477 195 317 284 41.0 1878 2889 
80 104 34.4 24.8 138 477 192 344 284 41.0 1878 2889 
90 114 34.4 24.5 151 477 190 371 284 41.0 1878 2889 
100 124 34.4 24.2 164 477 187 394 284 41.0 1878 2889 
110 133 34.4 23.9 179 477 184 416 284 41.0 1878 2889 
120 142 34.4 23.6 196 477 181 437 284 41.0 1878 2889 
130 154 34.4 23.2 214 477 177 459 284 41.0 1878 2889 
140 167 34.4 22.8 230 477 174 480 284 41.0 1878 2889 
150 180 34.4 22.3 247 477 171 498 284 41.0 1878 2889 
160 194 34.4 21.9 263 477 167 515 284 41.0 1878 2889 
170 208 34.4 21.4 280 477 164 532 284 41.0 1878 2889 
180 222 34.4 21.0 296 477 161 547 284 41.0 1878 2889 
190 236 34.4 20.5 311 477 158 564 284 41.0 1878 2889 
200 249 34.4 20.1 326 477 155 581 284 41.0 1878 2889 
210 262 34.4 19.7 341 477 152 595 284 41.0 1878 2889 
220 275 34.4 19.2 355 477 149 608 284 41.0 1878 2889 
230 288 34.4 18.8 370 477 146 623 284 41.0 1878 2889 
240 301 34.4 18.4 384 477 143 637 284 41.0 1878 2889 
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Figure 5.1: Strength of certain steels at high temperatures (ACI 216R-89) 
 

 

Figure 5.2: Modulus of elasticity of steel at high temperatures (ACI 216R-89) 
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Figure 5.3: Compressive strength of carbonate aggregate concrete at high temperature and after 

cooling (ACI 216R-89) 
 

 
Figure 5.4: Modulus of elasticity of concrete at high temperatures (ACI 216R-89) 



 

 

Figure 5.5: Average tensile strength of CFRP with S type resin normalized with respec
the room temperature strength.  Confidence interval of 95% shown. 
(Eedson, 2009) 

Figure 5.6: Modulus of CFRP with S type resin under constant temperature (Eedson, 2009)
Note: Curve has been added
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Average tensile strength of CFRP with S type resin normalized with respec
the room temperature strength.  Confidence interval of 95% shown. 

 
 

of CFRP with S type resin under constant temperature (Eedson, 2009)
Curve has been added to fit data from Eedson (2009) 
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Average tensile strength of CFRP with S type resin normalized with respect to 
the room temperature strength.  Confidence interval of 95% shown. 

 
of CFRP with S type resin under constant temperature (Eedson, 2009).  
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Figure 5.7:  Temperature within slabs during fire tests – carbonate aggregate concrete 
(ACI 216R-89) 
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Figure 5.8:  Temperatures in normal weight concrete rectangular and tapered units at 1 hr of 

fire exposure (ACI 216R-89) 
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(a) 

 
 

(b) 

 
 

Figure 5.9: Predicted change in capacity of Beam C with respect to time  
 (a) factored 
 (b) unfactored 
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(a) 

 
 

(b) 

 
 

Figure 5.10: Predicted change in capacity of Beam D with respect to time  
 (a) factored 
 (b) unfactored 
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(a) 

 
 

(b) 

 
 

Figure 5.11: Predicted change in capacity of Column A with respect to time  
 (a) factored 
 (b) unfactored 
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(a) 

 
 

(b) 

 
 

Figure 5.12: Predicted change in capacity of Column B with respect to time  
 (a) factored 
 (b) unfactored 
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 Chapter 6: 

 Conclusions 

 
6.1 Summary 

The research for this thesis was conducted in order to better understand and predict the 

thermal and mechanical behaviour of insulated FRP retrofitted structures at elevated 

temperatures.  Three sets of tests were designed to analyse various types of reinforced concrete 

structures.  The first of these investigated the thermal performance of Fyfe Co. LLC’s WR-AFP 

3-phase insulating system on two intermediate-scale reinforced concrete slabs fitted with Tyfo 

SCH-41 CFRP.  The second and third sets of tests used the findings from the first to develop 

strengthening and insulation systems made from the same materials for full-scale beams and 

columns respectively.  Data from these tests was also used as part of a numerical study for 

predicting the change in capacities of these structures with time.  This chapter summarizes the 

findings from these research efforts. 
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6.2 Key Findings 

→ The full-scale concrete beams and columns strengthened with FRP and protected by the 

spray-applied insulation systems were able to achieve four hour fire resistance ratings 

under loads near their unstrengthened factored design resistance. 

→ The insulation protected the FRP in the early stages of the fire exposure, and the internal 

reinforcement at later stages of the fire tests. 

→ Design calculations were employed to estimate the strength deterioration of the 

strengthened concrete members during fire, and the results were consistent with 

experimental observations. 

 

6.3 Detailed Conclusions 

6.3.1 Slab Tests 

In the first tests, Slab B was fitted 32 mm of insulation and was successful in obtaining a 

4-hour fire rating as per CAN/ULC S101-07.  Though some insulation delaminated within the 

last hour, the concrete cover was able to sufficiently resist the high temperatures of the oven for 

the remainder of the test.  Slab A was fitted with 19 mm of insulation, and consequently 

experienced significant spalling resulting in a 2-hour rating.  This spalling caused a premature 

failure because the temperature of the exposed steel exceeded 593⁰C, as described by criterion 3 

of CAN/ULC S101-07. 

 

6.3.2 T-Beam Tests 

Both beams were able to maintain the applied service load without any flexural failure.  

However, this occurred despite the FRP quickly reaching its glass transition temperature (11 and 
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17 minutes for Beams C and D respectively).  Moreover both insulating schemes succeeded in 

meeting the three temperature criteria of CAN/ULC S101-07.  It was noted, however, that the 

insulation of Beam D experienced significant delamination.  This resulted in the complete loss of 

the flexural CFRP, as it was left completely exposed to the fire.  During heating, cracks formed 

in the insulation of both beams.  After 120 minutes, Beam D lost all of the insulation along one 

side of its web, with the other side falling at 210 minutes.  This is believed to be due to only 

extending the insulation a part of the way up the side of the web.  With this in mind, 

considerations must therefore be made in future designs towards the chosen layout of insulating 

materials. 

 

6.3.3 Column Tests 

The third set of tests also succeeded in satisfying the criteria of CAN/ULC S101-07 

because both columns managed to maintain the service loads throughout the four hour fire-tests.   

Furthermore, they also maintained the internal temperature of steel below 593⁰C, though this is 

not a requirement for columns in CAN/ULC S101-07.  However, much like the beams, the 

columns did so despite the quick degradation of the two strengthening systems.  In both tests, the 

FRP-concrete interface again quickly reached the glass transition temperature (16 and 13 minutes 

for Columns A and B respectively).  The insulating systems, though cracked, did appear to 

remain relatively intact upon removal from the furnace. 

 

6.3.4 Design Calculations for Fire Endurance 

The theoretical design calculations presented in Chapter 5 demonstrated the clear 

advantage of using insulated FRP strengthening designs for reinforced concrete members.  
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Though the FRP quickly reached its glass transition temperature, the insulation significantly 

delayed the degradation of the concrete and steel material properties.  This allowed all four 

members to adequately resist the applied service loads which otherwise may have caused a 

premature failure during heating. 

 

6.4 Design Recommendations 

Currently, ACI 440.2R-08 neglects all structural contributions of the FRP strengthening 

system during fire.  Though it was observed in this research thesis that these systems did 

eventually delaminate from the specimens, the FRP in Beam C still provided noticeable stiffness 

well past its glass transition temperature.  This conclusion is based on the load-deflection plot for 

Beam C (Figure 4.21).  This added stiffness is believed to have been due to the significant 

provision of anchorage in the form of GFRP U-wraps.  These results therefore support the claim 

that FRP flexural strengthening systems can still provide strength and stiffness during fire when 

sufficient anchorage is provided.  Therefore disregarding them entirely for the purpose of design 

in fire is thought to be over-conservative.  Unfortunately, drawing a similar conclusion for the 

columns is more difficult because the structural benefits of FRP confinement are difficult to 

identify at low stress levels.  Testing at higher service loads is required in order to better 

understand the structural contribution of FRP confining jackets during fire. 

The provision of insulation can also aid in delaying the time until Tg is reached.  

However, as mentioned previously, considerations must be made towards its chosen layout in 

order to avoid unforeseen delamination.  The same U-wrap anchorage system was used in both 

beams.  However it was less effective in Beam D due to the large amounts of insulation that fell 

from the beam two hours into the test.  This occurred despite the fact that Beam D was fitted 
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with a thicker layer of insulation.  Therefore the bond of the insulation to the concrete during fire 

exposure is also of great concern in FRP strengthened concrete members.  More testing is 

required to better understand this. 

 

6.5 Future Work 

Over the past ten years at Queen’s University, significant research has been conducted on 

the effects of fire on FRP strengthened reinforced concrete members.  However there is still 

much to be done before these strengthening methods can be regularly applied in building 

applications.  Though high temperature material testing has provided the necessary data for the 

properties of FRP, more efforts must be made towards the testing of intermediate and full-scale 

strengthened members.  The results from this thesis show that the potential exists for FRP 

strengthening systems to contribute structurally even during fire.  In order to confirm this, the 

chosen approach for loading these specimens should be modified. 

The test methods dictated by CAN/ULC S101-07 specify the design approach for 

determining appropriate service loads during fire testing of building constructions.  However, 

this approach often yields service loads which are less than the unstrengthened capacity of 

reinforced concrete members.  In order to fully understand both the rate and the mechanisms of 

FRP strengthening systems’ deterioration during fire, tests should be conducted at higher service 

loads.  These loads should exceed the original capacity of the specimens, such that the FRP is not 

only engaged, but required in order to maintain the load. 

Arguably, this approach was taken in this research thesis for the full-scale column tests 

because the applied loads exceeded the factored unstrengthened capacities of the beams and 

columns.  However it did not exceed the unfactored capacities.  This was made evident by the 
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fact that all of the full-scale specimens remained structurally intact under the service loads in the 

laboratory upon debonding of their FRP.  In order to design for relying upon FRP strength during 

fire, more tests under higher loads are needed that require the FRP to be structurally engaged 

under load. 
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 Appendix A: 

 T-Beam Calculations 

 
A.1 Introduction 

This appendix summarizes both the theoretical and mathematical approach for the design 

of two identical full-scale reinforced concrete T-beams, each strengthened with Tyfo SCH-41 

CFRP.  Canadian, American and European codes are considered throughout the design process.  

CSA A23.3-04, ACI 318-08 and EN BS 1992-1-1:2004 are used for the flexural and shear design 

of the unstrengthened beam, while CSA S806-02, ACI 440.2R-08 and TR-55 are used for the 

analysis of the retrofitted beam.  Other consulted codes include ISIS Modules 3 and 4, CSA S6-

06 and ACI 216R-89. 

The dimensions and required reinforcement for the T-beam were obtained by attempting 

to design a slab-on-girder system which could support a standard 2.4 kPa occupancy live load 

with a hypothetical beam spacing of 3 metres centre-centre.  The strengthening design was later 

developed while trying to increase the capacity of the existing T-beam such that it could 
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accommodate a new 4.8 kPa live load.  However this was later reduced to 3.6 kPa as per the 

recommendations of the representatives from Fyfe Co. LLC. 

 

A.2 Beam Properties 

A.2.1 Beam Length 

The beam length was limited by the dimensions of the test apparatus (3962 mm) at the 

National Research Council of Canada in Ottawa, ON.  In order to allow ample room for thermal 

expansion during the 4-hour fire test, a beam length of 3900 mm was selected.  This would 

ensure that simply-supported conditions were maintained throughout the test.  Due to the 

necessary placement of a 25 mm chamfer under each end of the beam, this results in a final 

simply-supported test length of 3806 mm. 

 

A.2.2 Material Properties 

  For the purpose of these calculations, tested material properties were used for the 

concrete and steel.  Concrete cylinders were tested several days prior to the full-scale beam test 

in order to provide an accurate representation of the concrete strength.  The steel strength values 

were obtained from the mill report, provided with the steel.  This was important in determining 

the necessary service load, as described later in this appendix. 

The FRP material properties used in these calculations, however, were design values 

specified by the Fyfe’s product PDF files1.  Tested values for FRP specimens were not used due 

to concerns of overestimation in strength.  It was found by representatives of Fyfe that laboratory 

fabricated specimens were not indicative of actual FRP field strength.  This was confirmed 

                                                 
1 http://www.fyfeco.com/products/data-sheets-msds/product-abstracts.aspx 
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during testing of coupons cut from field applications.  It was found that these specimens had 

material properties similar to the design values.  Therefore these were used in the calculations.  

Table A.1 summarizes all material property values used in this appendix. 

 

Table A.1: Beam Material Properties 

Material Property Beams C and D 

Concrete 

Compressive 
Strength (MPa) 

35.7 

Modulus (GPa) 
26.9 

(28.1 for US) 
Failure Strain 
(microstrain) 

3500 
(3000 for US) 

Steel 

Longitudinal Steel 
Yield Stress (MPa) 

406 

Transverse Steel 
Yield Stress (MPa) 

460 

Modulus (GPa) 200 

Yield Strain 
(microstrain) 

2000 

Tyfo 
SCH-41 
CFRP 

Ultimate Tensile 
Strength (MPa) 

834 

Tensile Modulus 
(GPa) 

82 

Strain at Ultimate 
(microstrain) 

8500 

Tyfo 
SEH-51A 

GFRP 

Ultimate Tensile 
Strength (MPa) 

460 

Tensile Modulus 
(GPa) 

20.9 

Strain at Ultimate 
(microstrain) 

17600 
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A.2.3 Other Beam Dimensions 

 As mentioned previously, the beams in this test are meant to be representative of a 

reinforced concrete slab-on-girder system with a three metre centre-to-centre beam spacing.  The 

length (3900 mm) and other dimensions were limited by the test apparatus, as explained in 

Chapter 3.  Figure 3.20 shows the reinforced concrete design used for both beams, while 

Figure 3.21 shows their FRP-strengthening design.  
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A.3 Factored Loads 

As mentioned previously, the unretrofitted and retrofitted beams were designed to 

withstand live loads of 2.4 kPa and 3.6 kPa respectively.  The moment and shear effects are 

calculated as follows. 

 

A.3.1 Factored Load (Live load of 2.4 kPa) 

Unfactored Dead Load 

The first component of the dead load is the beam itself.  Using the dimensions of the 

tributary area of the slab-on-beam design, and assuming a concrete density of 2400 kg/m3, the 

following is obtained: 

w��������	
� 	= ��3.000��0.150� + �0.300��0.250�� �2400 kgm��  9.81 ms$% 

= 12.36	kN/m 

 The second component is the insulating material.  Though this is much lighter than the 

reinforced concrete, it nonetheless noticeably contributes to the overall deadweight.  Note: the 

larger of the two insulation thicknesses is used to be conservative: 

w)*+,�-��.* = ��0.300��0.019� + 2�0.250��0.019� + 2�0.125��0.032�� �371.6 kgm��  9.81 ms$% 

= 0.07	kN/m 

The third and final component of the dead load is the inclusion of partitions and walls.  

This is represented by an assumed value of 1.0 kPa.  This contribution amounts to: 

w0-1����.*+ = �1.0	kPa��3	m� 
= 3.00	kN/m 

 Therefore the total unfactored dead load is: 
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w4 = w��������	
� +w)*+,�-��.* +w0-1����.*+ 
w4 = 15.43	kN/m 

Unfactored Live Load 

The initial live load used for the unretrofitted beam design is the standard occupancy load 

of 2.4 kPa acting over the tributary area of the beam (namely 3 m wide).  This gives: 

w5 	= �2.4	kPa��3	m� 
= 7.2	kN/m  

Factored Load (CSA A23.3-04) 

Using the load combinations found in Table 4.1.3.2 in CSA A23.3-04, the maximum 

factored load can be determined by the largest of: 

w� 	= 6 1.4	w4 = 21.60	kN/m1.25	w4 + 1.5w5 = 30.09	kN/m7  
The second case governs, and wf is equal to 30.09 kN/m.  The factored UDL wf will 

induce the following maximum moment and shear force over the simply-supported beam: 

M� = w�L$8 = 30.09�3.806$�8 = 54.49	kN.m 

V� = w�L2 = 30.09�3.806�2 = 57.26	kN 

Factored Load (ACI 318-08) 

According to Section 9.2 of ACI 318-08, the necessary load combinations are quite 

similar to that of CSA A23.3-04.  The maximum factored load can also be determined by the 

largest of: 

w� 	= 6 1.4	w4 = 21.60	kN/m1.2	w4 + 1.6w5 = 30.04	kN/m7  
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Again, the largest factored UDL wf will induce the following maximum moment and 

shear force: 

M� = w�L$8 = 30.04�3.806$�8 = 54.39	kN.m 

V� = w�L2 = 30.04�3.806�2 = 57.17	kN 

Factored Load (EN BS 1992-1-1:2004) 

Load combinations used in the European codes are much more detailed.  However, for 

the purpose of this thesis, only live and dead loads are considered.  It therefore becomes much 

simpler: 

w� 	= 1.35	w4 + 1.5w5 = 31.63	kN/m  

This gives: 

M� = w�L$8 = 31.63�3.806$�8 = 57.28	kN.m 

V� = w�L2 = 31.63�3.806�2 = 60.19	kN 

In summary: 

 CSA A23.3-04 ACI 318-08 BS EN 1992-1-1:2004 

Mf 54.49 kN.m 54.39 kN.m 57.28 kN.m 

Vf 57.26 kN 57.17 kN 60.19 kN 

 

 

A.3.2  Factored Load (Live load of 3.6 kPa) 

Unfactored Dead Load 

 This will remain the same as calculated previously.  The dead load remains 15.43 kN/m.  
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Unfactored Live Load 

The new live load of 3.6 kPa, however, will increase the overall loading scheme 

significantly: 

w5,*�< 	= �3.6	kPa��3	m� 
= 10.8	kN/m  

Factored Load (CSA A23.3-04) 

Once again, using the load combinations found in Table 4.1.3.2 in CSA A23.3-04, the 

maximum factored load can be determined by the largest of: 

w�,*�< 	= 6 1.4	w4 = 21.60	kN/m1.25	w4 + 1.5w5,*�< = 35.49	kN/m7  
As before, the second case governs, and wf,new is equal to 35.49 kN/m.  This gives: 

M�,*�< = w�L$8 = 35.49�3.806$�8 = 64.26	kN.m 

V�,*�< = w�L2 = 35.49�3.806�2 = 67.54	kN 

Factored Load (ACI 318-08) 

Again, the maximum factored load according to Section 9.2 of ACI 318-08 is the largest 

of: 

w�,*�< 	= 6 1.4	w4 = 21.60	kN/m1.2	w4 + 1.6w5,*�< = 35.80	kN/m7  
This gives: 

M�,*�< = w�L$8 = 35.80�3.806$�8 = 64.82	kN.m 

V�,*�< = w�L2 = 35.80�3.806�2 = 68.13	kN 
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Factored Load (EN BS 1992-1-1:2004) 

As only live and dead loads are considered: 

w�,*�< 	= 1.35	w4 + 1.5w5,*�< = 37.03	kN/m  

Therefore: 

M�,*�< = w�L$8 = 37.03	�3.806$�8 = 67.06	kN.m 

V�,*�< = w�L2 = 37.03	�3.806�2 = 70.47	kN 

In summary: 

 CSA A23.3-04 ACI 318-08 BS EN 1992-1-1:2004 

Mf,new 64.26 kN.m 64.82 kN.m 67.06 kN.m 

Vf,new 67.54 kN 68.13 kN 70.47 kN 

 

  



Appendix A: T-Beam Calculations 

 

192 
 

A.4 Unstrengthened Flexural Design 

 The unretrofitted beam is designed to carry factored moments of 54.49 kN.m 

(CSA A23.3-04), 54.39 kN.m (ACI 318-08) and 57.28 kN.m (EN BS 1992-1-1:2004) for each 

respective code.  This section details the flexural calculations for the two codes.  In all three 

cases, the following assumptions are made: 

→ neutral axis is in the flange 

→ top and bottom steel are in tension 

→ top and bottom steel both yield 

 

A.4.1 Unstrengthened Flexural Capacity (CSA A23.3-04) 

Using CSA A23.3-04, a concrete strength of 35.74 MPa has α1 and β1 equal to: 

                                            α> 	= 	0.85	– 	0.0015	fAB 	= 	0.796	 ≥ 	0.67  [Cl.10.1.7] 

                                            β> 	= 	0.97	– 	0.0025	fAB 	= 	0.881	 ≥ 	0.67  [Cl.10.1.7] 

                                                  EA 	= 	4500	FfAB 	= 	26902	MPa  [Cl.8.6.2.3] 

Again, assume bottom and top longitudinal steel are in tension and yield.  The forces in 

the beam are therefore: 

CA =	ϕAfABα>bβ>c = 0.65�35.74��0.796��1220��0.881�c = 19877.3c 
T = 	ϕ+A+fM = 0.85�400��406� = 138040 

T′ = 	ϕ+A′+fM = 0.85�600��460� = 234600 

Equating tension and compression forces gives the neutral axis depth: 

T + TB = CA 
138040 + 234600 = 19877.3c 
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c = 18.75	mm 

The neutral axis depth is less than d’ (56.95 mm), therefore top steel is in tension as 

assumed.  Moreover, the neutral axis is indeed in the flange, as assumed.  Now strains in steel 

must be checked to verify third assumption.  This is done using strain compatibility: 

εA = 	0.0035 

ε+ = 	0.0035 �d − c�c = 0.0035 �340.7 − 18.75�18.75 = 0.0601 > 0.002 

ε′+ = 	0.0035 �d′ − c�c = 0.0035 �56.95 − 18.75�18.75 = 0.00713 > 0.002 

Therefore both top and bottom steel yield as assumed.  Taking moments about the 

compression force gives a flexural capacity of: 

M1 = ϕ+A+fM �d − β>c2 � + ϕ+A′+fM �d′ − β>c2 � 

M1 = 0.85�400��406� �340.7 − 0.881�18.75�2 � + 0.85�600��460� �56.95 − 0.881�18.75�2 � 

M1 = ST. UV	WX.Y 

 

A.4.2 Unstrengthened Flexural Capacity (ACI 318-08) 

As with the Canadian code, it is necessary to determine the American building code 

factors: 

                                                 β> 	= 	0.85	– 	0.05	 Z�[\��]^_ 	= 	0.809	  [ACI 10.2.7.3] 

                                                                     ϕ	 = 	0.90  [ACI 9.3.2.1] 

According to ACI 318-08, the forces in the beam are: 

CA = 	0.85fABbβ>c = 0.85�35.74��1220��0.809�c = 29983.5c 
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T = 	A+fM = �400��406� = 162400 

T′ = 	A′+fM = �600��460� = 276000 

Equating tension and compression forces gives the neutral axis depth: 

T + TB = CA 
162400 + 276000 = 29983.5c 

c = 14.62 

The neutral axis depth is less than d’ (56.95 mm), therefore top steel is in tension as 

assumed, and the neutral axis is in the flange.  Now must check strains in steel to verify second 

assumption.  Again, this is done using strain compatibility: 

εA = 	0.003 

ε+ = 	0.003 �d − c�c = 0.003 �340.7 − 14.62�14.62 = 0.0669 > 0.002 

ε′+ = 	0.003 �d′ − c�c = 0.003 �56.95 − 14.62�14.62 = 0.0087 > 0.002 

Therefore both top and bottom steel yield as assumed.  Taking moments about the 

compression force gives a flexural capacity of: 

M* = A+fM �d − β>c2 � + A′+fM �d′ − β>c2 � 

M* = �400��406� �340.7 − 0.81�14.62�2 � + �600��460� �56.95 − 0.81�14.62�2 � 

M* = 68.46	kN.m 

Therefore: 

M1 = ϕM* = 0.9�68.46� 
M1 = `V. `V	WX.Y 
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A.4.3 Unstrengthened Flexural Capacity (BS EN 1992-1-1:2004) 

First, the factored material properties must be determined.  The partial material factors 

(γm) for concrete and steel are given in Cl. 2.4.2.4(1) and are 1.5 and 1.15 respectively.  Using 

this, the factored concrete strength is: 

fAa = ].bc�[def = ].bc��c._�>.c = 20.23	MPa [Cl. 3.1.6(1)] 

 Similarly, the factored steel yield strength is: 

fMa = �gdeh = i]j>.>c = 353.04	MPa [Cl. 3.2.7(2)] 

f′Ma = �Bgdeh = ij]>.>c = 400.00	MPa [Cl. 3.2.7(2)] 

When assessing the portion of compression concrete, the European codes take a similarly 

simple approach as ACI 318-08 for estimating the stress block depth: 

η = 1.0 [Cl. 3.1.7(3)] 

λ = 0.8 [Cl. 3.1.7(3)] 

k> = 0.44 [Cl. 5.5(4)] 

k$ = 1.25  0.6 + ].]]>il[mn % = 1.25  0.6 + ].]]>i].]]�c% = 1.25 [Cl. 5.5(4)] 

k� = 0.54 [Cl. 5.5(4)] 

ki = k$ = 0.44 [Cl. 5.5(4)] 

δ = 1.0  

The forces can now be expressed, assuming all steel is in tension and yields: 

FA = 	ηfAaλxb = 1.0�20.23��1220��0.8�x = 19744.5x 

Fr =	A+fMa = �400��353.04� = 141217 

F′r =	A′+fMa = �600��400� = 240000 
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Equating tension and compression forces gives the neutral axis depth: 

T + TB = CA 
141217 + 240000 = 19744.5x 

x = 19.31 

The neutral axis depth is less than d’ (56.95 mm), therefore top steel is in tension as 

assumed, and the neutral axis is in the flange.  Now must check strains in steel to verify second 

assumption.  Again, this is done using strain compatibility: 

εA = 	0.0035 

ε+ = 	0.0035 �d − c�c = 0.0035 �340.7 − 19.31�19.31 = 0.0583 > 0.002 

ε′+ = 	0.0035 �d′ − c�c = 0.0035 �56.95 − 19.31�19.31 = 0.0068 > 0.002 

It is also necessary to check that this neutral axis depth satisfies limitations set in order to 

avoid a non-ductile failure: 

 sa%��t = >u.�>�i]._ = 0.057 < w�xyxn = >.]�].ii>.$c = 0.488     .: OK [Cl. 5.5(4)] 

Therefore both top and bottom steel yield as assumed.  Taking moments about the 

compression force gives a flexural capacity of: 

M1 = A+fMa �d − λx2 � + A′+f′Ma �d′ − λx2 � 

= �400��353.04� �340.7 − 0.8�19.31�2 � + �600��400� �56.95 − 0.8�19.31�2 � 

z{ = S|. |}	WX.Y 
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In summary: 

 CSA A23.3-04 ACI 318-08 BS EN 1992-1-1:2004 

Mf 54.49 kN.m 54.39 kN.m 57.28 kN.m 

Mr 57.31 kN.m 61.61 kN.m 58.84 kN.m 
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A.5 Unstrengthened Shear Design 

A.5.1 Unstrengthened Shear Capacity (CSA A23.3-04) 

Using section 11 of A.23.3-04, the shear capacity of the reinforced beam is calculated.  

The contribution of the concrete itself is: 

                                                               VA = ϕAλβFfABb<d~  [Cl.11.3.4] 

VA = 0.65�1.0��0.18�√35.74�300��0.9�340.7�� 
VA = 64.34	kN 

The stirrups’ contribution is calculated as follows: 

                                                     V+ = �����ga�A.��+   [Cl.11.3.5] 

V+ = 0.85�200��460�0.9�340.7�cot35⁰150  

V+ = 228.30	kN 

Therefore the total shear strength of the unreinforced beam is: 

                                                         V1 = VA+V+  [Cl.11.3.3] 

V1 = 64.34 + 228.30 

V1 = 292.64	kN > V� = 57.26	kN.: OK 

Checking Vr,max: 

V1,t-s = 0.25ϕAfABb<d~ 

V1,t-s = 0.25�0.65��35.74��300��0.9�340.7�� 
V1,t-s = 534.25	kN > V1 = 292.64	kN .: OK 

Checking required maximum spacing: 

                                                                0.125λϕAfABb<d~  [Cl.11.3.8.3] 
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= 0.125�1.0��0.65��35.74��300��0.9�340.7�� 
= �`T. V�	WX 

Therefore normally spaced stirrups are allowed.  Maximum spacing is the smallest of: 

                                               s = 6 600	mm0.7d~ = 214.6mm → governs7  [Cl.11.3.8.1] 

Finally, check minimum cross-sectional area of stirrups: 

                                                           A~,t�* = 0.06FfAB ��+�g   [Cl.11.2.8.2] 

A~,t�* = 0.06√30 �300��150�460  

A~,t�* = 35.09mm$ < A~ = 200	mm$.: OK 

Therefore #10M bars are more than satisfactory. 

 

A.5.2 Unstrengthened Shear Capacity (ACI 318-08) 

Now using ACI 318-08, the shear capacity of the unretrofitted beam is calculated.  As 

before, the contribution of the concrete is: 

                                                                    VA = ��[\j b<d  [Cl.11.3.1.1] 

VA = √35.746 �300��340.7� 
VA = 101.84	kN 

The stirrups’ contribution is calculated as follows: 

                                                         V+ = ���ga+   [Cl.11.2.2] 

V+ = �200��460��340.7�150  
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V+ = 208.96	kN 

Therefore the total shear strength of the unreinforced beam is: 

                                                         V* = VA+V+  [Cl.11.3.3] 

V* = 101.84 + 208.96 

V* = 310.80	kN 

Therefore: 

                                                                     ϕ	 = 	0.75  [ACI 9.3.2.3] 

V1 = ϕV* = 0.75�310.80� 
V1 = �UU. V�	WX 

Required maximum spacing is the smallest of: 

                                          s = � 600	mma$ = �i]._tt$ = 170.35mm → governs7  [Cl. 11.4.5] 

Therefore 150 mm spacing satisfies this.  Finally, check minimum cross-sectional area of 

stirrups: 

                                                                   A~,t�* = ��+��g    

A~,t�* = �300��150�3�460�  

A~,t�* = 32.61mm$ < A~ = 200	mm$.: OK 

Therefore #10M bars are more than satisfactory. 

 

A.5.3 Unstrengthened Shear Capacity (EN BS 1992-1-1:2004) 

As with the previous two codes, the shear capacity of the concrete is first calculated: 

  V�a,A = �C�a,Ak�100ρ>fAx�>/� + k>σA��b<d [Cl. 6.2.2(1)] 
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k = 1 + �200d = 1 + � 200340.7 = 1.77 

ρ> = A+�b<d = 400300�340.7� = 0.0039 ≤ 0.02 

σA� = V�aAA = 60820300�340.7� = 0.60 < 0.2fAa = 0.2�20.23� = 4.046 

C�a,A = 0.18γ� = 0.181.5 = 0.12 

k> = 0.15 

V�a,A = �0.12�1.77��100�0.0039��35.7��>� + 0.15�0.60�� �300��340.7� = 61.43	kN 

Now the contribution of the stirrups must be calculated: 

V+ = ��� �g�¡A.��+  [Cl. 6.2.3(3)] 

= �200��0.9�340.7�� 4601.15 cot�35�150  

= 233.55	kN 

Also checking for minimum stirrups: 

���+ = $]]>c] = 1.33 ≥ ���,¢£¤+ = ].]bF�[d�gd b< = ].]b√�c._ij] 300 = 0.31 .: OK [Cl. 6.2.3(3)] 

Therefore the total shear capacity is: 

V1 = V�a,A+V+ = 61.42 + 233.55 = �¥}. ¥T	WX 

In summary: 

 CSA A23.3-04 ACI 318-08 BS EN 1992-1-1:2004 

Vf 57.26 kN 57.17 kN 60.19 kN 

Vr 292.64 kN 233.10 kN 294.97 kN 
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 Note: the original shear strength of the beam is clearly significantly larger than the 

factored applied shear loads using both codes.  Therefore, for the purpose of the remaining 

calculations, only moments are considered. 
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A.6 Strengthened Flexural Design 

This section details the calculations for the flexural strength of the retrofitted beam, using 

CSA S806-02, ACI 440.2R-08 and TR-55.  As previously stated, the new live load is now 

3.6 kPa. 

 

A.6.1 Strengthening Limits 

Before the new flexural capacity of the retrofitted beam can be determined, the 

strengthening limits must first be checked.  Clause 9.2 (ACI 440.2R-08) states that the original, 

unretrofitted structure must be able to maintain a specified load.  This is done so as to limit the 

amount of strengthening through the use of FRP.  The unstrengthened structure is therefore 

expected to resist the load as follows: 

                                              �ϕR*��s�+��*	 ≥ �1.1S45 + 0.75S55�*�<  [Equation 9-1] 

≥ 1.1�15.43� + 0.75�10.8� = 25.08	kN/m 

This gives: 

M�,*�< = w�,*�<L$8 = 25.08�3.806$�8 = 45.41	kN.m ≤ M1 = 61.61	kN.m 

V�,*�< = w�,*�<L2 = 25.08�3.806�2 = 47.73	kN ≤ V1 = 233.10	kN 

Therefore Clause 9.2 in ACI 440.2R-08 is satisfied. 

 

A.6.2 Fire Performance 

Clause 9.2.1 in ACI 440.2R-08 states that in the event of a fire, unless it can be shown 

that the insulating materials maintain the internal temperature of the FRP below Tg, the FRP is to 
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be neglected completely.  Therefore, the nominal resistance of the unstrengthened beam should 

be sufficient to resist the service loads at elevated temperatures: 

                                      R*� ≥ S45 + S55 = 15.48 + 10.8 = 26.23	kN/m  [Equation 9-2] 

This gives: 

M+�1~ = w+�1~L$8 = 26.23�3.806$�8 = 47.50	kN.m 

V+�1~ = w+�1~L2 = 26.23�3.806�2 = 49.92	kN 

Now the unstrengthened beam’s capacity at elevated temperatures must be determined.  

ACI 216R-89 is used for this.  Figure 7.2.2 in ACI 216R-89 shows the expected temperature of 

the bottom reinforcing steel after 2 hours2 of exposure to fire.  By using a value of 400 -

 340.7 = 59.3 mm, and a web width of 300 mm, the temperature of the steel can be expected to 

be around 375⁰C.  Figure 5.1 in ACI 216R-89 subsequently shows that, at 375⁰C, steel retains 

approximately 90% of its yield strength.  Knowing this, the moment capacity of the beam after 

two hours of fire exposure can be calculated, assuming all steel yields and is in tension: 

CA = 	0.85fABbβ>c = 0.85�35.74��1220��0.809�c = 29983.5c 
T = 	A+�0.90�fM = �400��0.90��406� = 146160 

T′ = 	A′+fM = �600��460� = 276000 

Equating tension and compression forces gives the neutral axis depth: 

T + TB = CA 
146160 + 276000 = 29983.5c 

c = 14.08 

                                                 
2 As explained in Chapter 3, representatives from Fyfe LLC Co. desired a minimum two hour fire rating 
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Therefore top steel is in tension, as assumed.  Check strains in the steel to verify second 

assumption: 

εA = 	0.003 

ε+ = 	0.003 �d − c�c = 0.003 �340.7 − 14.08�14.08 = 0.0696 > 0.002 

ε′+ = 	0.003 �d′ − c�c = 0.003 �56.95 − 14.08�14.08 = 0.0091 > 0.002 

Therefore both top and bottom steel yield as assumed.  Taking moments about the 

compression force gives a nominal flexural capacity of: 

M* = A+�0.90�fM �d − β>c2 � + A′+fM �d′ − β>c2 � 

M* = �400��0.90��406� �340.7 − 0.85�14.08�2 � + �600��460� �56.95 − 0.85�14.08�2 � 

M* = 63.11	kN.m > M+�1~ = 47.50	kN.m 

Therefore the beam is allowed to be strengthened with FRP for the new live load 

of 3.6 kPa, as per the two requirements of ACI 440.2R-08. 

 

A.6.3 Strengthened Flexural Capacity (CSA S806-02) 

To begin calculating the strengthened flexural capacity of the beam, a failure mode must 

first be assumed.  For this scenario, the beam’s capacity is governed by the load at which the 

FRP delaminates, before the concrete crushes. This occurs, according to S806-02, when the FRP 

reaches a strain level of 0.007.  Moreover, as the concrete does not crush, the typical α1 and β1 

values do not apply.  It is assumed that all longitudinal steel is in tension, but that only the 

bottom steel yields.  The forces in the beam are therefore: 

CA =	ϕAfABα>bβ>c = 0.65�35.74��1220�αβc = �28341.8�αβc 
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T = 	ϕ+A+fM = 0.85�400��406� = 138040 

TB = ϕ+A+B E+Bε+B =	ϕ+A+B E+Bε-,¨�0 �dB − c��h − c�  

TB = 0.85�600��200000��0.007� �56.95 − c��400 − c� = 714000 �56.95 − c��400 − c�  

T̈ �0 =	ϕ¨�0A¨�0E¨�0ε-,¨�0 = 0.75�100��82000��0.007� = 43050 

Equating tension and compression forces gives the neutral axis depth: 

T + TB +	T̈ �0 = CA 
Trial and error is necessary to solve this quadratic equation.  By assuming neutral axis 

depths, the corresponding strain in the concrete is obtained, which in turn affects the values of α 

and β according to Tables 6.4 and 6.5 in ISIS Module 3.  This will produce a new neutral axis 

depth, and the process continues until convergence.  This inevitably yields a neutral axis depth of 

34.50 mm. 

The neutral axis depth is less than d’ (56.95 mm), therefore top steel is in tension as 

assumed.  Now the strains in the concrete and steel must be checked, in order to verify if they did 

or did not crush/yield as assumed.  This is done using strain compatibility: 

ε¨�0 = 	0.007 

εA =	 ε-,¨�0 A�
�A� = 0.007 ��.c_�i]]���.c_� = 0.0006 < 0.0035 .: Does not crush, as assumed 

ε+ =	ε-,¨�0 �a�A��
�A� = 0.007 ��i]._���.c_��i]]���.c_� = 0.0059 > 0.002 .: Yields, as assumed 

ε′+ =	 ε-,¨�0 �aB�A��
�A� = 0.007 �cj.uc���.c_��i]]���.c_� = 0.0004 < 0.002 .: Does not yield, as assumed 

 

Therefore all assumptions were correct.  Taking moments about the compression force 

gives a flexural capacity of: 
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M1,*�< = ϕ+A+fM �d − βc2 � + ϕ+A′+E+Bε+B �d′ − βc2 � + ϕ¨�0A¨�0E¨�0ε-,¨�0 �h − βc2 � 

M1,*�< = 0.85�400��406� �340.7 − 0.669�33.57�2 �
+ 0.85�600��200000��0.0004� �56.95 − 0.669�33.57�2 �
+ 0.75�100��82000��0.007� �400 − 0.669�33.57�2 � 

M1,*�< = `}. U�WX.Y 

 

A.6.4 Strengthened Flexural Capacity (ACI 440.2R-08) 

The same failure mode will govern as did with CSA S806-02. Namely, FRP will debond, 

concrete will not crush, and bottom steel will yield.  ACI 440.2R-08 also adds conservatism by 

incorporating an exposure factor CE to account for the effects of weathering and other sources of 

external damage.  However, this was taken as 1.0 because the beams were tested a mere 4 weeks 

after installation of the FRP. 

C� = 1.0  

f�, = C�f�,∗ = 1.0�834� = 834	MPa 

ε�, = C�ε�,∗ = 1.0�0.0085� = 0.0085 

Additionally, Clause 10.1.1 further limits the maximum strain in the FRP to account for 

debonding failure.  This yields an effective strain εfd: 

ε�a = 0.41� fABnE�t� ≤ 0.9ε�, = 0.9�0.0085� = 0.0077 

ε�a = 0.41� 35.741�82000��1.0� = 0.0086 ≰ 0.0077 
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Therefore the effective FRP strain is 0.0077.  Assuming all steel is in tension, but only 

the bottom steel yields, the forces in the beam are then: 

                                                 β> 	= 	0.85	– 	0.05	 Z�[\��]^_ 	= 	0.809	  [ACI 10.2.7.3] 

CA = 	0.85fABbβ>c = 0.85�35.74��1220��0.809�c = �29983.5�c 
T = 	A+fM = �400��406� = 162400 

TB = A+B E+Bε+B =	A+B E+Bε�a �dB − c��h − c�  

TB = �600��200000��0.0077� �56.95 − c��400 − c� = 918000 �56.95 − c��400 − c�  

T̈ �0 =	A¨�0E¨�0ε�a = �100��82000��0.0077� = 62730 

Equating tension and compression forces gives the neutral axis depth: 

T + TB +	T̈ �0 = CA 
162400 + 918000 �56.95 − c��400 − c� + 62730 = �29983.5�c 

c = 11.12	mm 

 Checking strains to verify assumptions: 

ε�a = 	0.0077 

εA =	 ε�a A�
�A� = 0.0077 >>.>$�i]]�>>.>$� = 0.0002 < 0.003 .: Does not crush, as assumed 

ε+ =	ε�a �a�A��
�A� = 0.0077 ��i]._�>>.>$��i]]�>>.>$� = 0.0065 > 0.002 .: Yields, as assumed 

ε′+ =	 ε�a �aB�A��
�A� = 0.0077 �cj.uc�>>.>$��i]]�>>.>$� = 0.0009 < 0.002 .: Does not yield, as assumed 

Therefore all assumptions were correct.  Taking moments about the compression force 

gives a flexural capacity of: 
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M*,*�< = A+fM �d − β>c2 � + A′+E+Bε+B �d′ − β>c2 � + Ψ�A¨�0E¨�0ε�a �h − β>c2 � 

M*,*�< = �400��406� �340.7 − 0.809�11.12�2 �
+ �600��200000��0.0009� �56.95 − 0.809�11.12�2 �
+ �0.85��100��82000��0.0077� �400 − 0.809�11.12�2 � 

M*,*�< = 81.32	kN.m 

To find the factored moment resistance, φ must first be determined: 

ϕ
®̄
®° 0.9 ε� ≥ 0.005
0.65 + 0.25Zε� − ε+M^0.005 − ε+M ε+M 	≤ ε� ≤ 0.005

0.65 ε� ≤ ε+M
7 

In this case, εt = εs = 0.0065 ≥ 0.005.  Therefore: 

M1,*�< = ϕM*,*�< = 0.9�81.32� 
M1,*�< = TU. V¥	WX.Y 

 

A.6.5 Strengthened Flexural Capacity (TR-55) 

Once again, the same failure mode will govern.  The European code takes a very similar 

approach to that of the American code.  However, there are several partial factors required in 

order to first determine the appropriate factor for the FRP as follows: 

 γ¨�0,� = 1.10 [Table 4] 

 γ¨�0,t = 1.20 [Table 5] 

 γ¨�0,l = 1.25 [Table 6] 

  γ¨�0,t� = �γ¨�0,t�Zγ¨�0,�^ = �1.20��1.10� = 1.32 [Eq. 5.4] 
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 γ¨�0,tl = �γ¨�0,t�Zγ¨�0,l^ = �1.20��1.25� = 1.50 [Eq. 5.6] 

Using these factors, the design strain and modulus of the CFRP can be calculated: 

            E�a = E±x/γ¨�0,t� = b$]]]>.�$ = 62121	MPa [Eq. 5.5] 

                 ε�a = ε±x/γ¨�0,tl = ].]]bc>.c] = 0.0057 [Eq. 5.5] 

As with the previous codes, the strain in the longitudinal FRP is further limited to ensure 

that no debonding failure occurs.  This is done by limiting the strain in the FRP to the lesser of 

ε�a  and a value of 0.008 (Cl. 6.2.3).  In this case, ε�a governs.  The forces can now be balanced: 

FA = 	ηfAaλxb = 1.0�20.23��1220��0.8�x = 19744.5x 

Fr =	A+fMa = �400��353.04� = 141217 

FBr = A+B E+Bε+B =	AB+E′+ε�a dB − xh − x  

= �600��200000��0.0057� �56.95 − x��400 − x�  

= 680000 �56.95 − x��400 − x�  

F¨�0 =	A¨�0E�aε�a = �400��62121��0.0057� = 35202 

Equating tension and compression forces gives the neutral axis depth: 

Fr + FBr + F¨�0 = FA 
141217 + 680000 �56.95 − x��400 − x� + 35202 = �19744.5�x 

x = 12.86	mm 

 Checking strains to verify assumptions: 

ε¨�0 = 	0.0057 

εA =	 ε�a A�
�A� = 0.0057 >$.bj�i]]�>$.bj� = 0.0002 < 0.003 .: Does not crush, as assumed 



Appendix A: T-Beam Calculations 

 

211 
 

ε+ =	ε�a �a�A��
�A� = 0.0057 ��i]._�>$.bj��i]]�>$.bj� = 0.0048 > 0.002 .: Yields, as assumed 

ε′+ =	 ε�a �aB�A��
�A� = 0.0057 �cj.uc�>$.bj��i]]�>$.bj� = 0.0006 < 0.002 .: Does not yield, as assumed 

It is also necessary to check that this neutral axis depth satisfies limitations set in order to 

avoid a non-ductile failure: 

 sa%��t = >$.bj�i]._ = 0.038 < w�xyxn = >.]�].ii>.$c = 0.488     .: OK [Cl. 5.5(4)] 

Therefore both top and bottom steel yield as assumed.  Taking moments about the 

compression force gives a flexural capacity of: 

M1 = A+fMa �d − λx2 � + A′+f′Ma �d′ − λx2 � + A¨�0E�aε�a �h − λx2 � 

= �400��353.04� �340.7 − 0.8�12.86�2 �
+ �600��400� �56.95 − 0.8�12.86�2 �
+ �100��62121��0.0057� �400 − 0.8�12.86�2 � 

z{ = `S. U�	WX.Y 

In summary: 

 CSA S806-02 ACI 440.2R-08 BS EN 1992-1-1:2004 

Mf,new 64.26 kN.m 64.82 kN.m 67.06 kN.m 

Mr,new 64.30 kN.m 73.19 kN.m 65.30 kN.m 
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A.7 U-wrap Anchorage (ACI 440.2R-08) 

GFRP U-wraps were used to anchor the flexural CFRP strip to the concrete.  This would 

add further resistance to the possibility of cover delamination or FRP debonding.  Though this is 

only a suggestion in CSA S806-02 (Clause 11.3.1.4), ACI 440.2R-08 and TR-55 provide 

quantitative design approaches.   

 

A.7.1 U-wrap Anchorage Design (ACI 440.2R-08) 

According to Clause 13.1.2, anchorage is a requirement for any beam strengthened with 

flexural FRP when the factored shear force at the end of the FRP is greater than 2/3 of the 

concrete strength.  In other words:  

V�,*�< > 23ϕVA 
67.54	kN > 230.75�101.84� = 50.92	kN 

Therefore anchorage is required.  The anchorage system can be evaluated using 

Clause 13.1.2 as follows: 

                                            A�-*A
.1 = ��²�²m�³´¤µ£¶m¡£¤·³��²¸�l²m�·¤[¹´º  [Equation 13-1]  

Where: 

                                                 κ~ = xyxn5¼>>u]]l²m ≤ 0.75 [Equation 11-7] 

Giving: 

                     L� = $��]]�*²�²�²�½.¾¿ = $��]]
À n½Á½½n¿½Á¿%�>.���$]u]]�Â½.¾¿ = 74.15	mm [Equation 11-8] 

                                        k> =  �B[$_%$/� =  �c._i$_ %$/� = 1.21 [Equation 11-9] 
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                                         k$ = a²��5¼a²� = >u]._�_i.>c>u]._ = 0.35   [Equation 11-10] 

Note: Equation 11-10 applies for U-wraps, where dfv is defined in Figure 11.2(a) of 

ACI 440.2R-08.  Therefore: 

                                   κ~ = �>.$>��].�c��_i.>c�>>u]]�]._c�].]>_j�� = 0.35 ≤ 0.75  .: OK 

A�-*A
.1 = �>]]��b�i��$]u]]��].�c��].]>�$� = 1238.53	mm$ < A4�+�	* = 2�1.3��600� = 1560	mm$.: OK 

The minimum development length must also be provided for anchorage: 

la� = �*�²�²F�B[ = �>�$]u]]��>.��√�c._ = 67mm ≤ 250 − 25 = 225	mm .: OK 

Therefore the anchorage design is satisfactory. 

 

A.7.2 U-wrap Anchorage Design (TR-55) 

TR-55 first requires an effective strain in the U-wraps, which is calculated by: 

ε�� = 0.5� �[¶d�²¡�² = 0.5� ].j√�c._>]bbc�>.��0.008 ≤ 0.004 .: Not OK [Eq. 6-5] 

Therefore ε�� = 0.004.  The minimum U-wrap area on each side of the web is then: 

AÄ�<1-� = 0.5 �²Å²¢·Æ�²¡l²¼ = 0.5 �>]]���c$.]$�>]bbc�].]]i� = 404.25	mm$ ≤ 780	mm$ .: OK [Eq. 6-4] 

Check the minimum length along each side of the web: 

lÄ�<1-� = 0.7��²¡�²�[¶d = 0.7�>]bbc�>.��].j√�c._ = 43.98	mm ≤ 250 − 25 = 225	mm .: OK 
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A.8 Moment Resistance under Service Conditions 

In addition to having the necessary ultimate capacity, CSA S806-02 and ACI 440.2R-08 

both require that the retrofitted beam adheres to serviceability limits.  The later specifies in 

Clause 10.2.8 that, under service loads, the steel reinforcement is not to reach 80% of its yield 

strength, nor is the concrete to reach 45% of its compressive strength.  From Section A.6.2, the 

service load is: 

w45+w55,*�< = w+�1~ 

15.43 + 10.8 = 26.23	kN/m 

This gives: 

M+�1~ = w+�1~L$8 = 26.23�3.806$�8 = 47.50	kN.m 

V+�1~ = w+�1~L2 = 26.23�3.806�2 = 49.92	kN 

 

A.8.1 Moment Resistance under Service Conditions (CSA S806-02) 

Though this is not required in the Canadian codes, service conditions will be checked 

regardless.  Due to the low strain in concrete, it can be assumed that it still performs linearly.  

Letting σs = 0.8 fy = 320 MPa and using strain compatibility will yield the neutral axis depth 

(note: for serviceability, all material resistance factors are 1.0, and therefore neglected).  

Assuming the top steel does not yield and the FRP does not debond: 

CA =	12 EAεAbc = 0.5�26902.3��0.8�0.002�� c�340.7 − c� �1220�c = 26256.7 c$�340.7 − c� 
T = 	A+�0.8�fM = �400��0.8��406� = 129920 
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TB = A+B E+Bε+B = �600��200000��0.8�0.002�� �56.95 − c��340.7 − c� = 192000 �56.95 − c��340.7 − c� 
T̈ �0 =	A¨�0E¨�0ε¨�0 = �100��82000��0.8�0.002�� �400 − c��340.7 − c� = 13120 �400 − c��340.7 − c� 

 Setting compression forces equal to tension forces yields a neutral axis depth of 

43.41 mm.  Therefore the strains throughout the beam are: 

ε+ = 	0.0016 

εA =	 ε+ A�a�A� = 0.0016 i$.]$��i]._�i$.]$� = 0.0002 < 0.45�0.0035� = 0.0016 .: OK 

ε′+ =	 ε+ �aB�A��a�A� = 0.0016 �cj.uc�i$.]$���i]._�i$.]$� = 0.0001 < 0.002 .: Does not yield, as assumed 

ε¨�0 =	 ε+ �
�A��a�A� = 0.0016 �i]]�i$.]$���i]._�i$.]$� = 0.0019 < 0.007 .: OK 

 Therefore the moment resistance when the steel has reached 80% of its yield strength is: 

M].b�g = A+�0.8�fM  d − c3% + A′+E+Bε+B  d′ − c3% + A¨�0E¨�0ε¨�0  h − c3% 

M].b�g = �400��0.8��406� �340.7 − 42.023 � + �600��200000��0.0001� �56.95 − 42.023 �
+ �100��82000��0.0019� �400 − 42.023 � 

M].b�g = 48.93	kN.m > M+�1~ = 47.50	kN.m .: OK 

 

A.8.2 Moment Resistance under Service Conditions (ACI 440.2R-08) 

 As in the Canadian code, due to the low strain in concrete, it can be assumed that it still 

performs linearly.  Assuming the top steel does not yield and the FRP does not debond: 

CA =	12 EAεAbc = 0.5�28098.0��0.8�0.002�� c�340.7 − c� �1220�c = 27423.6 c$�340.7 − c� 
T = 	A+�0.8�fM = �400��0.8��406� = 129920 
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TB = A+B E+Bε+B = �600��200000��0.8�0.002�� �56.95 − c��340.7 − c� = 192000 �56.95 − c��340.7 − c� 
T̈ �0 =	A¨�0E¨�0ε¨�0 = �100��82000��0.8�0.002�� �400 − c��340.7 − c� = 13120 �400 − c��340.7 − c� 

 Setting compression forces equal to tensions forces yields a neutral axis depth of 

42.60 mm.  Therefore the strains throughout the beam are: 

ε+ = 	0.0016 

εA =	 ε+ A�a�A� = 0.0016 i>.$i��i]._�i>.$i� = 0.0002 < 0.45�0.0030� = 0.0014 .: OK 

ε′+ =	 ε+ �aB�A��a�A� = 0.0016 �cj.uc�i>.$i���i]._�i>.$i� = 0.0001 < 0.002 .: Does not yield, as assumed 

ε¨�0 =	 ε+ �
�A��a�A� = 0.0016 �i]]�i>.$i���i]._�i>.$i� = 0.0019 < 0.0086 .: OK 

 Therefore the moment resistance at service limits is: 

M].b�g = A+�0.8�fM  d − c3% + A′+E+Bε+B  d′ − c3% + Ψ�A¨�0E¨�0ε¨�0  h − c3% 

M].b�g = �400��0.8��406� �340.7 − 41.243 � + �600��200000��0.0001� �56.95 − 41.243 �
+ �0.85��100��82000��0.0019� �400 − 41.243 � 

M].b�g = 48.98	kN.m > M+ = 47.50	kN.m .: OK 

In summary: 

CSA S806-02  ACI 440.2R-08 

47.50 kN.m Mserv 47.50 kN.m 

48.93 kN.m z�.|ÇÈ 48.98 kN.m 
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A.9 Creep Rupture Limits 

A.9.1 Creep Rupture Limits (CSA S6-06) 

 Clause 5.5.2 in ISIS Module 4 references the Canadian S6-06 Bridge Code in that 

considerations must be made towards the effects of creep under sustained loads.  In order to limit 

these effects, the allowable stress under service loads in the externally-bonded FRP is limited 

based on Table 5.1 in ISIS Module 4.  For CFRP in a building application, the allowable stress is 

0.6 fFRPu.  Giving: 

ÉÊËÌ�ÍÎÏÏÐ = 0.6ÉÊËÌÑ = 0.6�834� = 500.40	ÒÓÔ 

 In section A.8, the service capacity of the retrofitted beam is calculated by setting 

σs = 0.8 fy.  At this load, the service strain in the FRP is 0.0019.  The service stress in the FRP is 

then: 

ÉÊËÌ�ÕÏÎÖ×ÍÏ = ØÊËÌÙÊËÌ�ÕÏÎÖ×ÍÏ 

ÉÊËÌ�ÕÏÎÖ×ÍÏ = 82000�0.0019� = 157.62	ÒÓÔ < ÉÊËÌ�ÍÎÏÏÐ = 500.40	ÒÓÔ 

Therefore the creep limits as specified by ISIS Module 4 and S6-06 are satisfied. 

 

A.9.2 Creep Rupture Limits (ACI 440.2R-08) 

A similar limitation is placed on the allowable FRP service stress in ACI 440.2R-08.  In 

the American code, according to Table 10.1, the allowable stress is 0.55 fFRPu.  Giving: 

ÉÊËÌ�ÍÎÏÏÐ = 0.55ÉÊËÌÑ = 0.55�834� = 458.70	ÒÓÔ 

The service stress in the FRP is then: 

ÉÊËÌ�ÕÏÎÖ×ÍÏ = ØÊËÌÙÊËÌ�ÕÏÎÖ×ÍÏ 

ÉÊËÌ�ÕÏÎÖ×ÍÏ = 82000�0.0019� = 157.54	ÒÓÔ < ÉÊËÌ�ÍÎÏÏÐ = 458.70	ÒÓÔ 

Therefore the creep limits as specified by ACI 440.2R-08 are also satisfied. 
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A.9.3 Stress Rupture as Service Loads (TR-55) 

TR-55 limits the allowable stress in the FRP under sustained service loads in 

Section 6.9.3 (i.e. dead loads).  Based on the type of FRP, its sustained stress is limited by 

Table 8.  Therefore the allowable CFRP stress under dead load is: 

ÉÊËÌ�ÍÎÏÏÐ = 0.65ÉÚÛ = 0.65�352.02� = 228.81	ÒÓÔ 

However, for the purpose of this research, this does not apply.  The flexural FRP strips 

were applied without any reduction in dead load (through jacking or removal of materials prior 

to the installation of the FRP).  Therefore these strips would not experience any sustained loads.  
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A.10 Required Superimposed Load 

CAN/ULC-S101-07 states that a superimposed load is required during the fire test.  This 

load is determined by considering both ultimate and service capacities of the beam.  Back-

calculating from the capacities found earlier throughout Appendix C yields the necessary 

superimposed loads. 

 

A.10.1 Superimposed Load at Ultimate 

Superimposed Load Equations at Ultimate 

The first loading situation to consider is under ultimate conditions.  Using the predicted 

ultimate capacity of the retrofitted concrete beam, an applied loading scheme can be back-

calculated.  To begin, the total unfactored load on the beam can be determined as follows: 

ÜÝ = ÜÞ+Üß  

The inclusion of dead and live load factors will therefore require an overall factor αT: 

àÝÜÝ = àÞÜÞ + àßÜß  

Rearranging now for the overall factor αT: 

αr = α4w4 + α5w5wr = α4w4 + α5w5w4 +w5  

As seen in Section C.3, the live load and dead load UDL’s were fairly similar.   Therefore 

assume a dead load to live load ratio of 1:1.  The previous equation now becomes: 

αr = α4 + α52  

The overall factor can now be applied to flexural calculations.  Shear calculations were 

not used for this, as it was clear in Sections C.5 that the unretrofitted shear reinforcement design 
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was more than capable of resisting a live load of 4.8 MPa.  Therefore flexure was the governing 

failure mode: 

M1 = αrwrL$8  

Rearranging for wT gives: 

wr = 8M1αrL$ = � 2α4 + α5� 8M1L$  

Finally, we obtain the required superimposed load by subtracting the unfactored dead 

load (only self-weight of the beam): 

w+,��1 = � 2α4 + α5� 8M1L$ −w4 

With this equation, the appropriate load factors and predicted strengths of the retrofitted 

beams can be substituted in for each respective code.   

 

Superimposed Load Due to Ultimate Capacity (CSA S806-02) 

Finally, as in Section A.6.3, the flexural capacity of the beams using CSA S806-02 is 

63.40 kN.m.  This yielded a superimposed load of: 

w+,��1 = � 21.25 + 1.5� 8�63.40�3.806$ − 6.07	kN/m = 19.75	kN/m 

 

Superimposed Load Due to Ultimate Capacity (ACI 440.2R-08) 

As seen in Section A.6.4, the flexural capacity of the beams using ACI 440.2R-08 is 

75.90 kN.m.  As before, the superimposed load is: 

w+,��1 = � 21.2 + 1.6� 8�73.19�3.806$ − 6.07	kN/m = 22.80	kN/m 
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Superimposed Load Due to Ultimate Capacity (TR-55) 

From Section A.6.5, the flexural capacity of the beams using TR-55 is 65.30 kN.m.  As 

before, the superimposed load is: 

w+,��1 = � 21.35 + 1.5� 8�65.30�3.806$ − 6.07	kN/m = 19.24	kN/m 

 

A.10.2 Superimposed Load Equations under Service Loads 

As mentioned previously, CAN/ULC-S101-07 also requires considerations be made 

towards serviceability.  Therefore a similar approach must be taken as for ultimate conditions.   

 

Superimposed Load Equations under Service Loads 

The load equation under service conditions is much simpler than at ultimate, as the loads 

are unfactored.  This yields a similar, but simpler equation as before: 

w+,��1 = 8M].b�gL$ −w4 

The predicted service moments for CSA S806-02 and ACI 440.2R-08 found in 

Section C.8 can therefore be used to determine the superimposed load at service for each. 

 

Superimposed Load Due to Service Capacity (CSA S806-02) 

As seen in Section C.8.1, the applied moment under service loads using CSA S806-02 is 

48.93 kN.m.  Therefore: 

w+,��1 = 8�48.93�3.806$ − 6.07	kN/m = 20.95kN/m 
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Superimposed Load Due to Service Capacity (ACI 440.2R-08) 

As seen in Section C.8.2, the applied moment under service loads using ACI 440.2R-08 

is 48.98 kN.m.  Therefore: 

w+,��1 = 8�48.98�3.806$ − 6.07	kN/m = 20.98kN/m 

 

A.10.3 Governing Superimposed Load 

All in all, four possible superimposed loading schemes are obtained: two under ultimate 

conditions and two under service loads.  According to CAN/ULC-S101-07, the lowest 

superimposed load determines the minimum service load to be maintained in a laboratory setting 

throughout the standard 4-hour fire test.  However, for the purpose of this test, the service load 

chosen was larger than all four of these: 24.1 kN/m.  The purpose of this was to ensure that the 

FRP was sufficiently engaged, in order to provide insight into its structural performance at high 

temperatures. 
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A.11 Required Jack Stress 

In the laboratory set-up at the National Research Council of Canada in Ottawa, ON, the 

calculated load in Section C.10 is delivered by a set of 6 jacks.  Therefore, the required pressure 

which is to be applied in order to apply the necessary 29.08 kN/m load must be determined: 

Total	Load	Needed = 	w+,��1L 

= 24.1�3.806� 
= 98.88	kN 

= 20655.55	lbs 
This load is spread out evenly between the six jacks; therefore each is allocated 2752.41 

lbs.  Knowing that each jack has a diameter of 2.5”, the applied jack stress in each jack must be: 

σá-Ax = $]jcc.ccyâã$.cn = 701. 32	psi < 3000	æçè .: OK 
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 Appendix B: 

 Column Calculations 

 

B.1 Introduction 

This appendix has been assembled in order to present the load calculations which were 

conducted for the two columns tested in this thesis: Column A (circular) and Column B (square).  

Three different design codes were used to analyse the axial resistance of the two reinforced 

concrete columns prior to strengthening: CSA A23.3-04 (Canadian), ACI 318-08 (American) 

and BS EN 1992-1-1:2004 (European).  Similarly, three differing design codes were used to 

analyse the capacity of the strengthened columns confined with CFRP: CSA S806-02 

(Canadian), ACI 440.2R-08 (American) and TR-55 (European).  This appendix also presents the 

calculations which were used to determine appropriate service loads during testing of the 

respective columns.  Actual tested values have been used for material properties throughout this 

appendix, and are summarized in the following section. 
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B.2 Column Properties 

B.2.1 Column Height 

As mentioned in Chapter 3, the two columns were previously fabricated as parts of 

separate research projects.  Therefore they have fairly differing dimensions and material 

properties.  However, they did both have the same height: 3810 mm.  As with the beams, this 

was limited by the dimensions of the furnace.  It allowed room for two 38 mm thick square steel 

plates to be attached above and below the columns.  Fixing the top plate to the machine would 

ensure fixed-fixed loading conditions, as is discussed in Chapter 3. 

 

B.2.2 Material Properties 

As with beams, tested concrete and steel material properties were used for the purpose of 

these calculations.  This would provide the most accurate predictions for the specimens’ axial 

capacities, in order to determine appropriate service loads.  Concrete cylinders were tested one 

day prior to each full-scale column test in order to provide an accurate representation of the 

concrete strength.  Mill reports provided the steel strength and stiffness values.   

However, design values were once again used for the FRP material properties, as 

specified by Fyfe’s product PDF files1.  This was done using the same rational as for the beam 

calculations in Appendix A.  Tested values for FRP specimens fabricated in laboratories have 

been shown by representatives of Fyfe LLC Co. to consistently overestimate actual field 

application values.  It was found that field samples had material properties more similar to the 

design values used in these calculations.  Table B.1 summarizes all material property values used 

in this appendix. 

                                                 
1 http://www.fyfeco.com/products/data-sheets-msds/product-abstracts.aspx 
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Table B.1: Column Material Properties 

Material Property Column A Column B 

Concrete 

Compressive 
Strength (MPa) 

37.4 34.4 

Modulus (GPa) 
27.5 

(28.8 for US) 
26.4 

(27.5 for US) 
Failure Strain 
(microstrain) 

3500 
(3000 for US) 

3500 
(3000 for US) 

Steel 

Longitudinal Steel 
Yield Stress (MPa) 

456 477 

Transverse Steel 
Yield Stress (MPa) 

396 NA 

Modulus (GPa) 200 200 

Yield Strain 
(microstrain) 

2000 2000 

Tyfo 
SCH-41 
CFRP 

Ultimate Tensile 
Strength (MPa) 

834 834 

Tensile Modulus 
(GPa) 

82 82 

Strain at Ultimate 
(microstrain) 

8500 8500 

 

B.2.3 Other Column Dimensions 

 The remaining dimensions for the two columns were developed using CSA A23.3-04.  

Chapter 3 thoroughly describes the design process.  Figures 3.49 and 3.50 show the reinforced 

concrete design used for Columns A and B respectively.  The FRP-strengthening designs for the 

two columns are shown in Figures 3.51 and 3.52. 
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B.3 Unstrengthened Axial Capacity 

B.3.1 Column A (circular) 

Canadian (CSA A23.3-04) 

For a concrete strength of 37.35 MPa, the following can be determined as per 

CSA A23.3-04: 

                                        α� 	= 	0.85	– 	0.0015	f� 	= 	0.794	 ≥ 	0.67  [Cl. 10.1.7] 

                                             E� 	= 	4500	�f� 	= 	27501.59	MPa  [Cl. 8.6.2.3] 

The factored axial resistance of a reinforced circular concrete column reinforced with 

transverse spiral steel is determined using: 

                             P�,� =	0.85[α�ϕ�f��A − A"#$ + ϕ"f&A"#] [Cl. 10.10.4] 

                          = 0.85[0.794(0.65)(37.35)(125660 − 2400) + 0.85(456)(2400)] 
                                   = +,-.. +/	01 

Similarly, the unfactored axial resistance of the same column is: 

                            P�,2 =	0.85[α�f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

       = 0.85[0.794(37.35)(125660 − 2400) + (456)(2400)] 
                                  = /.34. ++	01 

American (ACI 318-08) 

For a reinforced concrete column fitted with spiral transverse steel, the reduction factor is 

defined as: 

                                                                  ɸ	 = 	0.75  [Cl. 9.3.2.2] 

The factored axial resistance of the circular reinforced concrete column is therefore: 

            ɸP6 = 	0.85ɸ[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 
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            = 0.85(0.75)[(0.85)(37.35)(125660 − 2400) + (456)(2400)] 
                               = 3-7+. 3/	01 

The unfactored axial resistance is: 

               P6 = 	0.85[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

                               = 0.85[(0.85)(37.35)(125660 − 2400) + (456)(2400)] 
                               = /+89. /9	01 

European (BS EN 1992-1-1:2004) 

 The partial material factors (γm) for concrete and steel are given in Cl. 2.4.2.4(1) and are 

1.5 and 1.15 respectively.  Using this, the factored unconfined concrete strength is: 

f�: = ;.<=�>?
@A = ;.<=(BC.B=)

�.= = 21.17	MPa [Cl. 3.1.6(1)] 

 Therefore the factored axial compressive strength of Column A is: 

 N": = A�,6E#f�; + A" �F?@G  

            = (125660 − 2400)(21.17) + (2400) (H=I)�.�=  

            = 389.. /8	01 

The unfactored unconfined concrete strength is: 

f�; = 0.85f�J = 0.85(37.35) = 31.75	MPa 

 Therefore the unfactored axial capacity of Column A is: 

 N": = A�,6E#f�; + A"f&J 

            = (125660 − 2400)(31.75) + (2400)(456) 
            = 8..4. 9.	01 
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In summary: 

 CSA A23.3-04 ACI 318-08 BS EN 1992-1-1:2004 

Pr,f 2810.24 kN 3192.34 kN 3560.45 kN 

Pr,u 4037.22 kN 4256.46 kN 5007.60 kN 

 

B.3.2 Column B (square) 

Canadian (CSA A23.3-04) 

For a concrete strength of 34.35 MPa, the following can be determined as before: 

                                        α� 	= 	0.85	– 	0.0015	f� 	= 	0.798	 ≥ 	0.67  [Cl. 10.1.7] 

                                             E� 	= 	4500	�f� 	= 	26373.99	MPa  [Cl. 8.6.2.3] 

The factored axial resistance of a reinforced square concrete column with ties is: 

                            P�,� =	0.8[α�ϕ�f��A − A"#$ + ϕ"f&A"#] [Cl. 10.10.4] 

                    = 0.8[0.798(0.65)(34.35)(93025 − 2000) + 0.85(477)(2000)] 
                                  = -7/9. 4+	01 

The unfactored axial resistance of the square column is: 

                           P�,2 =	0.8[α�f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

                                  = 0.8[0.798(34.35)(93025 − 2000) + (477)(2000)] 
                                  = +49.. +-	01 

American (ACI 318-08) 

For a reinforced concrete column fitted with transverse steel ties, the reduction factor is 

defined as: 

                                                                  ɸ	 = 	0.65  [Cl. 9.3.2.2] 

The factored axial resistance of the square column is therefore: 
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            ɸP6 = 	0.8ɸ[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

        = 0.8(0.65)[(0.85)(34.35)(93025 − 2000) + (477)(2000)] 
                               = -,44. 7-	01 

The unfactored axial resistance is: 

              P6 = 	0.8[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

                               = 0.8[(0.85)(34.35)(93025 − 2000) + (477)(2000)] 
                               = +,,7. .7	01 

European (BS EN 1992-1-1:2004) 

 Again, the partial material factors (γm) for concrete and steel are 1.5 and 1.15 

respectively.  Using this, the factored unconfined concrete strength is: 

f�: = 0.85f�JγL = 0.85(34.35)
1.5 = 19.47	MPa 

 Therefore the factored axial capacity of Column A is: 

 N": = A�,6E#f�: + A" �F?@G  

            = (93025 − 2000)(19.47) + (2000) (HCC)�.�=  

            = +9.-. .4	01 

The unfactored unconfined concrete strength is: 

f�: = 0.85f�J = 0.85(34.45) = 29.20	MPa 
 Therefore the unfactored axial capacity of Column B is: 

 N": = A�,6E#f�: + A"f&J 

            = (93025 − 2000)(29.20) + (2000)(477) 
            = 39--. 39	01 
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In summary: 

 CSA A23.3-04 ACI 318-08 BS EN 1992-1-1:2004 

Pr,f 1946.72 kN 1877.91 kN 2601.07 kN 

Pr,u 2760.21 kN 2889.09 kN 3611.36 kN 
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B.4 Strengthened Axial Capacity 

As previously explained, strengthening columns with FRP works by providing additional 

confinement.  This allows the concrete to resist higher compressive stresses than its original 

strength would typically allow.  In order to quantify this, a modified compressive strength of the 

confined concrete (f’cc) must be determined using the appropriate code’s specifications. 

 

B.4.1 Column A (circular) 

Canadian (CSA S806-02) 

                                                  f′�� = 0.85f′� + kOk�fO  [Cl. 11.4.2.2] 

k� 	= 	1.0 

                                             fPQ 	≤ 	 S0.004	E� = 0.004(82000) = 328	MPaϕ�fP2 = 0.75(834) = 625.5	MPa T  [Cl. 8.6.2.3] 

Therefore fFj is equal to 328 MPa. 

fO = 2tQfPQ
D = 2(2)(328)

400 = 3.28	MPa 
kO 	= 	6.7(k�fO)W;.�C = 6.7[(1.0)(3.28)]W;.�C = 5.47	MPa 

Therefore f’cc is equal to: 

f′�� = 0.85(37.35) + 5.47(1.0)(3.28) = 49.71	MPa 
The factored axial resistance of the strengthened circular concrete column reinforced with 

transverse spiral steel is determined using: 

                            P�,� =	0.85[α�ϕ�f��A − A"#$ + ϕ"f&A"#] [Cl. 10.10.4] 

                         = 0.85[0.794(0.65)(49.71)(125660 − 2400) + 0.85(456)(2400)] 
                                  = 3/4,. +7	01 
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For the unfactored axial resistance of the strengthened column, fl will be governed by 

0.004 Ef, as before: 

                                          fPQ 	≤ 	 S0.004	E� = 0.004(82000) = 328	MPafP2 = (834) = 834	MPa T  [Cl. 8.6.2.3] 

Therefore the modified compressive strength of the confined concrete is the same as 

previously calculated, giving: 

                           P�,2 =	0.85[α�f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

       = 0.85[0.794(49.71)(125660 − 2400) + (456)(2400)] 
                                  = 8.9/. 77	01 

American (ACI 440.2R-08) 

                                                           f′�� = f′� + ψ�3.3κYfO  [eq. 12-3]        

                                                                       κY = 1 [Cl. 12.1.1] 

                                                                       κZ = 0.55 [Cl. 12.1.1] 

                                               ε�E = κZε�2 = 0.55(0.0085) = 0.0047 [eq. 12-5] 

fO = 2E�ntQε�E
D = 2(82000)(2)(1.0)(0.0047)

400 = 3.83	MPa 
Check that fl/fc is more than 0.08 as per Section 12.1 of ACI 440.2R-08.  This ensures 

that there is no decrease in stress when approaching the failure strain of the confined concrete 

column: 

fOf′� =
3.83
37.35 = 0.103 > 0.08 

Therefore this is acceptable. Taking ψf as 0.95, f’cc is then equal to: 

f′�� = 37.35 + 0.95(3.3)(1)(3.83) = 49.37	MPa 

The factored axial resistance of the confined circular column is then: 



Appendix B: Column Calculations 

 

234 
 

            ɸP6 = 	0.85ɸ[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

            = 0.85(0.75)[(0.85)(49.37	)(125660 − 2400) + (456)(2400)] 
                               = 3778. ./	01 

When determining the unfactored axial resistance, ψf is taken as 1.0.  Therefore the 

modified compressive strength of the confined concrete is: 

f′�� = 37.35 + 1.0(3.3)(1)(3.83) = 50.00	MPa 
This gives: 

               P6 = 	0.85[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

                               = 0.85[(0.85)(50.00)(125660 − 2400) + (456)(2400)] 
                               = 83,3. .9	01 

European (TR-55) 

 Again, the partial material factors (γm) for concrete and steel are 1.5 and 1.15 

respectively.  However, there are several partial factors required to determine the appropriate 

factor for the FRP as follows: 

 γP^_,` = 1.10 [Table 4] 

 abcd,e = 1.20 [Table 5] 

 γP^_,Z = 1.25 [Table 6] 

  γP^_,f` = (γP^_,f)�γP^_,`$ = (1.20)(1.10) = 1.32 [Eq. 5.4] 

 γP^_,fZ = (γP^_,f)�γP^_,Z$ = (1.20)(1.25) = 1.50 [Eq. 5.6] 

Using these factors, the rupture strain and modulus of the CFRP can be calculated: 

            E�: = EgJ/γP^_,f` = <i;;;
�.Bi = 62121	MPa [Eq. 5.5] 

                 ε�: = εgJ/γP^_,fZ = ;.;;<=
�.=; = 0.0057 [Eq. 5.5] 
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          εj,�2k = 0.6 × ε�: = 0.6(0.0057) = 0.0034 [Eq. 8.3] 

The strengthened capacity can now be determined.  TR-55 approximates the confined 

concrete strength through the use of ratios for stiffness and strain (ρK and ρε respectively).  These 

are calculated as follows: 

ρn = i`op#o
qr.sto>?u>v wx ≥ 0.01 [Eq. 8.1] 

= 2(62121)[2(1)]
y0.85(37.35)0.002 z400 

= 0.0391 

       ρZ = Z{,|}~
Z>v  [Eq. 8.2] 

= 0.0034
0.002  

= 1.7 

The confined concrete compressive strength is therefore: 

 f��: = f�;[1 + 5.25(ρn − 0.01)ρZ]   [Eq. 8.2] 

                                      = 21.17[1 + 5.25(0.0391 − 0.01)1.7] 
                                      = 26.67	MPa 

 The factored strengthened axial capacity of Column A is therefore: 

 N": = A�,6E#f��: + A" �F?@G  

            = (125660 − 2400)(26.67) + (2400) (H=I)�.�=  

            = /+3,. ,-	01 

The unfactored confined concrete will have differing strain and stiffness ratios, and must 

therefore be recalculated: 
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ρn = i`o�#o
qr.sto>?u>v wx ≥ 0.01 [Eq. 8.1] 

= 2(82000)[2(1)]
y0.85(37.35)0.002 z400 

= 0.0517 

       ρZ = Z{,|}~
Z>v  [Eq. 8.2] 

= 0.6(0.0085)
0.002  

= 2.55 

The confined concrete compressive strength is therefore: 

 f��: = f�;[1 + 5.25(ρn − 0.01)ρZ]   [Eq. 8.2] 

                                      = 31.75[1 + 5.25(0.0517 − 0.01)2.55] 
                                      = 49.45	MPa 

 The factored strengthened axial capacity of Column A is therefore: 

 N": = A�,6E#f��: + A"f&J 

            = (125660 − 2400)(49.45) + (2400)(456) 
            = 4-,7. 78	01 

In summary: 

 CSA S806-02 ACI 440.2R-08 TR-55 

Pr,f 3478.29 kN 3995.04 kN 4238.81 kN 

Pr,u 5064.99 kN 5383.06 kN 7189.95 kN 
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B.4.2 Column B (square) 

 Canadian (CSA S806-02) 

                                                  f′�� = 0.85f′� + kOk�fO  [Cl. 11.4.2.2] 

k� 	= 	0.25 

                                             fPQ 	≤ 	 S0.004	E� = 0.004(82000) = 328	MPaϕ�fP2 = 0.75(834) = 625.5	MPa T  [Cl. 8.6.2.3] 

Therefore fFj is equal to 328 MPa. 

D = �bi + hi = �305i + 305i = 431	mm 

fO = 2tQfPQ
D = 2(3)(328)

431 = 4.56	MPa 
kO 	= 	6.7(k�fO)W;.�C = 6.7[(1.0)(4.56)]W;.�C = 6.55	MPa 

Therefore f’cc is equal to: 

f′�� = 0.85(34.35) + 6.55(0.25)(4.56) = 36.67	MPa 
The factored axial resistance of the strengthened square concrete column reinforced with 

transverse steel ties is therefore: 

                           P�,� =	0.8[α�ϕ�f��A − A"#$ + ϕ"f&A"#] [Cl. 10.10.4] 

                  = 0.8[0.798(0.65)(36.67	)(93025 − 2000) + 0.85(477)(2000)] 
                                 = +.3/. /3	01 

For the unfactored axial resistance of the strengthened column, fl will again be governed 

by 0.004 Ef: 

                                          fPQ 	≤ 	 S0.004	E� = 0.004(82000) = 328	MPafP2 = (834) = 834	MPa T  [Cl. 8.6.2.3] 

Therefore the modified compressive strength of the confined concrete again remains the 

same, giving: 
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                           P�,2 =	0.8[α�f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

                                  = 0.8[0.798(36.67	)(93025 − 2000) + (477)(2000)] 
                                  = +,78. -8	01 

American (ACI 440.2R-08) 

                                                           f′�� = f′� + ψ�3.3κYfO  [eq. 12-3]        

                                           D = √bi + hi = √305i + 305i = 431	mm [eq. 12-8] 

r� = 25	mm 

ρ = A"#A = 2000
93025 = 0.0215 

                                                
��
�> =

�W��{({�v|>)v�{�(��v|>)v�
��� W��
�W�� = 0.524 [eq. 12-11]        

                                                κY = ��
�> q�jw

i = 0.524 qB;=B;=w
i = 0.524 [eq. 12-9] 

                                                                   κZ = 0.55 [Cl. 12.1.1] 

                                               ε�E = κZε2 = 0.55(0.0085) = 0.0047 [eq. 12-5] 

fO = 2E�ntQε�E
D = 2(82000)(3)(1.0)(0.0047)

431 = 5.33	MPa 
Once again, check that fl/fc is more than 0.08 as per Section 12.1 of ACI 440.2R-08 to 

ensure no decrease in stress when approaching the failure strain of the confined concrete column: 

fOf′� =
5.33	
34.35 = 0.155 > 0.08 

Therefore this is acceptable. Taking ψf as 0.95, f’cc is then equal to: 

f′�� = 34.35 + 0.95(3.3)(0.524)(5.33	) = 43.11	MPa 
The factored axial resistance of the confined circular column is then: 
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            ɸP6 = 	0.8ɸ[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

            = 0.8(0.65)[(0.85)(43.11)(93025 − 2000) + (477)(2000)] 
                               = ++3.. -,	01 

Again, when determining the unfactored axial resistance, ψf is taken as 1.0.  Therefore 

the modified compressive strength of the confined concrete is: 

f′�� = 34.35 + 1.0(3.3)(0.524)(5.33) = 43.57	MPa 
This gives: 

               P6 = 	0.8[0.85	f��A − A"#$ + f&A"#] [Cl. 10.10.4] 

                               = 0.8[(0.85)(43.57)(93025 − 2000) + (477)(2000)] 
                               = 3/87. 8,	01 

European (TR-55) 

 The partial material factors (γm) for concrete, steel and FRP are the same as for 

Column A.  Using these factors, the rupture strain of the CFRP can be calculated.  This process 

is different for Column B due to the localised stresses and incomplete confinement which 

develop in FRP-strengthened square columns: 

            εj,�2k = ε�: �0.46 qi^>j w + 0.14� [Eq. 8-16] 

= 0.0057 �0.46 y2(25)305 z + 0.14� 
= 0.0012 

                             κE = ^>
� q1 + �

jw = i=
B;= q1 + B;=

B;=w = 0.164 [Eq. 8-17] 

The stiffness and strain ratios can now be calculated: 

ρn = `op#o
qr.sto>?u>v w^> ≥

;.;�
κ� = 0.0610 [Eq. 8.19] 
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= (62121)[3(1)]
y0.85(34.35)0.002 z25 

= 0.5106 ≥ 0.0610 

ρZ = Z{,|}~
Z>v  [Eq. 8.20] 

= 0.0012
0.002  

= 0.6103 

The confined concrete compressive strength is therefore: 

 f��: = f�;[1 + 5.25(κEρn − 0.01)ρZ]   [Eq. 8.18] 

                                      = 19.47[1 + 5.25(0.164(0.5106) − 0.01)0.6103] 
                                      = 24.06	MPa 

 The factored strengthened axial capacity of Column B is therefore: 

 N": = A�,6E#f��: + A" �F?@G  

            = (93025 − 2000)(24.06) + (2000) (HCC)�.�=  

            = 3.-7. 8/	01 

Again, the unfactored confined concrete will have differing strain and stiffness ratios, and 

must therefore be recalculated: 

            εj,�2k = ε�: �0.46 qi^>j w + 0.14� [Eq. 8-16] 

= 0.0085 �0.46 y2(25)305 z + 0.14� 
= 0.0018 

The stiffness and strain ratios can now be calculated: 
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ρn = `op#o
qr.sto>?u>v w^> ≥

;.;�
κ� = 0.0610 [Eq. 8.19] 

= (82000)[3(1)]
y0.85(34.35)0.002 z25 

= 0.6740 ≥ 0.0610 

ρZ = Z{,|}~
Z>v  [Eq. 8.20] 

= 0.6(0.0085)
0.002  

= 0.9155 

The confined concrete compressive strength is therefore: 

 f��: = f�;[1 + 5.25(κEρn − 0.01)ρZ]   [Eq. 8.18] 

                                      = 29.20[1 + 5.25(0.164(0.6740) − 0.01)0.9155] 
                                      = 43.30	MPa 

 The unfactored strengthened axial capacity of Column B is therefore: 

 N": = A�,6E#f��: + A" �F?@G  

            = (93025 − 2000)(43.30) + (2000)(477) 
            = /,78. .7	01 

In summary: 

 CSA S806-02 ACI 440.2R-08 TR-55 

Pr,f 2034.43 kN 2230.18 kN 3019.54 kN 

Pr,u 2895.15 kN 3459.58 kN 4895.09 kN 
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B.5 Service Load Calculations 

 

Based on these findings, an appropriate service load can be back-calculated for each 

column similar to the method used for determining the service load used when testing the beams.  

To begin, the total unfactored load on the column can be determined as follows: 

P� = Px+P�  

The inclusion of dead and live load factors will therefore require an overall factor αT: 

α�P� = αxPx + α�P�  

Rearranging now for the overall factor αT: 

α� = αxPx + α�P�P� = αxPx + α�P�Px + P�  

In Appendix A, the dead load to live load ratio used was 1:1.  However, columns will 

typically see much higher dead loads than beams.  Therefore assume a dead load to live load 

ratio of 2.5:1, as per CAN/ULC S101-07.  The previous equation now becomes: 

α� = αx2.5P� + α�P�2.5P� + P� = 2.5αx + α�3.5  

Therefore, the required superimposed load can be expressed as: 

P"2kE� = P�α� − Px,��O2f6 = 3.5P�2.5αx + α� − Px,��O2f6 

At this point, considerations must also me made towards the strengthening limitations as 

per ACI 440.2R-08: 

                                              (ϕR6)E��"#�6 ≥ (1.1Sx� + 0.75S��)6E�  [Equation 9-1] 

Given the assumption made previously regarding the dead load to live load ratio of 2.5:1, 

equation 9-1 can be simplified:  
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P"2kE� = Sx� + S�� = 2.5S�� + S�� 

S�� = P�2kE�3.5 		; 		Sx� = 2.5P�2kE�3.5  

Therefore: 

(ϕR6)E��"#�6 ≥ 1.1 �2.5P�2kE�3.5 � + 0.75 yP�2kE�3.5 z 

B.5.1 Column A (circle) 

 

First the dead load of the column must be determined: 

Px,��O2f6 = �π y0.4002 zi¡ (3.810)(2350)(9.81) = 11.04	kN 

 Now the equation developed above can be applied, using the correct load factors for the 

respective design code: 

Canadian (CSA A23.3-04) 

P"2kE� = 3.5P�2.5αx + α� − Px,��O2f6 = 3.5(3478.29)
2.5(1.25) + 1.5 − 11.04 = +9+-. -,	01 

Checking strengthening limitations: 

(ϕR6)E��"#�6 = 2810.24 ≥ 1.1 �2.5(2621.18	)3.5 � + 0.75 y2621.18	3.5 z = 2621.18	kN 

Therefore strengthening limits are satisfied. 

American (ACI 318-08) 

P"2kE� = 3.5P�2.5αx + α� − Px,��O2f6 = 3.5(3995.04)
2.5(1.2) + 1.6 − 11.04 = 3.+,. 94	01 

Checking strengthening limitations: 

(ϕR6)E��"#�6 = 3192.34 ≥ 1.1 y2.5(3028.67)3.5 z + 0.75 y3028.673.5 z = 3028.67	kN 
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Therefore strengthening limits are satisfied. 

European (BS EN 1992-1-1:2004) 

P"2kE� = 3.5P�2.5αx + α� − Px,��O2f6 = 3.5(4238.81)
2.5(1.35) + 1.5 − 11.04 = 3.3+. +-	01 

Checking strengthening limitations: 

(ϕR6)E��"#�6 = 3560.45 ≥ 1.1 y2.5(3032.21)3.5 z + 0.75 y3032.213.5 z = 3032.21	kN 

Therefore strengthening limits are satisfied. 

 

B.5.2 Column B (square) 

Calculating the dead load for the second column: 

Px,��O2f6 = (0.305)i(3.810)(2350)(9.81) = 8.17	kN 

Canadian (CSA A23.3-04) 

P"2kE� = 3.5P�2.5αx + α� − Px,��O2f6 = 3.5(2034.43)
2.5(1.25) + 1.5 − 8.17 = -83-. /.	01 

Checking strengthening limitations: 

(ϕR6)E��"#�6 = 1946.72 ≥ 1.1 y2.5(1531.40)3.5 z + 0.75 y1531.403.5 z = 1531.40	kN 

Therefore strengthening limits are satisfied. 

American (ACI 318-08) 

P"2kE� = 3.5P�2.5αx + α� − Px,��O2f6 = 3.5(2230.18)
2.5(1.2) + 1.6 − 8.17 = -9,,. 4-	01 

Checking strengthening limitations: 

(ϕR6)E��"#�6 = 1877.91 ≥ 1.1 y2.5(1688.71)3.5 z + 0.75 y1688.713.5 z = 1688.71	kN 

Therefore strengthening limits are satisfied. 
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European (BS EN 1992-1-1:2004) 

P"2kE� = 3.5P�2.5αx + α� − Px,��O2f6 = 3.5(3019.54)
2.5(1.35) + 1.5 − 8.17 = +-87. 4.	01 

Checking strengthening limitations: 

(ϕR6)E��"#�6 = 1877.91 ≥ 1.1 y2.5(2159.70)3.5 z + 0.75 y2159.703.5 z = 2159.70	kN 

Therefore strengthening limits are satisfied. 
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B.6 Summary 

This appendix summarised the capacity and service load calculations which were 

prepared in order to determine an appropriate service load for the four hour fire test of each 

column.  The findings from this process are shown in Table B.2: 

 

Table B.2: Factored and unfactored capacities before and after strengthening of columns A and B 

Column Design Codes 

Unwrapped 

Strength 

(kN) 

FRP-

wrapped 

Strength 

(kN) 

Increase in 

Strength 

(kN) 

Increase in 

Strength 

(%) 

Calculated 

Applied Test 

Load (kN) 

A 

CSA A23.3-04 (F) 2810.24 - - - - 

ACI 318-08 (F) 3192.34 - - - - 

BS EN 1992-1-1:2004 (F) 3560.45 - - - - 

CSA A23.3-04 (U) 4037.22 - - - - 

ACI 318-08 (U) 4256.46 - - - - 

BS EN 1992-1-1:2004 (U) 5007.60 - - - - 

CSA S806-02 (F) - 3478.29 668.05 23.8% 2621.18 

ACI 440.2R-08 (F) - 3995.04 802.70 25.1% 3028.67 

TR-55 (F) - 4238.81 678.35 19.1% 3032.21 

CSA S806-02 (U) - 5064.99 1027.77 25.5% - 

ACI 440.2R-08 (U) - 5383.06 1126.60 26.5% - 

TR-55 (U) - 7189.95 2182.36 43.6% - 

B 

CSA A23.3-04 (F) 1946.72 - - - - 

ACI 318-08 (F) 1877.91 - - - - 

BS EN 1992-1-1:2004 (F) 2601.07 - - - - 

CSA A23.3-04 (U) 2760.21 - - - - 

ACI 318-08 (U) 2889.09 - - - - 

BS EN 1992-1-1:2004 (U) 3611.36 - - - - 

CSA S806-02 (F) - 2034.43 87.71 4.5% 1531.40 

ACI 440.2R-08 (F) - 2230.18 352.28 18.8% 1688.71 

TR-55 (F) - 3019.54 418.47 16.1% 2159.70 

CSA S806-02 (U) - 2895.15 134.94 4.9% - 

ACI 440.2R-08 (U) - 3459.58 570.49 19.7% - 

TR-55 (U) - 4895.09 1283.73 35.5% - 

Note: (F) and (U) refer to factored and unfactored respectively 
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 Appendix C: 

 Insulation Readings 

 

C.1 Introduction 

This appendix has been assembled in order to present the data recorded from the 

measured insulation thicknesses.  A depth-gauge was used to verify that the specified depths had 

been reached everywhere insulation was applied, on all three types of specimens: slabs, beams 

and columns.  Insulation thicknesses were measured in conjunction with a representative from 

the Underwriters Laboratories of Canada.   

 

C.2 Slabs 

Slab insulation thicknesses were measured in the form of a grid, with seven 

measurements taken along five lines running parallel with the FRP.  Two of these lines ran along 

the centre of the two CFRP strips.  A third line ran in between the strips.  Finally, the remaining 
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two were done between the FRP and the outside edges.   Findings from these readings are shown 

in Tables C.1 and C.2 for Slabs A and B respectively. 

 

Table C.1: Insulation Thicknesses for Slab A (mm) 
 

Distance from 
Top Edge (mm) 

Distance from Left Edge (mm) 
100 289 478 668 857 1046 1235 

100 24 21 21 22 21 22 21 
339 19 18 18 19 18 19 20 
478 17 20 19 20 21 22 19 
617 19 21 19 19 21 21 20 
855 24 21 20 21 20 19 21 

 
 

Table C.2: Insulation Thicknesses for Slab B (mm) 
 

Distance from 
Top Edge (mm) 

Distance from Left Edge (mm) 
100 289 478 668 857 1046 1235 

100 36 37 33 32 35 37 39 
339 35 35 30 30 33 35 36 
478 31 36 32 33 33 34 33 
617 32 36 30 30 33 33 33 
855 34 37 31 31 30 34 37 

 
 
Slab A was fitted with an average of 20 mm of insulation, while Slab B was given 

34 mm.  These were both slightly larger than the specified thicknesses of 19 mm and 32 mm. 

 

C.3 Beams 

Beam insulation thicknesses were measured at eight locations along the span.  Three 

equally spaced measurements were taken from the soffit at each location, along with two from 

either side of the web.  At locations where insulation was sprayed up to and including a portion 
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of the flange, a single flange insulation thickness was also taken from each side.  Findings from 

these readings are shown in Tables C.3 and C.4 for Beams C and D respectively. 

 
Table C.3: Insulation Thicknesses for Beam C (mm) 

 

Location 
Thickness Readings (mm) 

Flange Web (side) Web (bottom) Web (side) Flange 
6" from North End 11 13 11 15 15 16 16 16 12 
16" from North End 11 15 16 16 17 17 14 13 11 

36" from Centre 14 19 18 16 16 17 12 13 11 
12" from Centre 9 14 16 17 16 16 15 15 11 
12" from Centre 10 16 15 17 16 14 18 19 12 
36" from Centre 12 17 16 17 17 17 13 14 10 

20" from South End 11 14 12 14 13 12 13 16 12 
4" from South End 12 15 14 12 13 13 13 14 10 

 
 

Table C.4: Insulation Thicknesses for Beam D (mm) 
 

Location 
Thickness Readings (mm) 

Flange Web (side) Web (bottom) Web (side) Flange 
6" from North End 7 14 19 18 18 18 23 23 11 

16" from North End 7 18 22 21 20 19 22 21 9 

36" from Centre - 20 19 19 19 21 20 19 - 

12" from Centre - 20 20 21 21 20 20 18 - 

12" from Centre - 20 20 21 19 20 19 21 - 

36" from Centre - 20 19 20 20 21 21 21 - 

20" from South End 14 20 22 19 18 19 18 18 11 

4" from South End 20 19 18 18 17 19 20 19 15 
 
 
Beam C was fitted with an average of 15 mm of insulation, while Beam D was given 

20 mm.  These were both slightly larger than the specified thicknesses of 13 mm and 19 mm.  

Note that the flange insulation thickness readings were not included in these averages, as this 

insulation was not protecting any of the FRP strengthening system. 
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C.4 Columns 

Column insulation thicknesses were measured at six different heights, with eight 

measurements taken at each height.  In Column A, these were distributed evenly around the 

circumference.  In Column B, two measurements were taken from each side, spaced evenly.  

Findings from these readings are shown in Tables C.5 and C.6 for Beams C and D respectively. 

 
Table C.5: Insulation Thicknesses for Column A (mm) 

 

Location 
Thickness Readings (mm) 

A B C D E F G H 
18'' from Top 13 16 14 18 15 15 13 13 
42'' from Top 17 15 19 15 15 17 13 14 
66'' from Top 15 13 17 16 15 14 15 13 

60'' from Bottom 17 17 13 13 13 14 13 14 
36'' from Bottom 17 16 15 15 13 15 14 15 
12'' from Bottom 15 18 13 15 17 13 14 15 
 

 
Table C.6: Insulation Thicknesses for Column B (mm) 

 

Location 
Thickness Readings (mm) 

A B C D E F G H 
16'' from Top 20 21 19 19 18 18 17 21 
40'' from Top 20 21 21 19 16 16 19 21 
64'' from Top 17 18 18 16 22 20 18 20 

64'' from Bottom 17 16 18 19 17 19 19 19 
40'' from Bottom 16 17 20 21 20 18 17 20 
16'' from Bottom 17 16 19 15 19 19 17 19 
 

Column A was fitted with an average of 15 mm of insulation, slightly larger than the 

specified thickness of 13 mm.  Column B was given 19 mm, exactly as specified. 

 


