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Abstract 

Precast concrete sandwich panels are commonly used on building exteriors. They are typically 

composed of two concrete wythes that surround rigid insulation. They are advantageous as they 

provide both structural and thermal resistance. The structural response of sandwich panels is 

heavily influenced by shear connectors that link the wythes together. 

This thesis presents a study on partially composite non-prestressed precast concrete wall 

panels. Nine flexure tests were conducted on a wall design incorporating ‘floating’ concrete studs 

and Glass Fibre Reinforced Polymer (GFRP) connectors. The studs encapsulate and stiffen the 

connectors, reducing shear deformations. Ultimate loads increased from 58 to 80% that of a 

composite section as the connectors’ reinforcement ratio increased from 2.6 to 9.8%. This design 

was optimized by reinforcing the studs and integrating them with the structural wythe; new 

connectors composed of angled steel or Basalt-FRP (BFRP) were used. 

The load-slip response of the new connector design was studied through 38 double shear 

push-through tests using various connector diameters and insertion angles. Larger connectors 

were stronger but more likely to pull out. Seven flexure tests were conducted on the new wall 

design reinforced with different combinations of steel and BFRP connectors and reinforcement. 

Composite action varied from 50 to 90% depending on connector and reinforcement material. 

Following this study, the axial-bending interaction curves were established for the new wall 

design using both BFRP and steel connectors and reinforcement. Eight panels were axially loaded 

to predesignated loads then loaded in flexure to failure. A technique is presented to 

experimentally determine the effective centroid of partially composite sections. Beyond the 

tension and compression-controlled failure regions of the interaction curve, a third region was 

observed in between, governed by connector failure. 



 

 

iii

Theoretical models were developed for the bond-slip behaviour of the shear connection and 

to analyze the full panel’s flexural and axial response to determine the longitudinal shear force 

transferred between wythes and account for partial composite behavior. The models were 

validated against experiments and used to conduct a parametric study. Among several interesting 

findings, the study demonstrated how composite action increases with the slenderness of axially 

loaded panels. 
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Notation 

The following symbols are used in this thesis: 

Af  = Cross sectional area of facade wythe (Chapter 8) 

AFC = Cross sectional area of a fully composite section 

Ag = Total gross cross-sectional area of section 

Ain  = Insulation foam area subject to shear force, generally equal to bL 

As  = Cross sectional area of structural wythe (Chapter 8) 

  = Cross sectional area of longitudinal reinforcement (Chapter 9) 

Asc  = Cross sectional area of a shear connector 

a  = Length of constant shear region in a section under 4-point bending 

b = Total width of beam element 

beff  = Effective panel cross-section width 

bw = For sections with webs and/or ribs, the width of the web and/or rib 

C  = Minimum cover from centre of shear connector to edge of concrete, used in pullout 

calculations 

Dexp  = Experimentally derived flexural rigidity accounting for shear deformation in the 

insulation layer 

DFC  = Theoretical fully composite section flexural rigidity 

DNC  = Theoretical non-composite section flexural rigidity 

Dδ  = Section flexural rigidity determined experimentally based on deflections 

Dθ  = Section flexural rigidity determined experimentally based on end rotation 

d = Distance from extreme compression fibre to centroid of tension reinforcement 

di  = Distance from extreme compression fibre to centroid of ith layer of reinforcement (1 = 

topmost) 
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dv = Effective shear depth, taken as the greater of 0.9d and 0.72h 

ds/dx  = Strain discontinuity between wythes causing longitudinal shear deformation through 

the insulation layer 

E  = Reference Young’s modulus for transformed section, in this case that of concrete 

(Chapter 8) 

Ec  = Concrete elastic modulus 

Efrp  = FRP reinforcement or shear connector modulus of elasticity 

Em  = Post-yield modulus of steel reinforcement and connectors accounting for strain 

hardening  

Es  = Steel reinforcement or shear connector modulus of elasticity 

Esc  = Shear connector elastic modulus 

EI = Section flexural rigidity 

EItest  = Experimentally determined section flexural rigidity 

EIFC  = Theoretical fully composite section flexural rigidity 

EINC  = Theoretical non-composite section flexural rigidity 

ei = Initial eccentricity of applied axial load relative to a section’s centroid 

ei,FC  = Eccentricity of applied axial load relative to a section’s centroid assuming fully 

composite behaviour 

ei,NC  = Eccentricity of applied axial load relative to a section’s centroid assuming fully non-

composite behaviour  

eFC  = Eccentricity of load relative to the centroid of a fully composite section (Chapter 8) 

em = Change in the eccentricity of applied axial load arising from shifting anchor rods used 

to stress the specimen 

eNC  = Eccentricity of load relative to the centroid of a fully composite section (Chapter 8) 
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ePC  = Eccentricity of load relative to the centroid of a partially composite section (Chapter 

8) 

F = Shear force transferred between wythes in a partially composite section (used to 

evaluate curvature based composite action) (Chapter 4) 

= Applied flexural load from actuator (Chapters 7,9) 

Fac  = Axial force developed in an angled shear connector 

Fc = Theoretical shear force transferred between wythes in a fully composite section (used 

to evaluate curvature based composite action) 

FCi  = Concrete force in ith layer (1 = topmost) 

Fri  = Reinforcement force in ith layer (1 = topmost) 

Fu,FC  = Fully composite panel ultimate flexural load 

Fu,NC  = Non-composite panel ultimate flexural load 

Fu,PC  = Partially composite panel ultimate flexural load 

fb = Stress at extreme bottom concrete fibre 

fc = Stress in concrete at strain εc  

fc’  = Compressive strength of concrete 

fcr  = Concrete rupture stress 

ffrp  = Stress in FRP reinforcement or shear connector at strain εfrp  

fs  = Stress in steel reinforcement at strain εs  

fsu  = Ultimate tensile strength of steel shear connectors 

fsy = Tensile yield stress of steel shear connectors 

ft = Stress at extreme top concrete fibre 

ftr,bond  = Maximum normal stress in shear connector before failure by pullout or bond failure 

ftr,strength  = Maximum normal stress in shear connector before material failure 

fu  = Ultimate strength of steel reinforcement and shear connectors 
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fu,in  = Tensile strength of insulation foam 

fu,frp  = Tensile strength of FRP bar 

fu,sc  = Tensile strength of shear connector 

fy  = Yield strength of steel reinforcement and shear connectors 

Gc  = Effective shear connection stiffness accounting for both shear connectors and 

insulation 

Gin  = Shear modulus of insulation foam 

h = Total section depth 

hf  = Depth of the façade wythe 

hin  = Depth of the insulation layer 

hs  = Depth of the structural wythe 

Ieff  = Effective moment of inertia accounting for partial composite action 

Iexp = Experimentally derived section moment of inertia 

IFC = Theoretical moment of inertia for a fully composite section 

INC = Theoretical moment of inertia for a non-composite section 

Isc  = Shear connector moment of inertia 

J = Member deformability index evaluated using the ‘J-Factor’ technique presented by 

Jaegar et al. (1995) (Appendix A) 

Je = Member deformability index evaluated using energy methods (Appendix A) 

K  = Ratio of experimental to predicted results 

k = Effective length factor to account for end conditions in a section subjected to axial 

load 

L = Total member length 

Lac  = Initial unsupported length of angled shear connector passing through insulation layer 

(Chapter 5) 
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Le = Column effective length (kL) (Chapters 4,7) 

 = Embedment length of connectors into structural wythe (Chapter 5) 

Lsc  = Initial unsupported length of angled shear connector passing through insulation layer 

le  = Shear connector embedment length 

M = Applied moment 

Ma = Total applied moment including axial force-eccentricity, slenderness effects, and 

flexure (Chapter 4) 

Mcr = Section cracking moment 

Mi = Component of applied moment resisted by the structural wythe 

Mn = Ultimate nominal section moment resistance 

M0 = First order applied moment from axial loads (Ne) 

Mo = Component of applied moment resisted by the façade wythe 

Mr = Ultimate nominal section moment resistance 

Ms = Applied moment under service loads 

Msw  = Applied moment due to self-weight 

Mu  = Applied moment at ultimate 

Mu,FC = Theoretical ultimate moment of a fully composite section  

Mu,NC = Theoretical ultimate moment of a fully non-composite section 

Mu,test  = Experimental ultimate moment of a section 

MD = Applied moment from dead load only 

ML = Applied moment from live load only 

MNL  = Applied midspan moment at point of first material non-linearity 

M0.001 = Applied moment when the peak concrete compression strain reaches 0.001, used for 

deformability calculations 

N = Applied axial load (Chapters 4,8) 
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Nf  = Axial load resisted by the facade wythe 

Ns  = Axial load resisted by the structural wythe 

Nu,FC  = Ultimate axial load resistance in a fully composite member 

Nu,NC  = Ultimate axial load resistance in a non-composite member 

Nu,PC  = Ultimate axial load resistance in a partially composite member 

n  = Number of transverse rows of shear connectors  

P  = Applied axial load (Chapter 7) 

Pexp  = Experimental applied flexural load from actuator (Chapter 6) 

PD = Equivalent applied actuator flexural load from dead load only (Chapter 6) 

PF = Flexural load applied from actuator at ultimate 

PFC  = Theoretical fully composite applied flexural load (Chapter 6) 

PL = Equivalent applied actuator flexural load from live load only (Chapter 6) 

PNC  = Theoretical non-composite applied flexural load (Chapter 6) 

s  = Shear connector longitudinal spacing 

Uu = Strain energy (integral of load-deflection curve at midspan) at ultimate 

U0.001 = Strain energy (integral of load-deflection curve) when the peak concrete compression 

strain reaches 0.001, used for deformability calculations 

Vax  = Total contribution to longitudinal shear resistance from shear connectors at slip, δs 

Vc = Shear resistance provided by concrete section 

Vdw  = Contribution to longitudinal shear resistance from dowel action at slip, δs  

Vf = Shear resistance provided by FRP stirrups 

Vin  = Insulation foam contribution to longitudinal shear resistance under a slip δs 

Vin,max  = Maximum insulation foam contribution to longitudinal shear resistance 

VL  = Longitudinal shear force transferred between wythes at slip, δ  

VL,FC  = VL in a fully composite panel, causes εsc = 0  



 

 

xxxix

Vn = Section nominal shear resistance including contributions from concrete and stirrups  

Vnorm = Normalized shear resistance, equal to /   

Vr = Total section shear resistance including contribution from concrete and stirrups  

Vsc  = Total resistance to longitudinal shear provided by the shear connectors and insulation 

under a slip of δs  

Vtr  = Truss action contribution to longitudinal shear resistance at slip, δs  

Vtr,b  = Maximum truss action contribution to longitudinal shear resistance before buckling  

Vtr,bond  = Maximum truss action contribution to longitudinal shear resistance before pullout or 

bond failure  

Vtr,max  = Maximum truss action contribution to longitudinal shear resistance  

Vtr,strength  = Maximum truss action contribution to longitudinal shear resistance before bar rupture 

X  = Thickness of insulation layer spanned by shear connectors 

Z = Distance between the centroids of the structural and façade wythes 

α  = Bar location factor for bond length calculation 

α1  = Bond characteristic factor for tension stiffening evaluation 

α2  = Nature of loading factor for tension stiffening evaluation 

γc  = Concrete density 

δ  = Panel deflection  

δs  = Relative slip between wythes 

δCL = Member midspan deflection 

δNL  = Member midspan deflection at point of non-linearity 

δu  = Member midspan deflection at ultimate 

ε  = Axial strain in wythes (Chapter 8) 

εac  = Strain in truss connectors 
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εb = Strain at the extreme bottom (tension) fibre of a sandwich beam 

εc = Strain in concrete, typically referring to peak compression strain 

εc’  = Concrete strain at peak compressive stress, fc’  

εcr  = Concrete rupture strain  

εci  = Concrete strain in ith layer (1 = topmost)  

εfrp  = Strain in FRP reinforcement  

εcu  = Concrete strain at crushing  

εri  = Reinforcement strain in ith layer (1 = topmost)  

εs  = Steel reinforcement strain 

εsc,a  = Axial strain in angled shear connector 

εsc  = Differential strain between concrete wythes 

εsc,NC  = Differential strain between concrete wythes in a non-composite section 

εsu  = Strain in steel reinforcement at ultimate 

εt = Strain at the extreme top (compression) fibre of a sandwich beam4 

εu,frp  = Strain in FRP reinforcement at ultimate 

εy  = Strain in steel reinforcement or shear connectors at yielding 

ζ = Ratio of axial load transferred from the structural to the façade wythe 

ζmax = Maximum ratio of axial load transferred from the structural to the façade wythe 

θ  = Initial inclination, in degrees, of angled connector relative to the horizontal connector 

θ’  = Revised connector inclination, in degrees, at slip, δs 

θf  = End rotation of the façade wythe 

θs  = End rotation of the structural wythe 

κ  = Degree of composite action 

κD  = Degree of composite action based on midspan deflection 
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κEI  = Degree of composite action based on effective flexural rigidity 

κf = Degree of composite action based on extreme fibre stresses 

κI = Degree of composite action based on the slope of the moment-curvature diagram 

κs  = Degree of strength based composite action based on service load (Chapter 6) 

 = Degree of strength based composite action (Chapter 7) 

κu  = Degree of strength based composite action based on ultimate load 

κy  = Degree of strength-based composite action based on yield load 

κψ = Degree of composite action in a sandwich panel based on curvature 

ρ = Flexural reinforcement ratio equal to As/bd for rectangular sections 

ρb = Balanced flexural reinforcement ratio of a section where compression and tension-

controlled failure occurs simultaneously 

ρmin = Minimum permitted flexural reinforcement ratio (often set to prevent sudden failure 

after cracking) 

ρv  = Shear connector reinforcement ratio (total area of connectors/bL)  

τsy = Yield stress of steel shear connector under shear from Von Mises criteria 

φ  = Shear connector diameter 

ψ  = Curvature of a section under bending 

ψf  = Curvature in the facade wythe 

ψn = Curvature of a section under bending at ultimate 

ψs  = Curvature in the structural wythe 

ψ0.001 = Curvature of a section under bending when the concrete compression strain reaches 

0.001, used for deformability calculations 

Δy = Midspan deflection when longitudinal reinforcement first yields 

Δu  = Midspan deflection at ultimate 
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Ψ  = Member deformability index (Chapter 6) 

Ψu = Member deformability index based on ultimate load (Chapter 4) 

Ψ90 = Member deformability index based on the point when load decreases to 90% of 

ultimate (Chapter 4) 
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Chapter 1 

Introduction 

1.1 Background 

The increased economic and environmental cost of space heating and cooling has spurred interest 

in raising the thermal resistance of building envelopes. At the same time, higher construction 

labour costs are driving designers to select prefabricated elements which can be constructed with 

higher quality control and assembled on site quicker and with less trades than traditional in-situ 

construction. Precast Concrete Sandwich Panels, also known as insulated concrete walls or 

integrally insulated walls, are thermally efficient prefabricated elements that address both of these 

needs. 

Sandwich panels have successfully been used as exterior cladding and load-bearing members 

in buildings for several decades. Sandwich panels are typically composed of two reinforced 

concrete skins (known as wythes) that surround a central layer of rigid foam insulation. Structural 

continuity between the concrete layers is provided by mechanical ties known as shear connectors. 

Panels range in size from single storey elements to sections that may be as large as 14 m long and 

4 m wide. The insulation thickness is chosen depending on the building’s required thermal 

resistance while wythes are sized based on the design loads. The wythes are often prestressed to 

prevent cracking during handling and installation. 

Panels are designated based on the degree of longitudinal shear transferred through the 

insulation layer by the shear connectors. Fully composite walls have complete shear transfer 

(wythes act as a unit), non-composite walls have zero shear transfer (wythes act independently), 

and partially composite walls lie between the two extremes. Full and non-composite walls can be 

readily assessed with reinforced concrete design codes and techniques. However, predicting the 
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behaviour of partially composite walls is much more cumbersome as the shear deformation 

through the insulation layer needs to be considered. 

Though fully composite walls are more structurally efficient than non-composite walls as 

they are able to resist design loads with less material, some designers prefer non-composite walls. 

Fully composite walls are much more susceptible to thermal bowing than non-composite walls; 

they also have reduced thermal efficiency as thermal bridging occurs through the higher area of 

shear connectors required to provide composite behaviour.  

Shear connectors are available in innumerable configurations including, but not limited to: 

discrete pins, truss-connectors, mesh grids, and solid concrete regions. Traditional connectors are 

composed of solid concrete or steel but Fibre Reinforced Polymer (FRP) connectors are now 

often used because they provide structural capacity while minimizing thermal bridging. Shear 

connectors are the primary contributor to the degree of composite action in a panel design. 

Generally, truss and grid connectors give high degrees of composite action while discrete pin-

type connectors give low degrees of composite action. 

If properly understood, partially composite walls have the potential to provide systems that 

optimize thermal and structural efficiency. This thesis investigates in detail the effect of various 

shear connector arrangements on the partial composite action of sandwich panels subject to 

flexural and combined flexural-axial loading. 

1.2 Research Objectives 

The research program presented in this thesis is intended to develop an in-depth understanding of 

the nature of partial composite behaviour in precast concrete sandwich panels and the impact of 

varying shear connector layout and material on panel flexural and combined axial-flexural 

response. The specific objectives are grouped into three categories, as discussed in the following 

section. 
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1.2.1 Flexural Performance 

The flexural performance of two different panel designs are evaluated in this thesis. The first 

design incorporates steel or GFRP shear connectors inserted normal to the wall face. The 

connectors are stiffened through the insulation layer using a concrete ‘stud’ that is not 

monolithically cast with either wythe. The primary objective of this study is to evaluate the shear 

connection reinforcement ratio’s impact on panel response. 

The second design incorporates steel or BFRP shear connectors inserted both normal and at 

45 degree angles to the wall face. The concrete stud is integrated with one of the wythes to create 

a structural wythe. The primary aim of this study is to investigate the effect of changing the 

longitudinal and shear connection reinforcement from steel to BFRP on the panel design’s degree 

of partially composite action, failure mode, and general load-deflection response. 

1.2.2 Combined Axial Load – Flexural Performance 

The second panel design is further investigated under combined flexural and axial loading. The 

primary objectives of this program are to develop a technique to determine the effective plastic 

centroid of partially composite wall panels under axial load, experimentally determine the 

interaction diagram for partially composite wall panels, evaluate the degree of partial composite 

action of panels under axial load, and to compare the performance of panels reinforced with steel 

reinforcement and shear connectors to panels reinforced with BFRP reinforcement and shear 

connectors. 
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1.2.3 Partial Composite Action Model 

Two analytical models that evaluate the response of partially composite sandwich panels (one for 

panels loaded in flexure and one for panels loaded under axial loads) are presented in this thesis. 

Two primary objectives of this thesis are focused on with regard to these models: 

1. Validating the accuracy of the models against experimental results by isolating the bond-

slip behaviour and comparing it to a series of small scale push-through tests then by 

comparing the full analytical predictions to experimental results from full scale flexure 

and axial tests. 

2. Being able to use the model to predict the flexural and axial response of panels with 

various shear connector arrangements that were beyond the scope of the experimental 

work. 

1.3 Scope and Contents 

The scope of this thesis includes a comprehensive experimental program consisting of two 

separate designs of non-prestressed single storey precast concrete sandwich wall panels, along 

with an analytical model that was successfully verified against the experimental results. Nine full 

scale flexural tests were conducted on the first design (‘Floating Stud’) and seven on the second 

(‘Ribbed Panel’). The second design also includes eight combined axial load-bending moment 

tests. The full scale panel test results were complemented by 38 direct shear push-through tests to 

directly compare and evaluate a series of shear connection systems. Nine additional flexural tests 

on BFRP-reinforced rectangular concrete beams were also performed to investigate and 

understand the behavior of BFRP as a reinforcing material. As these beams were not directly 

related to wall panels, they are presented in an Appendix as a side study. Digital Image 

Correlation (DIC) was used to evaluate relative wythe slip at the ends of the panel and the results 

were validated against linear potentiometers. An analytical model written in MATLAB was 
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validated against these results then used to conduct a parametric study to predict the impact of 

varying shear connector properties on the degree of partially composite action in non-prestressed 

wall panels.  

The experimental work consisted of four distinct phases as shown in Table 1-1. Table 1-1 

also shows the chapter(s) that each phase relates to. 

The following briefly summarizes each chapter of this thesis. Rather than having a separate 

conclusions chapter, the conclusions and recommendations of each manuscript are summarized at 

the end of each chapter. 

• Chapter 2 presents the literature review. 

• Chapter 3 is a completed manuscript which presents the findings from the Phase 1 first 

design GFRP-reinforced sandwich wall panel flexural tests focusing on varying the 

spacing and size of shear connectors on load-deflection and load-end slip response. DIC 

is validated against linear potentiometers. 

• Chapter 4 is a completed manuscript which presents the axial-bending interaction 

diagram for the second design steel-reinforced partially composite wall panel. This 

chapter introduces a means to evaluate the applied moment of a partially composite wall 

panel subject to combined loads.  

• Chapter 5 is a completed manuscript which summarizes the results of a series of double 

shear push-through tests evaluating the impact of connector insertion angle, diameter, 

and loading direction on the longitudinal shear resistance response of the shear 

connection. The contribution of the insulation foam to resistance is also directly 

investigated. 

• Chapter 6 is a completed manuscript that summarizes the results from a series of flexure 

tests on the second design wall panels reinforced with both steel and BFRP. The 
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chapter investigates the impact of varying shear connection material, reinforcement 

material, and loading direction on load-deflection and load-slip response. 

• Chapter 7 is a completed manuscript which presents the axial-bending interaction 

diagram for the second design BFRP-reinforced partially composite wall panel and 

compares it to the case of a steel-reinforced panel discussed earlier. Further discussion 

regarding the nature of partial composite action and shear transfer mechanisms is 

presented. 

• Chapter 8 is a completed manuscript summating a computer model developed using 

MATLAB software to ascertain the axial loading performance of wall panels with 

various shear connector properties. The model is verified against the results from 

experimental programs then used to conduct a parametric study investigating the impact 

of connector size, spacing, insertion angle, and material on response. The effect of the 

insulation and the panel length on composite action is also investigated. 

• Chapter 9 is a completed manuscript summating a computer model developed using 

MATLAB software to ascertain the flexural performance of wall panels with various 

shear connector properties. The model is verified against the results from several 

experimental programs then used to conduct a parametric study investigating the impact 

of connector size, spacing, insertion angle, and material on panel response. The effect of 

the insulation on composite action is also investigated. 

• Appendix A is a completed manuscript that presents the results from a series of flexural 

tests on simple beam elements to evaluate the suitability of BFRP as a reinforcing 

material in concrete structures. BFRP is considered as both flexural and shear 

reinforcement. The test results are then compared to predictions from FRP design guides.  
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Table 1-1: Experimental testing phase outline. See chapters for more details on the panel 
designs and experimental programs. 

Phase Panel 
Design 

Relevant 
Chapter  

Shear 
Connector 
Material 

Longitudinal 
Reinforcement 

Material 

Loading 
Case 

I Floating 
Stud 3 GFRP or 

Steel Steel Flexure 

II Ribbed 
Panel 4,6 Steel Steel 

Flexure and 
Combined 

Axial/Flexure 

III Ribbed 
Panel 5 Steel or 

BFRP Steel Direct Shear 

IV Ribbed 
Panel 6,7 BFRP BFRP 

Flexure and 
Combined 

Axial/Flexure 
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Chapter 2  

Literature Review 

2.1 Precast Concrete Sandwich Panels 

Precast Concrete Sandwich Panels, also referred to as Integrally Insulated Walls or Structural 

Insulated Panels, are commonly used as exterior cladding or load-bearing members in 

institutional, commercial, light industrial, and multi-unit residential buildings (Einea et al. 1991).  

Sandwich panels are typically composed of two relatively thin reinforced concrete layers known 

as wythes which surround an internal layer of rigid foam insulation. Longitudinal shear forces are 

transferred between wythes by ties known as shear connectors. Panels with complete longitudinal 

shear transfer are termed composite (i.e. the wythes act as one unit) while panels with zero shear 

transfer are termed non-composite (i.e. wythes act independent of each other). Panels with some, 

but not complete shear transfer are termed partially composite. 

The behaviour of fully composite and fully non-composite panels is readily predicted using 

reinforced concrete design codes. Predicting the behaviour of partially composite panels, 

however, is much more cumbersome and currently is heavily dependent on experimental results 

and complex computer modeling. There is debate among designers about how to predict the 

structural response of partially composite panels and this has been identified as a topic of required 

research (PCI 2011). 

2.1.1 History 

Precast concrete sandwich panels have been in use since the early 20th century (Collins 1954). 

Early walls used vermiculite, lightweight concrete, or wood chips as insulation. Panel designs 

began incorporating rigid foam insulation and prestressing in the 1950’s and 1960’s (Leabu 
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1965). During the 1960’s and 70’s, shear connection was typically provided from a combination 

of solid concrete regions and embedded steel truss connectors. These systems have high degrees 

of composite action (Pfeifer and Hanson 1965) at the cost of reduced thermal efficiency. 

Designers began to prefer non-composite wall designs in the 1980’s. Solid concrete regions 

were eliminated from many panels and steel trusses were replaced by small steel pin-type 

connectors in order to reduce thermal bridging and bowing (Leung 1984). Later on in the decade, 

plastic and Fibre-Reinforced Polymer (FRP) non-composite shear connectors began appearing on 

the market in order to provide walls with even higher thermal resistance (Einea et al. 1991).  

The first FRP connector to develop substantial composite action while maintaining high 

thermal efficiency was developed in the 1990’s at the University of Nebraska (Einea 1992; Einea 

et al. 1994). Since then, additional FRP shear connector systems that provide high degrees of 

composite action have become available such as CFRP grid (Frankl 2008) and GFRP lattice 

connectors (Mylnarczyk et al. 2004).  

2.1.2 Advantages 

Precast concrete sandwich panels are advantageous relative to other forms of exterior walls used 

in building construction as they combine structural and thermal efficiencies while being able to be 

fabricated in the factory setting, minimizing on-site delays and the number of required trades 

(PCI 2011). 

Sandwich panels are structurally efficient relative to frame walls as the load-resisting 

materials are placed on the outside of the panel. This allows for design loads to be achieved using 

less material, meaning that a building could either be assembled using smaller cranes, or be 

composed of a reduced number of larger panels and minimal joints. 

Recent trends in energy efficiency, such as the American Society of Heating, Refrigerating 

and Air Conditioning Engineers (ASHRAE) targeting 30% energy efficiency savings between 
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2007 and 2010, are requiring higher thermal efficiencies in buildings (Woltman et al. 2011). 

Currently, almost 60% of the energy demands in Canadian commercial and residential structures 

are from space heating and cooling (Cuddihy et al. 2005). This percentage is heavily influenced 

by the thermal resistance (R-Value) of the building envelope; the combination of high R-value 

insulation and the high thermal mass of the concrete used in sandwich panels reduce heating and 

cooling loads (and costs) on a building relative to similarly constructed frame walls (Al-Homoud 

2005; Gajda 2001). 

Prefabricated elements are advantageous in practice as they can be constructed quickly in a 

controlled environment by a single manufacturer then shipped to site in order to quickly close the 

building envelope (Brown et al. 2001). If required, panels can also be removed to allow for 

expansion or relocation of a structure (PCI 2011). As shown in PCI State-of-the-Art reports, (PCI 

1997; 2011), sandwich panels can also be cast with numerous architectural features without 

requiring additional architectural fascia work after installation. 

2.2 Fibre-Reinforced Polymers 

FRPs have been used for several decades as an alternative to steel reinforcement in reinforced 

concrete structures. As FRPs are not subject to chloride-induced corrosion, they have successfully 

replaced steel reinforcement in bridge superstructures, marine structures, and parking garages. 

FRPs are often used in place of steel in locations where electromagnetic interference is of 

concern, such as in hospital MRI rooms (ACI 2006). With regards to sandwich wall panels, the 

low thermal conductivity of FRP relative to steel (reported values range between 1/60th and 1/13th 

that of steel) makes them a practical choice as a shear connector, as evidenced by the available 

FRP connectors on the market today (Woltman 2014; Hodicky et al. 2014). Commercially 

available FRP bars have between 16 and 27% of the density of steel, making them easier to 

transport and handle on site (ACI 2006). 
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In North America, the use of FRP as internal reinforcement in buildings is addressed by the 

American Concrete Institute (ACI) 440.1R-06 design guide and the Canadian Standards 

Association S806-12 design code. ACI 440.1R-06 also contains detailed background information 

on the State-of-the-Art of FRP used as internal reinforcement. Structural properties of the three 

most commonly used FRPs in structural engineering (Glass (GFRP), Carbon, (CFRP), and 

Aramid (AFRP)) are presented in Table 2-1. FRPs are generally less stiff than steel but have 

higher tensile strength. Unlike steel, FRP remains linear-elastic until rupture meaning that signs 

of impeding failure (i.e. steel yielding) are not present; FRP cannot be bent/reshaped in the field. 

FRP is also strong only in the directions of the fibres; if loaded transversely, the capacity is much 

lower and is more dependent on the properties of the resin rather than the fibres (e.g. Woltman et 

al. 2013).  

CFRP has the highest strength and stiffness of the three materials while GFRP has the 

lowest. However, GFRP is more commonly used as it has lower initial costs. The design of 

concrete structures with FRP reinforcement follows similar methodologies to the design of steel-

reinforced concrete structures with two major philosophical differences: 

1. The lower stiffness of FRP-reinforcement leads to higher deflections under the same load 

and reinforcement area. The service load deflection limits may end up governing design 

rather than ultimate limit states. 

2. The brittle nature of FRP means that the energy dissipation and signs of failure 

accompanying steel as it yields do not occur. It is preferable in FRP design to have 

compression-controlled sections (concrete crushes before reinforcement ruptures) as this 

provides more warning of failure. FRP-reinforced structures also are designed using the 

principle of deformability, in which excessive deflections act to provide adequate warnings 

of failure. 
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2.2.1 Basalt FRP 

There has been much recent interest in Basalt FRP (BFRP) as a reinforcing material for concrete 

structures. BFRP fibres lie between glass and carbon for both stiffness (~70 GPa) and strength 

(~1100 MPa) and have seen application in concrete structures as internal reinforcement (Brik 

2003) and for external strengthening (Sim et al. 2005). The manufacturing process of BFRP 

requires fewer steps than that of other FRPs, saving cost and reducing embodied energy (Brik 

1997; Sim et al. 2005). 

Relative to GFRP, BFRP has higher temperature resistance (Sim et al. 2005; Brik 2003), 

freeze-thaw performance (Shi et al. 2011), and superior performance in acidic environments (Wei 

et al. 2010). Basalt also has been shown to have similar fatigue performance to glass (Wu et al. 

2010) and has about 14% of the thermal conductivity of steel, similar to carbon (Hodicky et al. 

2014). However, like GFRP, BFRP has a low elastic modulus relative to steel and undergoes 

deterioration from alkali solutions (Sim et al. 2005). Additional concerns with the long term 

behaviour of BFRP bars relative to GFRP have been raised (Benmokrane et al. 2015), particularly 

with regard to moisture uptake and bond degradation between basalt fibres and resin.  

2.3 Sandwich Panel Components 

There are three major components of precast concrete sandwich panels: wythes, insulation, and 

shear connectors (Figure 2-1). Panels in practice are available in a large range of sizes (up to 23 

m long and 4.6 m wide) with the maximum size dictated mainly by shipping and precast plant 

limitations (PCI 2011). 

2.3.1 Wythes and Flexural Reinforcement 

Wythes are typically made as thin as possible though their minimum thickness is limited to 

around 50 mm due to concrete cover and fire resistance requirements (PCI 2011). The exterior 
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concrete layer, commonly called the façade wythe, usually consists of a thin (50-75 mm) concrete 

layer with an architectural treatment. This layer also serves to protect the insulation layer from 

damage and, depending on the shear connection system, may be designed to contribute to the 

panel’s structural response (PCI 1997). 

The interior layer is commonly called the structural wythe and is typically 50-150 mm thick, 

depending on structural requirements and the level of expected composite behaviour (PCI 1997). 

This layer is often thicker than the facade, especially in non-composite designs where it is 

expected to carry the entire structural demands of the system. Though rectangular sections are 

most common, this layer can be composed of a variety of cross-sections including hollow-cores 

and double-tees (PCI 2011). Though two wythe panels are most common, three-wythe panels 

have also been used (Lee and Pessiki 2007). 

Wythes are typically reinforced with steel welded wire reinforcement with reinforcement 

ratios at or just above the minimum required for shrinkage and crack control. Unless they are 

carrying high degrees of eccentric axial load, flexural design is often governed by forces incurred 

during shipping and handling as these loads often exceed those from wind. Longer panels (in 

excess of one storey), are usually prestressed though this is mainly to avoid cracking during 

installation (Bush and Wu, 1998). 

2.3.2 Insulation 

Sandwich panels are typically insulated with a 50 – 100 mm thick layer of closed-cell rigid foam 

as it is relatively impermeable, strong enough to withstand pressures induced during casting, and 

provides high R-values with minimal thickness (PCI 2011). The two most common foams used in 

sandwich panels are extruded (XPS) and expanded (EPS) polystyrene though other foams, such 

as polyurethane, have been used (PCI 1997).  These three foams are shown in Figure 2-2 while 

their thermal properties are shown in Table 2-2.  
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There are many similarities between the three types of foam. All three require proper cover 

for fire resistance on the interior side and protection from the elements on the outside (both are 

addressed by the addition of concrete wythes). EPS is the cheapest of the three and is available in 

larger sections (up to 1.2 m × 1.2 m × 4 m); Polyurethane and XPS are commercially available in 

sheets that are typically 0.6 m wide, 2.4 m long, and between 25 and 75 mm thick. Polyurethane 

gives the highest R-value (inversely proportional to thermal conductivity) but EPS and XPS still 

perform well relative to other common insulation materials (Al-Hamoud 2005). XPS has the best 

water absorption performance (i.e. effectiveness as a vapour barrier); EPS and polyurethane also 

perform well but there is more risk of water infiltrating into the foam, potentially leading to 

degradation of the foam-concrete bond and insulation quality over several freeze-thaw cycles. 

However, this is limited by the low-permeability concrete generally used in precast concrete 

which effectively acts as an additional vapour barrier (Brown et al. 2001).  

2.3.3 Shear Connectors 

Shear connectors are the primary factor affecting the level of composite action. Innumerable 

varieties and arrangements of shear connectors have been used in sandwich panel construction; 

each type and arrangement of connectors provides different degrees of composite performance 

(PCI 1997, Benayoune et al. 2007). 

Shear connectors are usually classified based on one of two designations based on their 

expected degree of composite action: ‘stiff’ shear connectors (providing full or near full 

composite behaviour) and ‘flexible’ shear connectors (providing little composite behaviour).  

2.3.3.1 Stiff Shear Connectors 

Shear connectors that have been accepted as giving high degrees of composite action are shown 

in Figure 2-3. Traditionally, full or high-degrees of composite action were obtained through the 
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use of solid concrete regions through the panel or by using steel (carbon, galvanized, or stainless) 

welded wire trusses (Einea et al. 1991, Benayoune et al. 2008, Maximos et al. 2007, Pessiki and 

Mlynarczyk, 2003). However, these are detrimental to the thermal performance of the wall as 

they allow heat and condensation to transfer via thermal bridges (PCI 1997). Bent-bar GFRP truss 

connectors (Salmon et al. 1997, Einea et al. 1994) and CFRP grids (Hassan and Rizkalla, 2010, 

Frankl 2008) have been shown to provide high degrees of composite action without creating 

thermal bridges. 

2.3.3.2 Flexible Shear Connectors 

Flexible shear connectors, shown in Figure 2-4, are used in panels where very low degrees of 

composite action are desired. In non-composite panels, the connector’s main purpose is to prevent 

delamination of the façade wythe. Flexible ties include, but are not limited to: straight 

polypropylene connectors, vinyl-ester ties, steel ladders, and steel pin connectors (PCI 1997). 

2.3.3.3 Additional means of Shear Connection 

Aside from the connectors themselves, longitudinal shear is transferred between wythes through 

inserts and the insulation. Inserts are added to panels to allow for lifting and connection hardware 

to be attached. In some panel designs, these inserts extend through both wythes, creating both an 

additional shear connector and a thermal bridge. In panels designed to be non-composite, these 

inserts have been shown to contribute more to resisting longitudinal shear than the shear 

connectors themselves, meaning that designers should be careful about the design of inserts as 

they can dramatically alter panel response (Bush and Stine, 1994). 

Numerous researchers have found that insulation contributes a non-negligible degree of 

shear transfer. This contribution is higher in EPS than XPS, primarily due to its rougher surface 

texture (Bush and Stine 1994; Woltman et al. 2013; Kim and You, 2015). There is debate among 
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designers as to the long term durability of the foam-insulation bond. In practice, this bond is often 

only designed to last until the panel is installed (Ekenel 2013). 

2.4 Structural Designations 

As mentioned, panels are classified as full, partial, or non-composite with the distinguishing 

factor between these three designations being the level of longitudinal shear transferred between 

the concrete wythes. As shown in Figure 2-5, lack of full composite action is manifested in 

several ways: 

1. Incomplete shear transfer leads to a ‘broken-line’ strain profile between the wythes, 

creating two distinct neutral axes. 

2. There is non-negligible shear deformation through the insulation layer, visually manifested 

as relative slip between wythes. 

3. The stiffness of the panel is reduced relative to a fully composite system. 

4. The strength of the panel is reduced relative to a fully composite system. 

2.4.1 Fully composite walls 

Fully composite walls (Figure 2-5 (a)) have effectively infinite shear stiffness through the 

insulation layer. The wythes act as one unit and the resulting system has a single neutral axis. 

Composite panels are more structurally efficient than non-composite panels because they can be 

fabricated using less material while maintaining adequate structural stiffness and strength. 

However, the higher capacity required of the shear connection system comes at the cost of both 

sacrificing the thermal insulation value (Bush and Stine, 1994, Einea et al. 1991) along with 

inducing thermal bowing, which is of significant concern in longer panels (PCI 2011).  

Thermal bowing, illustrated in Figure 2-6, is particularly severe in composite sandwich 

panels relative to non-composite or solid walls. The interior wythe of a panel remains at room 
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temperature while the exterior wythe varies according to outside temperature and sun exposure.  

Thermally induced strains are imposed from this temperature difference, creating curvature as the 

panel maintains strain compatibility. In hot days, panels tend to bow outwards and vice versa 

(PCI 1997). Thermal bowing creates undesired panel deflections and increases applied stresses on 

wythes and connections. Bowing can also occur from eccentric prestressing, creep, and shrinkage 

(PCI 1997). 

Designing a fully composite panel to achieve fully composite strength generally follows 

recommendations by the PCI (PCI 1997). This method bases the required shear of a section on 

the lesser of the maximum tensile or compression forces that the section can contribute. The type 

and number of shear connectors is then selected by dividing the required shear by the ultimate 

capacity of each connector. This method is fairly simple to use but a panel designed this way may 

be considerably less stiff than a theoretically fully composite panel as connector deformations, 

and the corresponding reduction in flexural stiffness, can be quite large prior to failure. 

2.4.2 Non-Composite walls 

Theoretically non-composite walls (Figure 2-5 (b)) have no longitudinal shear transfer between 

wythes. This creates a system wherein the two wythes behave completely independently. Plane 

sections do not remain plane through the insulation layer, creating two neutral axes (one for each 

wythe) and large shear deformation, greatest at the panel ends. Non-composite walls are less stiff 

and have reduced capacity relative to composite walls but are preferred by some designers for 

applications where high thermal resistance and reduced bowing are desired. 

The design of non-composite walls is similar to that of solid wall panels. The structural 

wythe is expected to carry all design loads, including the weight of the façade layer. Shear 

connectors are chosen to resist the façade self-weight and suction loads from wind. 
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2.4.3 Partially Composite walls 

Partial composite panels (Figure 2-5 (c)) lie between these two extremes. In practice, essentially 

all panels that do not have large concrete connectors show at least some degree of partially 

composite action. Similarly to non-composite walls, each wythe has its own neutral axis and 

shear deformation accumulates over the panel length. Accurately predicting the behaviour of 

partially composite panels is cumbersome as both flexural deformations from the wythes and 

shear deformations of the core have to be considered; both forms of deflection are heavily 

impacted by the level of shear transfer through the connectors, foam adhesion, and foam friction 

(Bush and Stine 1994; Salmon and Einea, 1995; PCI 2011). There is debate between designers 

regarding the best approach to predict partially composite panel behaviour (PCI 2011). 

2.4.4 Evaluating Composite Action 

Understanding the degree of composite action is essential for predicting the structural 

performance of a sandwich panel. The degree of composite action is commonly determined by 

comparing the flexural performance of a tested panel to theoretically fully composite and non-

composite panels with the same cross section.  

There is some debate as to which approach is best for evaluating composite action. 

Commonly used means of evaluating composite action base values on the panel ultimate moment 

resistance, shown in Eq. 2-1 (PCI 1997) and or the stiffness at service loads, shown in Eq. 2-2 

(Pessiki and Mlynarczyk 2003).  

 

, ,, , 100% (2-1) 

100% (2-2) 
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Where κu and κEI are the percentage composite values for strength and stiffness respectively. Mu 

represents the panel ultimate moment while EI represents the panel’s effective flexural rigidity. 

Components labelled NC refer to a theoretically non-composite panel, FC refer to a fully composite 

panel, and test refer to results obtained in an experiment. 

Shear connection systems that provide fully composite behaviour by strength may not 

provide fully composite behaviour by stiffness and vice versa. Hence, it is good practice to either 

report composite action based on both techniques or use an approach that evaluates composite 

action over the structure’s life, such as the curvature method presented by Hassan and Rizkalla 

(2010) or by using relative wythe slip readings (Naito et al. 2012) 

2.5 Theoretical Approaches to Predicting Sandwich Panel Behaviour 

2.5.1 Numerical Approaches 

Allen (1969) provided substantial theoretical background on the structural behaviour of sandwich 

panels with foam being the primary contributor to shear resistance. Allen’s work also included 

stability effects though the primary focus was on thin-skinned panels such as those commonly 

used in aerospace applications. The main difference of Allen’s work from Euler - Bernoulli beam 

theory is the inclusion of the large amount of shear deformations in the relatively weak core 

region. Bush and Wu (1994) presented a modification to Allen’s work which includes the 

contribution of truss connectors to the effective shear stiffness of the core. It was found to be 

fairly accurate at predicting panel response under linear- elastic behaviour with isotropic 

connectors. 

Salmon and Einea (1995) used a similar, but differently derived approach based on 

Holmberg and Plem (1986) for truss type connections. They found that this approach was suitable 
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for determining thermal bowing in panels though the limitations were still those of linear-elastic 

behaviour.  

Pantelides et al. (2008) presented a truss analogy to model the behaviour of panels reinforced 

with GFRP shell connectors. The top and bottom chords represented the wythes while diagonals 

and vertical members represented the shear connection system. Their model assumed a bilinear 

load-deflection relationship based on yielding of the longitudinal reinforcement and had good 

agreement with their experimental results. 

Naito et al. (2012) modelled partially composite behaviour using a numerical model that 

used idealized connector load-deflection curves and moment-curvature relationships to predict 

overall panel deflections and end slips. They found that the connector type and quantity highly 

influenced stiffness after cracking once the foam bond had significantly failed. 

Bai and Davidson (2015) developed equations to define the small displacement of sandwich 

panels with equivalent wythe thicknesses and discrete shear connectors. Their model was 

compared to previous theories and results from an experimental program. Their discrete model is 

able to isolate deflections from flexure and shear along with predict end slip to a reasonable 

accuracy until cracking. 

2.5.2 Finite Element Method Approaches 

Jofriet and Thompson (1985a, 1985b) performed Finite Element (FE) analysis on sandwich 

panels with steel truss connectors with focus on service stresses from bending and thermal loads. 

Thermal stresses were highest at the concrete-foam interface and increase as the insulation layer 

thickness decreases. 

Salmon et al. (1997) also used a computer truss analysis of a sandwich panel design with 

GFRP truss connectors and were able to predict the level of composite behaviour in terms of 

linear-elastic stiffness for an FRP connector system with reasonable accuracy.  
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Lee and Pessiki (2007) considered the design of a three wythe panel with solid concrete 

regions. They developed an FE model showing that prestress forces create undesirable transverse 

stresses near the panel ends but this can be remediated by debonding strands near the panel end or 

by using solid concrete shear connectors at the panel ends. They verified this model with 2 full-

scale flexural tests and two full scale prestress transfer tests and found the model to be in good 

agreement with the experiments aside from the FE model overestimating cracking loads (Lee and 

Pessiki, 2008a). They presented a technique for designing three wythe panels using a T-beam 

approach and a modified concrete tensile strength. They also included design charts for 

determining prestressing layouts in order to minimize transverse stresses in three-wythe panels 

with solid concrete shear connectors. 

Benayoune et al. (2007) modelled sandwich panels with applied axial loads and steel shear 

connectors. Relative to experiments, the model predicted failure loads with a reasonable degree of 

accuracy and showed that ACI axial capacity equations were very conservative. To account for 

this, they proposed a semi-empirical formula to better fit their FEM and test data. The same 

researchers (Benayoune et al. 2008) modelled the flexural behaviour of a two-way acting panel 

with FEM and were able to accurately predict the panel’s ultimate load, but not stiffness, relative 

to test results. 

Metelli et al. (2011) developed an FE model to understand how thermal gradients and 

shrinkage affect FRP plate shear connectors. They found that connectors at the panel edges were 

subject to substantially higher stresses than those on the interior and that increasing the number of 

connectors at the panel edge does not substantially decrease the stress in each connector from 

shrinkage and thermal gradients. 

Davidson et al. (2011) used FE methods to model sandwich panels subjected to blast loading 

and compared these results to experimental work and a simplified single-degree-of-freedom 
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bilinear resistance curve. The results were promising and, based on their recommendations, are 

currently being refined with additional testing focusing on connections. 

2.6 Previous Structural Testing Programs 

There are numerous testing programs in the literature focusing on evaluating the impact of shear 

connection systems on sandwich panel performance.  

2.6.1 Direct Shear Push Through Tests 

A commonly used means to assess and compare various shear connection mechanisms is the use 

of direct shear push-through tests, with an example shown in Figure 2-7. These were initially 

developed for to evaluate the shear capacity of composite steel-concrete sections but have been 

appropriated for testing shear connectors in sandwich walls to the point of being a recommended 

test standard for accepting new FRP grid connectors (Ekenel 2013). Relative to flexure tests, 

push-through tests use smaller specimens, generally have less instrumentation, and allow the 

performance of a shear connector to be isolated. 

Einea (1992) tested various potential GFRP shear connectors (including wide flange 

pultruded sections and trusses) in direct shear and found that there was insufficient embedment 

length to develop the full strength of the wide flange connectors and that mechanical anchorage 

was required. They also found that there was a noticeable difference in shear capacity in tests 

using a plastic bond-breaking sheet between the insulation and the concrete wythe, showing that 

insulation contributes to shear resistance to some degree. Einea also noted that fabrication of 

specimens with wide-flange shear connectors was considerably more cumbersome than those 

with truss connectors. 

Maximos et al. (2007) continued this work to develop the commercially available NU-Tie 

connector. They tested a series of V-shaped GFRP connectors and compared them to 



 

 

 

23

commercially available steel welded wire girder connectors.  They concluded that angled FRP 

connectors can only obtain 31% of their tensile strength due to a combination of axial, bending, 

and shear loading effects. This decrease was not observed with steel connectors as they were able 

to redistribute stresses after yielding. 

Naito et al. (2012) tested 14 types of commercial steel and FRP shear connectors. They 

found that continuous truss-type connectors gave greater stiffness than discrete connectors. They 

developed simplified load-slip relationships for each connector system and these were used to 

predict the flexural response of a full-scale panel with reasonable accuracy. 

Woltman et al. (2013) performed 50 push-through tests using discrete shear connectors 

fabricated from various commercially available GFRP bars, plastic connectors, and steel pin-type 

connectors. All of the tested connectors were flexible rather than stiff and were inserted normal to 

the panel face. GFRP bars gave shear strengths ranging from 60 to 112 MPa, substantially higher 

than the values for plastic connectors (22-39 MPa) but much lower than those from steel 

connectors (297-365 MPa). The obtained shear strengths for GFRP bars were lower than the 

manufacturer reported values in pure shear of 127 – 183 MPa as the connectors were subject to 

combined shear, axial, and flexural stresses. Changing connector diameter had little effect on the 

shear strength of the connectors. They also presented a simple model which estimates connector 

shear strength relative to insulation layer thickness. This model showed that pin-type connectors 

transition from shear-dominated failure to flexure-dominated failure as the insulation layer 

thickness increases. 

Researchers at North Carolina State University ran 63 push-through tests with CFRP grid 

shear connectors. Bunn (2011) investigated various grid spacings, insulation thickness, and 

insulation materials (XPS and EPS) and used the test results to develop design coefficients and 

examples. Increasing the insulation thickness (from 50 to 100 mm) was found to reduce the shear 

flow strength when using EPS foam but had minimal affect when using XPS insulation. Hodicky 
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et al. (2014) expanded on these findings with a 3D FE model and showed that CFRP grids have 

5-10% and 10-25% more shear flow strength than BFRP or GFRP grids respectively.  

Several push-through test programs have concluded that the insulation contributes a non-

negligible amount to the panel shear resistance (Oh et al. 2013; Woltman et al. 2013). Due to its 

rougher surface texture, EPS contributes more to shear resistance than XPS (see Figure 2-8) 

(Bunn 2011, Naito et al. 2012). However, designers commonly ignore the foam contribution 

beyond panel installation as freeze-thaw or thermal cycles are expected to cause the insulation 

bond to weaken over time (Ekenel 2013). 

2.6.2 Flexural Testing 

Pfeifer and Hanson (1965) ran 31 flexural tests on small scale 0.91 × 1.52 m panels. They appear 

to be the first to show experimentally that truss type steel connectors develop substantially more 

composite action than pin-type connectors and that distributed solid concrete regions provide 

equivalent structural capacity with less cross area than longitudinal ribs. 

Einea et al. (1994) completed two flexural tests on 2.4 m long, 0.46 m wide panels with 

GFRP truss connectors with and without bond breaking plastic. The panel with the unbroken 

insulation bond was 26% stronger in flexure and considerably stiffer, showing the contribution of 

insulation to resistance. The same researchers conducted additional tests on larger 9.14 m × 2.44 

m prestressed panels to compare steel and GFRP truss type connectors (Salmon et al. 1997). The 

panels with FRP connectors showed high degrees of composite action by strength but low in 

terms of stiffness, meaning the panel design was less susceptible to thermal bowing but shows 

higher deflections under service load than a fully composite panel. They recommended that 

panels with FRP connectors be designed such that connector failure occurs after yielding of 

longitudinal reinforcement to give adequate warning of failure. 
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Bush and Stine (1994) tested a series of panels with continuous steel truss connectors. They 

ran tests with and without production details (stripping and handling inserts that commonly 

extend through both wythes) that are commonly used in mass-produced panels. It was found that 

these inserts contributed more to longitudinal shear resistance than the shear connectors 

themselves but as these inserts involved solid concrete regions through the insulation, they have 

negative thermal effects. They recommended that designers consider what inserts are used to 

handle panels, particularly if non-composite action is preferred. As part of this study, the authors 

also performed a fatigue test simulating stresses from thermal bowing to investigate whether or 

not the shear connection degraded. After 55000 cycles there was found to be a 15% decrease in 

flexural stiffness which was attributed to the deterioration of the foam-concrete bond. 

Pessiki and Mlynarczyk (2003) tested four 1.83 × 11.28 m panels to compare the flexural 

response of panels with solid concrete regions, steel-pin connectors, no connectors (XPS bond 

only), and a combination of all three. They found that pin-type connectors and XPS insulation 

bond contribute little to composite behaviour and that their contribution to composite action 

should be ignored in design. Panels with only concrete as a shear connector saw earlier than 

expected flexural cracking due to stress concentrations at the concrete connectors. Panels with 

both concrete connectors and steel pin-type connectors behaved compositely under both service 

and ultimate conditions.  

Pantelides et al. (2008) tested four 4.5 × 0.6 m sandwich panels in flexure with unique 152 × 

152 mm GFRP shell shear connectors. These connectors achieved fully composite action by 

strength and provided for panels with high ductility. They presented a design guide based on 

shear flow to determine the required number of GFRP shells to obtain fully composite ultimate 

moment resistance. 

Frankl (2008) tested six large (6.1 × 3.7 m) panels with CFRP grid shear connectors under 

combined axial load and flexure. Axial load was applied to the structural wythe only and was 
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maintained at a level which simulates the panel’s expected service loads. Panels were tested with 

several reverse cyclic loads before being loaded transversely to failure. Nearly full composite 

behaviour was achieved with CFRP grid and by using solid concrete shear connectors. For the 

same number and layout of shear connectors, EPS gave higher degrees of composite action than 

XPS, agreeing with push-through tests. Hassan and Rizkalla (2010) used these results to develop 

an analytical model based on the interaction theory used for composite steel-concrete beams. 

They recommend that the contributions to shear connection from XPS (but not EPS) be ignored 

in design and that shear deformations through the insulation be accounted for in design as 

ignoring them overestimates panel stiffness by between 13 and 150% for this panel design. 

Naito et al. (2011) ran 42 flexure tests on single span and 12 flexure tests on two span (spans 

of 3.66 m) non-loadbearing panel configurations using a variety of commercially available FRP 

shear connectors and longitudinal reinforcement schemes. They found a wide range in panel 

responses that was directly related to the type and layout of the shear connection. They found that 

sandwich panels have suitable deformability for blast loading criteria and that non-prestressed 

panels have higher ductlility. They also remarked that panel deformability tended to decrease as 

shear connection stiffness increased. 

2.6.3 Axial Testing 

To date, there are limited investigations focusing on the axial or combined flexural/axial 

behaviour of precast concrete sandwich panels. Axial load was incorporated into full scale tests at 

North Carolina State University (Frankl et al. 2011). Though not the major focus of these studies, 

it represents one of the few cases in the literature where load-bearing panels were tested under 

their expected service conditions  

Benayoune et al. (2006; 2007) tested twelve sandwich panels with steel truss connectors and 

solid concrete ribs at either end with slenderness ratios (H/t) ranging from 10 to 20). The solid 
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concrete rib provided for nearly full composite response with small strain discontinuity until near 

failure. Predicted ACI values for solid walls were found to be very conservative. The findings 

from concentric and eccentric tests were similar, though the decrease in capacity relative to a 

fully composite section under eccentric loading was much higher at 38% relative to 21% 

Malaysian researchers tested 8 sandwich panels with steel truss connectors under axial load 

(Mohamad et al. (2011) and Suryani and Mohamad (2012)). The panels had various slenderness 

ratios (H/t) ranging from 18 to 28 and incorporated lightweight foamed concrete wythes (high air 

content in the wythes, leading to low density (~1650 kg/m3)  and strength (8-17 MPa) mixes). 

They found that even though the tested panels incorporate solid concrete regions at their end they 

have reduced capacity from a fully composite section and that designing assuming fully 

composite properties is unconservative. 

2.7 Thermal Behaviour and Modeling 

McCall (1985) showed that sandwich panel designs with steel connectors occupying 0.08% of the 

cross sectional area have a 38% reduction in thermal efficiency from a panel without connectors. 

Thermal resistance calculations for buildings in North America are usually evaluated according to 

ASHRAE Standard 90.1 (ASHRAE 2010). The standard uses three different techniques for 

estimating R-Values: the zone method, the parallel flow method, and the isothermal plane 

method. Of these, the zone method has been found to be acceptable for determining R-values in 

an element with widely spaced thermal bridges, such as a panel with steel connectors. Lee and 

Pessiki (2008b) developed a revised zone method to better calculate the R-Value of panels with 

metallic connectors. Relative to an FE model, this revised method was shown to be more accurate 

than the unmodified ASHRAE values, which overestimate panel R-value. 

Hot box apparatuses are commonly used to experimentally evaluate R-values (ASTM 2010). 

Jones and Jones (1999) used a hot box apparatus to calculate the R-value of a panel design with 
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steel truss connectors and developed a numerical model for thermal transfer based on ASHRAE 

90.1. Woltman (2014) performed a series of thermal hotbox tests on 10 sandwich panels using a 

‘floating’ concrete stud. These tests included both GFRP and steel shear connectors. Thermal 

images taken of the panel during testing clearly showed thermal bridging through the steel 

connectors, unobserved in the GFRP connectors. 

Lee and Pessiki (2004, 2006a, 2006b) performed FE models of a three-wythe panel with 

solid concrete regions as shear connectors. They found that staggered insulation can significantly 

reduce thermal bridging through the panel (Figure 2-9) and that ASHRAE methods to evaluate R-

Value are inaccurate at predicting thermal responses in panels with offset thermal bridges. 

2.8 Digital Image Correlation 

Digital Image Correlation (DIC), also known as Particle Image Velocimetry (PIV), is a non-

contact measurement technique which can be used to determine deformations of a rigid body. 

DIC relates a time-lapse series of photographs of a surface to a single reference image. A grid of 

discrete patches is added to each image and DIC software tracks the deformation of these patches 

over the course of an experiment, as illustrated in Figure 2-10 and Figure 2-11. To aid DIC in 

tracking the location of patches, texture is often added to the surface of a test specimen with spray 

paint (Dutton 2012). 

Chu et al. (1985) and Sutton et al. (1986) presented this technique and verified its use for tracking 

strains and rotations against small-scale lab calibration tests. Success of these programs was 

limited due to accumulating errors across patches. This technique was refined by Chen et al. 

(1993), who used fast Fourier transforms to increase computing efficiency and Schreier et al. 

(2000), who improved the accuracy of DIC to <0.01 pixels with high order  spline interpolations. 

DIC has been successfully used for several years in geotechnical engineering for tracking 

soil movement (White et al. 2003). Recent advances in both DIC software and digital 
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photography have allowed for more precise measurements of deformation that can be applied to 

fields such as structural engineering where deformations are typically small (Yoneyama et al. 

2007). This technique was studied in-depth by Dutton (2012) who investigated the impact of 

added texture and was able to monitor strains and shear cracks in concrete beams after correcting 

for curvature and out-of-plane deformation. This technique has also been used to evaluate shear 

strain distribution through the insulation layer in sandwich panels with GFRP skins (Mathieson 

2015). 

2.9 Thesis contributions to the literature 

Although there are many excellent studies focusing on the structural performance of precast 

concrete sandwich panels, there are still gaps in the literature. Some of these gaps are addressed 

in this thesis. 

2.9.1 Partially composite interaction diagrams 

No major investigations on the combined axial-flexural loading response of precast concrete 

sandwich panels could be found in the literature. This thesis presents the findings from two 

experimental studies that focus on the development of the complete partially composite 

interaction diagrams for both steel and FRP reinforced panels. This work also presents a 

technique for evaluating the effective section centroid and stiffness based on experimental 

response. 

2.9.2 The impact of slenderness on composite action 

The effect of composite action on slenderness effects in partially composite panels loaded 

through the structural wythe only has not been studied in detail. This thesis presents an analytical 

model that evaluates slenderness effects including the effects of partial composite action along 

the length of a panel.  
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2.9.3 Use of Basalt-FRP in sandwich panels 

Basalt FRP has recently become of interest for structural applications and is currently a fast-

growing region of the literature. This thesis includes the first studies focusing primarily on the use 

of basalt FRP as a shear connector and as longitudinal reinforcement in sandwich panels along 

with an appendix that presents a separate experimental study on concrete beams reinforced with 

BFRP as both flexural and shear reinforcement. 

2.9.4 Direct Comparisons of Shear Connection Contributions 

This thesis presents detailed comparisons on the impact of shear connector properties on 

sandwich panel response. The response of connectors inserted at various angles and loading cases 

(i.e. tension and compression) are contributions that are not currently addressed in the literature. 

2.9.5 Digital Image Correlation to Assess Composite Action 

Digital image correlation is used in this thesis to evaluate relative deformations between the 

structural and façade wythes for the first time. This technique not only determines relative wythe 

slip, related to the degree of composite action, but it also determines if the insulation layer is well 

bonded or not based on the slip profile along the depth of the section. 

2.9.6 Modeling the complete response of wall panels 

This thesis uses bond-slip models to account for shear deformation through the insulation layer. 

For the first time these techniques are used to model the responses of partially composite wall 

panels under axial loads. 
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Table 2-1: Typical properties of FRP and Steel used to reinforced concrete structures 
(adapted from ACI.1R-06) 

Property GFRP AFRP CFRP Steel
Nominal Yield Stress (MPa) N/A N/A N/A 276-517 
Tensile Strength (MPa) 483-1600 1720-2540 600-3690 483-690 
Elastic Modulus (GPa) 35-51 41-125 120-580 200 
Yield Strain (%) N/A N/A N/A 0.14-0.25 
Rupture Strain (%) 1.2-3.1 0.5-1.7 1.9-4.4 6.0-12.0 
Density (g/cm3) 1.25-2.10 1.25-1.40 1.50-1.60 7.90 
Creep Rupture Stress Limit 
(relative to tensile strength) 0.20 0.30 0.55 N/A 

 

 

Table 2-2: Insulation types commonly used in concrete sandwich panels (adapted by Al-
Hamoud (2005)) 

Property Expanded 
Polystyrene Extruded Polystyrene Polyurethane 

Thermal Conductivity (W/m•K) 0.038-0.037 0.032-0.030 0.023 
Density (kg/m3) 16-35 26-45 40-55 
Vapour Barrier Effectiveness 
(% Water Absorption) Good (1.0-2.5%) Excellent (0.2-1.0%) Good (0.5-1.5%) 

Fire Resistance Poor Poor Poor 

Durability R-Value decreases with 
time 

R-Value decreases 
with time 

R-Value decreases 
with time 

Cost per R-Value Low High High 

Typical Application 

Walls, roofs, and floors 
(must be covered 
inside for fire and 

outside for weather) 

Walls, roofs, floors, 
basements, 

foundations (must be 
covered inside for fire 

and outside for 
weather) 

Walls and roofs 
(must be covered 
inside for fire and 

outside for weather) 
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Figure 2-3: Examples of stiff shear connectors (a) solid concrete regions, (b) embedded truss 
(steel or FRP), and (c) steel or FRP mesh 

 

Figure 2-4: Examples of flexible shear connectors: (a) Z-shaped steel connector, (b) M-
shaped steel connector, (c) polypropylene pin connector, and (d) fibreglass vinyl-ester tie. 

 

Figure 2-5: Panel structural designations showing deflected shape and strain profiles for (a) 
fully composite (b) non-composite, and (c) partially composite walls. Example load-

deflection relationships for the three panel designations are also shown (d). 
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Figure 2-6: Impact of thermal bowing on (a) non-composite panel (b) fully composite panel. 

 

Figure 2-7: Sample push-through test setup, presented by Woltman (2013). 
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Figure 2-8: Push-through test results showing difference between EPS and XPS insulation 
as presented by Bunn (2011). 

 

Figure 2-9: FE Model results showing heat transfer through a two wythe panel (left) and a 
three wythe panel (right) from Lee and Pessiki (2006a). 
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Figure 2-10: Use of DIC to evaluate shear strains as presented by Mathieson (2015). 

 

 

Figure 2-11: DIC output showing vector field of patch deformations in synthetic olivine 
under a shallow foundation as presented by Dutton (2012) 
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Chapter 3  

Experimental Investigation of Precast Concrete Insulated Sandwich 

Panels with Glass Fibre-Reinforced Polymer Shear Connectors1 

3.1 Introduction 

Precast concrete sandwich panels are commonly used as load-bearing cladding for commercial 

and institutional structures as well as residential construction (Holmes et al. 2005). A typical 

concrete sandwich panel consists of two precast wythes, which may be prestressed or 

conventionally reinforced, and a layer of foam insulation in between. Structural continuity 

between the wythes is typically provided by tie elements acting as shear connectors (PCI 1997).  

The degree of continuity between the wythes greatly depends on the shear connector material and 

geometry (PCI 1997; Benayoune et al. 2007). If there is complete transfer of shear forces between 

the wythes with negligible connector deformation in shear, the panel is considered fully 

composite. In most practical systems, however, some shear deformations occur and the system is 

considered partially composite (PCI 1997, Bush and Stine 1994).  Generally, composite action is 

preferred from a structural perspective as panels can be fabricated using less material while 

maintaining adequate structural stiffness and strength. However, this comes at the cost of both 

inducing thermal bowing, which can be significant in long panels (Woltman et al. 2011), along 

with potentially sacrificing thermal insulation value (R-Value) (Bush and Wu 1998; Einea et al. 

1991).  Predicting the behaviour of a fully composite or fully non-composite panel can be readily 

done by designers. However, establishing the behaviour of partially composite panels accurately 
                                                      

1 Published manuscript: Tomlinson, D. and Fam, A. (2014). “Experimental Investigation of Precast 
Concrete Insulated Sandwich Panels with Glass Fiber-Reinforced Polymer Shear Connectors”, ACI 
Structural Journal, 111(3), 596-605. 
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is cumbersome and requires full-scale testing or complex computer modeling.  Further research is 

needed to understand and quantify the degree of partial composite behaviour and its influence on 

strength and stiffness. Also, improved methods that would lead to cost savings in design, 

production and/or construction are needed. 

Traditionally, full or high-degrees of composite action were obtained through the use of solid 

concrete regions, or by using steel welded-wire trusses, between the wythes (PCI 1997; Einea et 

al. 1991, Benayoune et al. 2008; Maximos et al. 2007; Pessiki and Mlynarczyk 2003).  These two 

options allow a structurally efficient panel but had the downside of creating large thermal bridges 

through the insulation layer. It has been found that in a traditional sandwich panel with 0.08% of 

the surface area penetrated with steel connectors, there is a reduction in thermal efficiency of 38% 

from a panel without connectors (McCall 1985). Thus, when thermal efficiency was critical for 

design, fewer steel connectors were used and structural efficiency was sacrificed (Bush and Stine 

1994; McCall 1985). Recent trends in energy efficiency, such as ASHRAE targeting 30% energy 

efficiency savings between 2007 and 2010, are pressing for higher thermal efficiencies of 

sandwich panels (Woltman et al. 2011). 

For about 25 years, non-metallic connectors where structural and thermal efficiency can be 

combined have provided an alternative to steel and concrete connectors (Einea et al. 1991). 

Various systems have been used with varying degrees of effectiveness (PCI 1997), including but 

not limited to, straight polypropylene connectors, vinyl-ester ties, bent-bar GFRP truss connectors 

(Salmon et al. 1997; Einea et al. 1994), and Carbon-FRP (CFRP) grid (Hassan and Rizkalla 2010, 

Frankl 2008).  However, FRP connectors are inherently less versatile than steel as they cannot be 

bent or reshaped once the thermo-set polymer is cured. As such, many manufactured FRP 

products on the market are applicable for limited number of wall configurations. 

Expanded (EPS) or extruded (XPS) polystyrene rigid foam is commonly used as the 

insulation in sandwich panels (PCI 1997; Einea et al. 1991). The thickness of this layer is usually 
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between 50 mm (2 in) and 100 mm (4 in) (PCI 1997). These foams have been accepted as having 

significant but largely unpredictable adhesion bonds to concrete, though this bond generally fails 

over time after repeated thermal or lateral load cycles (PCI 1997; Einea et al. 1991; Pessiki and 

Mlynarczyk 2003). It has been found that although XPS has higher shear strength, it is usually 

smoother than EPS and thus usually has the weaker adhesive bond of the two (Einea et al. 1991; 

Frankl 2008).  

3.1.1 Research Significance 

This experimental study investigates a new design of vertically-precast insulated sandwich 

concrete walls with GFRP straight shear connectors that are produced from commonly available 

bars and not custom fabricated as in other specialized systems. A key characteristic is that 

connectors are stiffened by being embedded in floating concrete studs to reduce their transverse 

deformations within the insulation layer, thereby enhancing overall composite action. Floating 

studs reduce thermal bridging through concrete. The study also examines and quantifies the 

contributions of connectors of different reinforcement ratios, controlled by their size and spacing, 

to the panel strength, in presence of adhesion and friction between insulation and concrete. The 

study used the Particle Image Velocimetry (PIV) technique to assess partial composite action by 

measuring the relative slip between different layers. 

3.2 Experimental Investigation 

3.2.1 Description of Test Specimens 

A new 2400 mm (94.49 in) by 1550 mm (61.02 in) sandwich panel system of a total thickness of 

260 mm (10.2 in) has been developed (Figure 3-1). It consists of two 55 mm (2.17 in) thick 

concrete wythes with a 150 mm (5.91 in) layer of extruded polystyrene (XPS) foam insulation 

between them. Within the insulation layer, four 100 mm (3.93 in) by 75 mm (2.95 in) longitudinal 



 

 

 

40

concrete studs spaced at 500 mm (19.69 in) were provided, reducing the insulation thickness to 

25 mm (0.98 in) between the studs and the wythes (Figure 3-1(c)). Shear connectors were placed 

perpendicular to the wythe face through the studs. The purpose of the stud is to enhance 

composite action by stiffening the central portion of the shear connectors thus reducing their 

effective span and shear deformation between the two exterior wythes (Figure 3-2). Since the 

studs were not directly in contact with either of the wythes, concrete thermal bridging was 

reduced. The panels were designed as single story elements and cast vertically to reduce the 

chances of cracking from stripping or thermal bowing often problematic with longer panels (PCI 

1997).  

The R-Value of the panel system drops about 30% (from 7.46 m2K/W (42.37 ft2F·h/Btu) to 

5.37 m2K/W (30.50 ft2F·h/Btu)) when the concrete studs are added, however, the reduced value 

remains adequate for application across North America with the exception of the arctic. It is 

important to note that without the studs, the effectiveness of connectors in transferring shear 

would drop significantly. 

3.2.2 Materials 

3.2.2.1 Concrete 

Concrete used in the panels had an average 28-day strength of 59 MPa (8500 psi) with a standard 

deviation of 3.7 MPa (540 psi) and a one-day stripping strength of 30 MPa (4350 psi). The mix 

was self-consolidating with a spread of 600 to 700 mm (23.62 to 27.56 in) and a maximum 

nominal aggregate size of 6 mm (0.24 in). Split cylinder tests at 28 days showed concrete tensile 

strengths of 4.4 MPa (640 psi) with a standard deviation of 0.54 MPa (78 psi). 
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3.2.2.2 Steel Reinforcement 

The panels were reinforced in each wythe with deformed welded wire steel mesh with a wire 

diameter of 7 mm (0.28 in) and spacing of 152 mm (6.0 in) in both directions. This results in a 

0.108% reinforcement ratio, which is the minimum ratio for walls in accordance with PCI (PCI 

1997). The steel mesh has a yield strength of 484 MPa (70.2 ksi) at a strain of 2595 με. Figure 

3-3 shows the stress-strain curves of the steel mesh from tests carried out on the straight sections 

between weld points and on sections including the welded connections. 

3.2.2.3 GFRP Shear Connectors 

Shear connectors were intended to be easily installed and fabricated from readily available GFRP 

bars, rather than using a specialized product.  As such, 245 mm (9.65 in) long segments were cut 

from commercially available sand-coated GFRP reinforcing bar. These segments were then 

sharpened at both ends for ease of insertion through the insulation layer. Three diameters of the 

GFRP connectors were used (Figure 3-4): 6.35 mm, 9.53 mm, and 12.7 mm (0.25, 0.38, and 0.50 

in). The reported minimum tensile strengths were 896, 827 and 758 MPa (130, 120 and 110 ksi), 

respectively, and the tensile modulus of elasticity was 46 GPa (6700 ksi). The shear strength was 

reported ‘to exceed 150 MPa (22 ksi)’. The author helped conduct a study  on these GFRP 

connectors using direct push-through double-shear tests representative of sections of the 

sandwich panel (Woltman et al. 2013). The specimens were supported on the two wythes and the 

load was applied to the concrete stud until connectors failed. From the study, it was concluded 

that the connectors fail in shear and not by pull-out from the concrete wythes. The sandwich 

panel configuration used has led to shear strengths of 112 ± 5.4, 108 ± 6.2, and 99 ± 12.7 MPa 

(16.2, 15.7 and 14.3 ksi) for the three GFRP bar sizes (from small to large), respectively. These 

values are lower than the shear strength of 150 MPa (21.7 ksi) reported by the manufacturer. 

However, it should be noted that reported values are based on a direct shear test whereas in the 



 

 

 

42

sandwich panel configuration, a 25 mm (0.98 in) gap exists between the wythe and stud, which 

allows bending in addition to shear in the connectors.  

3.2.2.4 Steel Shear Connectors 

Commercially available galvanized Z-shaped steel connectors were used (Figure 3-4) in a control 

specimen. They were 5 mm (0.20 in) in diameter and 205 mm (8.07 in) long with 60 mm (2.36 

in) long legs. The yield and ultimate strengths fsy and fsu reported by manufacturer were 483 MPa 

(70 ksi) and 689 MPa (100 ksi), respectively. Based on Von Mises criteria, the yield shear 

strength τsy of the connector, fsy/√3, is 279 MPa (40.4 ksi). 

3.2.3 Test Parameters  

Table 3-1 shows the test matrix of nine panels. The main parameters were varying the GFRP 

shear connector reinforcement ratio, in terms of using various diameters and spacing, and a 

comparison between GFRP and steel connectors. The study examined the effects of these 

parameters on the overall structural response of the panels in flexure. Control specimen GS was 

designed using conventional galvanized steel connectors spaced at 375 mm (14.76 in) according 

to common practice and recommendations given by the PCI state-of-the-art report on sandwich 

wall panels (PCI 1997). The connectors were placed along the centreline of the four longitudinal 

studs. The baseline control specimen BL was identical to GS, except that 9.5 mm (0.38 in) 

diameter GFRP connectors were used.  Specimens SL and SS were identical to BL, except that 

SL used a larger spacing of connectors, 750 mm (29.53 in), while SS used a smaller spacing, 225 

mm (8.86 in). Specimens DL and DS were identical to BL, except that DL used larger diameter 

connectors, 12.7 mm (0.50 in), while DS used smaller diameter connectors, 6.4 mm (0.25 in). 

Specimen DS had a similar connector spacing and a comparable total shear capacity of the 

connectors as control specimen GS, calculated as the shear strength (150 MPa (22 ksi) for GFRP 
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and 279 MPa (40 ksi) for steel) multiplied by the total connectors area in shear (Table 3-1).  

Specimens SL and SS, as well as DL and DS are intended to assess the effect of connector 

reinforcement ratio on structural performance in two different ways (varying connector spacing 

and size).  Reinforcement ratio in this context is defined as the ratio of total cross-sectional area 

of connectors located within the shear span to panel surface area in the shear span, as highlighted 

in Figure 3-1 (a).  Specimens AL and AS have close, but not exact, area of shear connectors as 

BL, but they use larger (12.7 mm (0.50 in)) and smaller (6.4 mm (0.25 in)) connectors, 

respectively. Specimen BB is identical to BL, except that the bond between the foam insulation 

and concrete was broken by covering the foam with a plastic sheet on both sides, in order to 

assess the contribution of adhesion and friction between to the two materials. 

3.2.4 Fabrication of Test Specimens 

The panels were cast vertically inside a steel form at a precast concrete plant. Casting vertically 

provides numerous advantages. The required formwork takes up less space within a precasting 

plant than traditional flat tables, allowing for greater productivity within the same space. It also 

allows for three-wythe panels to be produced with similar effort and cost, unlike casting on a flat 

table. It is also possible to completely eliminate concerns from the construction loads from tilt-up, 

given that the panels can always be cast, lifted, shipped and installed in an up-right position. 

Additionally, a form finish (either smooth or architectural) can be placed on both sides of the 

wall.  To produce the panels, first the core insulation foam units were prepared and shaped to 

accommodate the concrete studs. The shear connectors were then inserted into the foam core at 

proper locations within the stud cavities. The steel mesh was installed on both sides of the foam 

and secured in position using plastic chairs such that the clear concrete cover was 25 mm (0.97 

in). The foam core assembly (Figure 3-1 (d)) was then inserted into the steel forms and positioned 

to maintain the proper thickness of the wythes on either side. After casting, the forms were 
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stripped at 24 hours and the panels were then moved outdoors for air curing. The panels were 

stored horizontally for periods ranging from two to ten months before being shipped to the 

laboratory. During this time the panels were exposed to temperatures ranging from 32°C (90°F) 

to -28°C (-18°F), as well as rain and snow. 

3.2.5 Test Setup 

The panels were tested in four-point bending with a clear span of 2250 mm (88.6 in) and a 400 

mm (15.7 in) wide constant moment zone (Figure 3-5). This resulted in two constant shear zones 

of 925 mm (36.4 in) at either end. Load was applied using stroke control at a rate of 2 mm (0.079 

in) per minute using a 2000 kN (450 kip) hydraulic actuator. A stiff spreader beam was used to 

apply the load onto two steel rollers placed on two 102×102×9.5 mm (4.0×4.0×0.38 in) hollow 

steel sections plastered to the top of the specimen across the full width of the panel (Figure 3-5).   

3.2.6 Instrumentation 

Deflections in the constant moment zone were measured using three linear potentiometers (LPs) 

underneath the panel, spaced at 200 mm (7.87 in). Relative slip between each wythe and the stud 

at either end of the panel was also measured using LPs mounted on the header and footer. These 

slip values were compared to values measured using an independent technique, Particle Image 

Velocimetry (PIV), or sometimes referred to as Digital Image Correlation (DIC). This system 

relates digital photographs taken at various loading intervals to each other using ‘texture patches’ 

to establish deformations (Figure 3-6 (a)). Texture patches are defined regions on a photograph 

that PIV analysis software searches for in a defined ‘search zone’ based on contrasts over a series 

of photos (White et al. 2003).  Photos were taken at 15 second intervals using a Canon XTI 

Digital Rebel camera with an EFS 18-55 mm lens from a fixed location, 2 m (6.56 ft) from the 

specimen. The target region was 200 mm (7.87 in) long at one end of the panel. The 2592×3888 
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pixels photographs were related to each other based on 64×64 pixel sized 4.5×4.5 mm (0.17×0.17 

in) texture patches defined afterwards using PIV software written in MATLAB (White and Take, 

2003). As concrete has relatively poor surface texture, additional texture was created using black 

spray paint. This analysis produced vector displacement fields of the specimen ends which were 

then used to determine slip at the end of the panel. 

Concrete surface strains in the constant moment zone of the panel were measured along the 

depth of the panel on one side using 100 mm (3.94 in) displacement-type strain transducers (PI 

Gauges) measuring strains at the top and bottom of each wythe and the exterior stud. Concrete 

surface strains were also measured with two 50 mm (1.97 in) electrical resistance strain gauges at 

mid-span, at mid-width of the top surface and underneath the top PI Gauge on the side. 

Steel strains in the bottom layer of reinforcement were measured using two 5 mm (0.20 in) 

electrical resistance strain gauges at mid-span, 400 mm (15.75 in) from either edge of the panel, 

midway between welds on the mesh. 

3.3 Experimental Results and Discussion 

The following sections present the test results in terms of load-deflections responses, load-end 

slip responses, strain distributions along the depth of the panel, and failure modes. The effects of 

various parameters on structural behaviour are discussed. 

3.3.1 Load-Deflection Responses 

Figure 3-7 shows the load-deflection responses of all panels. Also shown as a reference in these 

graphs are the theoretical fully composite (CP) and fully non-composite (NC) responses as upper 

and lower bounds. Generally, all responses fall in between the two bounds, indicating various 

levels of partial composite behaviour. All panels satisfied the peak 50 year return period 

Canadian factored wind pressure of 2.9 kPa (60.48 psf), translating into an equivalent applied 
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load of 6.47 kN (1.45 kips), as marked in Figure 3-7 (a-d). Even under factored loads, panel 

deflections satisfied serviceability limits of 6.25 mm (0.25 in) (from the span/360 requirement 

common for architectural features).  Important points are marked on graphs, namely: cracking of 

stud, cracking of first and second wythes, first yielding of steel reinforcement in tension wythe, 

and peak load. Table 3-2 summarizes the cracking, yielding and maximum loads as well as 

ductility ratio defined as the ratio of deflections at ultimate to yielding (Δu/Δy). Due to partial 

composite action, it was observed that studs consistently cracked prior to the wythes. In systems 

lacking composite action, various concrete layers take applied moments proportional to their 

respective individual moment of inertia and inversely proportional to the distance to their extreme 

tension fibres from their respective centroids (i.e. Mcr α [I / y]). As a result, the cracking moment 

of the studs was about 36% lower than the wythes, despite being the central layer. However, this 

led to only a slight reduction in stiffness. Since the studs were not reinforced longitudinally, 

cracks usually occurred at connector locations and extended through the full depth of studs. Both 

wythes generally cracked at the same load level but occasionally their cracking loads varied due 

to slight variations in their thicknesses. Cracking loads of the panels varied widely depending on 

the bond strength of the foam to concrete, any slight variations in wythe thickness from nominal, 

and the size and spacing of shear connectors. Theoretical analysis shows that cracking loads for 

the extreme NC and CP cases are 5.0 and 78.7 kN (1.1 and 17.7 kips), respectively. Upon 

cracking of both wythes, noises were typically heard indicating failure of the adhesion bond 

between the foam and the concrete. At this point, the stiffness of the panels dropped sharply. The 

load then continued to rise until yielding of steel reinforcement occurred in the lower wythe but 

unlike the extreme CP and NC cases, yielding was not indicated by a distinct change in the 

stiffness, which was already low given the excessive slip between the concrete wythes and the 

insulation. It is clear that progressive slip between wythes is a much more dominant mechanism, 

than steel yielding, in terms of its influence on the reduced stiffness after cracking. This makes 
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the impact of the yielding event much less noticeable in the load-deflection response, contrary to 

fully-composite sections.  The load continued to rise gradually until a peak load was reached 

indicating failure of the first connectors. The load then declines progressively in a step-wise 

fashion as more connectors are sheared. 

3.3.2 Load-Slip Responses 

Figure 3-8 shows the load-slip responses of the test panels. Each panel is represented by a total 

slip that reflects the sum of slip between all three layers at both the north and south ends of the 

panels. Detailed slip values at peak loads are given in Table 3-3. The amount of cumulative slip is 

a reflection of the level of partial composite action. Cracking of the last wythe consistently 

corresponded to the onset of excessive increase in slip and the loss of adhesion bond, which 

progresses from the ends inwards. Before cracking, load-slip responses of both the top and 

bottom planes between the insulation and concrete were very similar. However, upon the onset of 

foam adhesion failure, slip in the bottom plane becomes larger than in the top plane (Figure 3-9) 

and eventually GFRP connectors fail at this plane (Figure 3-10).   

The PIV technique generates a series of matrices depicting deformations of the texture 

patches. These matrices, each representing deformation of one image from the original 

photograph, can be plotted to generate a vector field showing overall deformations. This can be 

seen, along with the original photographs of the panel end at three stages: before testing, at 

adhesion bond failure, and at peak load (Figure 3-6 (b)), where slip at the bottom plane is clearly 

larger. These end deformations were used to create load-slip curves for each test to compare with 

the LP results (sample shown in Figure 3-9).  The results agreed quite well for all tests until near 

ultimate loading at which point some texture patches shifted enough for the analysis to lose 

accuracy. Errant vectors at the two interfaces result from the foam layer cracking or compressing 

such that PIV can no longer recognize texture patches. 
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3.3.3 Strain Profiles 

Strains in various tests at mid-span are presented in Figure 3-11 for panels BL, SS and SL at 

various stages, including just before and after cracking of the studs and wythes, at steel 

reinforcement yielding and at the panel’s ultimate load. It is noticed that despite this being a 

constant moment region, there were large discontinuities between the concrete layers. This can be 

linked to localized effects due to cracking at the point of strain measurement. The concrete 

compressive zone depth was found to be very shallow after cracking and was well above the 

mesh reinforcement within the wythe as a result of the inherently low reinforcement ratio of wall 

panels. It can also be seen that the stud is fully cracked in tension, as a result of being 

unreinforced.  As shear connectors increase in size, it was observed that cracks in the stud layer 

became larger. Therefore, their effectiveness in restraining shear deformations of the connectors 

between the two wythes was reduced, relative to panels with smaller connectors which experience 

smaller crack widths in studs. 

3.3.4 Effect of Varying Spacing of GFRP Connectors 

This parameter can be assessed by comparing specimens SS, BL and SL with 9.5 mm (0.38 in) 

GFRP connectors and 225, 375 and 750 mm (8.86, 14.76 and 29.53 in) spacing, respectively. 

Similarly, it can also be assessed by comparing specimens DL and AL, and specimens DS and 

AS. Figure 3-12(a) shows the variation of ultimate load with connector spacing for the three 

different diameters.  Generally, as the spacing reduces, the load capacity increases due to the 

enhanced composite action. It appears, however, that spacing less than 375 mm (14.76 in) may 

not lead to any further gain in strength. Although specimens BL and SS reached about the same 

peak load, SS reached this load at a smaller deflection (Figure 3-7(a)) and smaller slip (Figure 

3-8(a)).  
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3.3.5 Effect of Varying Diameter of GFRP Connectors 

This parameter can be assessed by comparing specimens DS, BL and DL of 6.4, 9.5 and 12.7 mm 

(0.25, 0.375 and 0.5 in) diameters, respectively, all at 375 mm (14.76 in) spacing. Similarly, it 

can be assessed by comparing the two specimens, SL and AL, with 750 mm (29.53 in) spacing.  

Figure 3-12(b) shows the variation of ultimate load with the cross-sectional area of the connector.  

Generally, the load increases as the connector size increases for the 375 mm (14.76 in) spacing 

due to the enhanced composite action.  For the large spacing of 750 mm (29.53 in), however, 

specimens SL and AL show that the diameter did not have a noticeable effect on ultimate load. It 

is worth noting that panel DS had a significantly higher wythe cracking load than other panels. 

This was found to be attributed to the abnormally higher foam adhesion strength relative to the 

other tests. 

3.3.6 Effect of Varying Connector Reinforcement Ratio in General 

Figure 3-13(a) shows the effect of the shear connector reinforcement ratio on the yielding load of 

the panel. Generally the yielding load increases as the connector reinforcement ratio increases, 

but at a very low rate. Specimen DS does not follow the trend due to the abnormally higher 

cracking load as indicated earlier. Figure 3-13(b) shows the effect of shear connector 

reinforcement ratio on the ultimate load, which is normalized as a ratio of the fully composite 

panel’s ultimate load. The general trend suggests that the ultimate capacity increased from about 

0.55 to 0.80 of the fully composite strength as the connectors ratio increased from about 0.015% 

to 0.10%. Specimen BB with bond breaker does not follow this trend as will be discussed later. 

Figure 3-13(b) also suggests, based on extrapolation of the trend line, that if no shear connectors 

are used (i.e. zero connectors ratio), the ultimate strength would still be significant, about 0.5 the 

fully composite strength, due to the adhesion and friction between concrete and foam. Given that 

the fully non-composite strength ratio is 0.2, it can be estimated that adhesion and friction 
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contribution is about 0.3 the fully composite strength. This fact offsets some of the importance of 

varying the shear connector reinforcement ratio. If the 0.5 strength ratio contribution from non-

composite and foam contribution (which is assumed constant for any reinforcement ratio) were 

removed, the increase in capacity is proportional to the increase in shear connector reinforcement 

ratio (based on the 0.55 to 0.80 increase in strength ratio seen for the range of 0.015% to 0.1% 

reinforcement ratio). For a panel with the minimal practical reinforcement ratio (0.01%), the 

ultimate strength would be about 0.53 that of the full composite. 

It was observed that crack widths in the stud are wider with large diameter connectors 

relative to small diameter connectors, which reduces the effectiveness of the large connectors. 

This can be clearly seen by comparing the ultimate loads of specimens AL with large diameter 

connectors and AS with small diameter connectors. Although AS had a slightly smaller 

reinforcement ratio (0.057%), relative to AL (0.065%), it showed a 30% higher ultimate load 

(Figure 3-7(c)) because of the reduced effectiveness of connectors in AL due to wider cracks in 

the studs. However, the larger cracks in DL and AL permitted greater connector deformation 

before failure in addition to higher ductility than observed with smaller connectors. The ductility 

index was not greatly affected by the change in reinforcement ratio for connectors of the same 

diameter. 

3.3.7 Effect of Foam Adhesion Bond 

Figure 3-7(d) and Figure 3-8(d) show the load-deflection and load-slip performances of the bond 

breaker panel (BB), in comparison to its counterpart BL specimen of the exact same GFRP 

connectors’ size and spacing.  It is clear that specimen BB had a much lower peak load than BL, 

almost half the strength, due to the bond breaker reducing the friction and adhesion bonds 

between the foam insulation and the concrete. The lower adhesion level also led to a significantly 

lower cracking moment of the wythes than BL and hence significantly larger deflections at 
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similar loads thereafter. This result highlights the significant impact of foam bond and friction on 

the structural response of sandwich panels.  Unfortunately, foam bond is quite variable and may 

not be reliable over time due to thermal and loading cycles, which would likely compromise the 

strength gained from this bond mechanism.  

3.3.8 Steel versus GFRP Connectors 

Figure 3-7(d) and Figure 3-8(d) show the load-deflection and load-slip performances of control 

specimen GS with galvanized steel connectors. Specimen GS was linked to DS of small GFRP 

connectors, in terms of the equivalent capacity of the connectors in shear. Table 3-2 shows that 

their ultimate loads were only 15% different.  The steel connectors failed by pulling out after 

yielding as was made evident by horizontal cracks at the level of the connector embedment legs. 

This failure mode was not observed in any of the GFRP tests as those connectors ruptured 

without pulling out. The peak load of the DS specimen, and hence rupture of the GFRP 

connectors, occurred at a total end slip of approximately 12 mm (0.47 in), while the peak load in 

GS occurred at 35 mm (1.38 in) slip. The added shear deformation capacity of the steel 

connectors explains the higher ductility index observed in GS (4.38) relative to DS (1.78). 

3.3.9 Failure Modes 

After adhesion bond failure between the foam and concrete, that typically occurred upon cracking 

of the wythes, shear force transfer occurs primarily through the shear connectors and friction 

between the foam and concrete.  Initially, shear connectors were largely subject to shear and 

some bending, but as they deformed, they were also likely subject to some axial loads. Near 

ultimate, layers of fibres in the connectors began to delaminate. Upon reaching the ultimate load, 

noises were heard within the panels, immediately followed by sharp load drops, indicating 

connector failure (Figure 3-10).  This failure occurred at varying critical slips (Table 3-3), 
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depending on connector diameter and arrangement. For all tests, the row of connectors closest to 

the supports ruptured first. Connectors within the same row failed in quick succession. As the 

panel deflected further, slip increased until the next row of connectors closer to midspan failed. 

Each connector row failure happened at a lower load than the previous and this progressed until 

all connectors within the shear span failed. Slip arises from the accumulation of differential strain 

between the concrete layers. From symmetry, slip is zero at midspan and is greatest at the panel 

ends, prompting the connectors to fail there first. 

3.4 Chapter Summary and Conclusions 

The following conclusions may be drawn from the experimental study on sandwich panels with 

GFRP shear connectors of various sizes and spacing: 

1. As reinforcement ratio of GFRP shear connectors (total cross-sectional area of connectors 

to surface area of panel in shear span) increased from 0.026% to 0.098%, the ultimate load 

of the partially composite panels increased from 58% to 80% of the strength of the fully 

composite panel. The fully non-composite strength of these panels is 20% of the full 

composite strength. 

2. In a panel with GFRP connectors of 0.055% reinforcement ratio, adhesion and friction 

between the foam core and concrete has contributed about 50% of the total ultimate load. 

3. It is estimated that a panel without any shear connectors will have 50% the strength of a 

fully composite panel due to adhesion and friction alone. However, adhesion and friction 

are unlikely to be reliable over service life and could be quite variable. 

4. The ‘floating’ concrete stud enhanced composite action by stiffening the central portion of 

the connectors, thus reducing their effective unsupported length and hence the amount of 

shear deformation of connectors between the wythes. However, its effectiveness was 

inversely proportional to connector diameter.  Because the studs were unreinforced, 
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cracking at connector locations reduced their effectiveness, especially as connector 

diameter increased. However, this allowed higher ductility in the panels, especially those 

with the 12.7 mm (0.50 in) connectors. 

5. The flexural response of these panels is generally trilinear. The first key point represents 

stud cracking, while the second point represents cracking of the two wythes, typically 

almost simultaneously.  The last point represents peak load when the first shear connector 

fails. Although flexural reinforcement yields during loading, yielding is not characterized 

by a distinct change in stiffness, due to the inherently low degree of composite action and 

large slip between concrete layers in these panels at this point during the loading history. 

6. Despite the small embedment lengths of the sand-coated GFRP straight connectors in the 

wythes, there was no evidence of the connectors pulling out of the concrete and all were 

observed to have fractured. The smooth surfaced steel Z-connectors, on the other hand, 

pulled out after considerable slip. 

7. Relative slip between concrete layers at the end of the panel is a reflection of the level of 

composite action. The results of PIV technique showed excellent agreement with results 

from linear potentiometers. 

It is suggested that future studies address similar panels but provide a minimum longitudinal 

reinforcement ratio in the studs, in order to control cracking and enhance composite action within 

the sandwich panel, given that a large factor affecting relative slip was the lateral deflection of the 

connectors arising from crack opening in the studs. 
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Table 3-1: Test matrix (Note: 100 mm = 3.94 in, 1 MPa = 6.9 ksi) 

Test 
Code 

Shear 
Connector 
Description 

Concrete 
Strength 
fc’, MPa 

Connector 
Material 

Connector 
Diameter, 

mm 

Connector 
Spacing, 

mm 

Number of 
Connectors 

in Shear 

Connector 
Area in 
Shear, 
mm2 

Connector 
Reinforcement 

Ratio (% of 
surface area) 

GS Control 
Steel 62 

Galvanized 
Steel 

4.97 375 24 471 0.0152 

BL 
Baseline 

Panel 
56 GFRP 9.5 375 24 1701 0.0549 

SL 
Large 

Spacing 
62 GFRP 9.5 750 16 1134 0.0366 

SS 
Small 

Spacing 
58 GFRP 9.5 225 40 2835 0.0915 

DL 
Large 

Diameter 
63 GFRP 12.7 375 24 3040 0.0981 

DS 
Small 

Diameter 
54 GFRP 6.4 375 24 796 0.0257 

AL Constant 
Area 1 54 GFRP 12.7 750 16 2027 0.0654 

AS Constant 
Area 2 53 GFRP 6.4 125 56 1773 0.0572 

BB 
Bond 

Breaker 
62 GFRP 9.5 375 24 1701 0.0549 
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Table 3-2: Summary of cracking, yielding and ultimate loads (Note: 1 kN = 0.225 kip) 

Test 
Code 

Stud 
Cracking 
Load, kN 

First 
Wythe 

Cracking 
Load, kN 

Second 
Wythe 

Cracking 
Load, kN 

Yielding 
Load, kN 

Ultimate 
Load, kN 

Ductility 
Index 
(Δu/Δy) 

GS 9.0 19.4 26.8 35.0 53.8 4.38 
BL 13.5 36.5 36.7 43.4 67.9 2.19 
SL 15.5 27.9 33.5 35.8 51.8 2.29 
SS 21.2 38.4 47.9 46.8 68.9 2.22 
DL 17.2 35.7 36.2 44.6 74.8 3.40 
DS 10.1 59.8 62.3 58.6b 62.8 1.78 
AL 24.3 30.7 30.7 36.5 50.6 3.02 
AS 20.3 24.6 33.3 45.0 66.4 2.24 
BB 7.5 13.6 21.6 28.1 35.0 1.82 
Ca 78.8 78.8 78.8 78.8c 95.1 -- 

NCa 4.7 5.6 5.6 14.7 17.3 -- 
a C and NC are theoretical and are not from test results. 
b Yielding of DS happened at a higher deflection than cracking but occurred 
during the drop in load observed after the specimen cracked. 
c Section yields upon cracking as steel reinforcement ratio is very low. Due to 
nature of composite panel, cracking of all three concrete regions occurs 
simultaneously 

 

Table 3-3: Slip values at ultimate load (critical slip plane underlined) (Note: 1 kN = 0.225 
kip, 100 mm = 3.94 in) 

Test 
Code 

Peak 
Load, 

kN (kips) 

Slip at Ultimate Load (Connector Failure) 
South Side Slip, 

mm 
North Side Slip, 

mm  
Total Slip, 

mm 
Top Bottom Top Bottom Top Bottom 

GS 53.8 5.49 9.77 4.70 14.85 10.10 24.62 
BL 67.9 2.57 6.30 1.84 7.43 4.41 13.73 
SL 51.8 1.57 8.94 0.69 7.41 2.26 16.35 
SS 68.9 1.19 5.41 0.10 7.01 1.29 12.42 
DL 74.8 1.93 10.45 0.43 8.85 2.36 19.30 
DS 62.8 3.68 3.75 0.94 3.13 4.62 6.88 
AL 50.6 5.51 9.57 0.78 4.70 6.29 14.27 
AS 66.4 0.69 5.72 4.13 6.51 4.82 12.23 
BB 35.0 2.06 10.23 2.79 9.64 4.85 19.87 
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(d) – Foam, Steel Mesh and Connectors 

Figure 3-1: General test panel configuration 
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Figure 3-2: Shear transfer mechanisms and the effect of the concrete stud system 
 

 

Figure 3-3: Stress-strain curves for the steel mesh reinforcement 
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Figure 3-4: Shear connectors showing the three GFRP bar sizes and the steel connector 

 

 

 

Figure 3-5: Test setup and instrumentation (Note: 100 mm = 3.94 in) 
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Figure 3-6: (a) PIV concept: initial patch A, after deformation B, and displacement vector 
in overlaid patches C (b) PIV displacement vector field (×5 for clarity) measured in panel 

SS before testing, after adhesion bond failure, and at ultimate load (Note: 100 mm = 3.94 in) 

 

(a) 

(b) 
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Figure 3-7: Load-deflection curves of test specimens (PC and NC are predictions based on fully composite and non-composite behaviour). 

Deflection limits (span/360) and factored maximum wind loading are also included
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(b) Varying Connector Diameter & Area
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(c) Varying Connector Diameter & Spacing
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(d) Steel Connector and Bond Breaker
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(a) Varying Connector Spacing & Area
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Figure 3-8: Load-total slip responses of test specimens
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(c) Varying Connector Diameter & Spacing
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(d) Steel Connector and Bond Breaker
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Figure 3-9: Load-slip responses of panel BL for both ends at bottom and top planes using 
LPs and PIV analysis 

 

 

Figure 3-10: Slip at the end of panel BB at ultimate load and failure of GFRP connector. 
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Figure 3-11: Strain profiles of selected panels (steel mesh location highlighted with dotted 
line) 
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            (a)                                                                    (b) 

Figure 3-12: Effect of (a) connector spacing, and (b) connector cross-sectional area, on 
ultimate load 

 
 
 
 

     

         (a)       (b) 

Figure 3-13: Effect of shear connector reinforcement ratio on (a) yield and (b) ultimate 
loads 
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Chapter 4 

The Axial Load-Bending Moment Interaction Diagram of Partially 

Composite Precast Concrete Sandwich Panels2 

4.1 Introduction 

Precast concrete sandwich panels are commonly used as exterior building members for carrying 

combined lateral and gravity loads (PCI 2011). They are typically composed of two precast 

concrete layers (wythes) surrounding a layer of rigid insulation that combines thermal and 

structural performances. The panels are precast in a plant then shipped to site as a unit, including 

cast-in finishes and utility conduits which is advantageous as it reduces construction time, 

minimizes the required trades on job sites, and provides higher levels of quality control relative to 

other exterior wall systems (PCI 1997). 

Structurally, panel behaviour is heavily influenced by the degree of force transfer between 

wythes, known as the degree of composite action (PCI 1997). This force is transferred through 

ties known as shear connectors. Under complete force transfer, the two wythes act as a unit and 

are termed fully-composite (FC) while if no force is transferred, the wythes act independently and 

are termed non-composite (NC). Panels with responses between these two extremes are partially 

composite, which includes almost all panel designs without solid concrete regions (Bush and 

Stine 1994). Non-composite behaviour is manifested visually via relative slip between the wythes 

arising from the accumulation of differential strain, similar to how curvature relates to deflection 

(Allen 1969). The behaviour of FC or NC panels is readily predicted by designers but partial 

                                                      

2Manuscript under review: Tomlinson, D.G. and Fam, A. (2015) “The Axial Load-Bending Moment 
Interaction Diagram of Partially Composite Precast Concrete Sandwich Panels.” ACI Structural Journal. 
Submission date: June 9, 2015, under review. 
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composite behaviour is more cumbersome and typically relies on either designer experience or 

complex modeling. 

Panels with high degrees of composite action are more structurally efficient as less material 

is required for strength and serviceability requirements. However, this usually comes with 

sacrificing thermal insulation (R-value) due to thermal bridging through the required larger areas 

of shear connectors (Bush and Stine 1994, Einea et al. 1991). Composite walls are also more 

susceptible to thermal bowing (Woltman et al. 2013). 

There is inconsistency in quantifying composite action in panel systems (Pessiki and 

Mlynarczyk 2003). Strength-based methods compare ultimate, cracking, or yielding forces to 

theoretical values for NC and FC panels (CPCI 2007); stiffness-based methods, relevant at 

service conditions, relate the panel moment of inertia from experimental concrete stresses at the 

top and bottom of the panel (Salmon et al. 1997; Benayoune et al. 2008) or by using elastic theory 

deflections (Pessiki and Mlynarczyk 2003) to a composite section. Composite action has also 

been evaluated using wythe moment-curvature relationships (Hassan and Rizkalla 2010). 

Shear connectors are typically composed of steel, concrete, fibre-reinforced polymers (FRPs) 

(Salmon et al. 1997), or plastics (PCI 1997, Woltman et al. 2013) arranged in configurations such 

as: solid concrete regions (Lee and Pessiki 2007), bent-bar FRP (Salmon et al. 1997; Einea et al. 

1994), welded-wire steel trusses (Bush and Stine 1994, Benayoune et al. 2006), straight ties (PCI 

1997, Tomlinson and Fam 2014), and FRP grids (Hassan and Rizkalla 2010; Frankl et al. 2011). 

The high stiffness of steel provides for more composite wall systems than equivalently arranged 

plastics and FRPs at the cost of thermal efficiency (Bush and Stine 1994); solid concrete regions 

provide full or near-composite behaviour but reduce R-value substantially (McCall 1985). 

Insulation is typically composed of expanded (EPS) or extruded (XPS) polystyrene though 

other types of rigid foam have also been used (PCI 1997). The insulation adds to composite 

behavior (Hassan and Rizkalla 2010; Tomlinson and Fam 2014), with EPS contributing more 
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than XPS due to its rougher texture (Hassan and Rizkalla 2010), but this is often neglected by 

designers beyond installation (PCI 2011) as the insulation-concrete bond is expected to degrade 

under freeze-thaw cycles (PCI 1997; Pessiki and Mlynarczyk 2003). The insulation is typically 50 

– 100 mm (2 – 4 in) thick but varies based on the desired R-value (PCI 1997). 

Testing programs investigating flexural behaviour of sandwich panels typically focus on 

types or arrangements of shear connectors (PCI 1997; Salmon et al. 1997; Einea et al. 1994, 

Tomlinson and Fam 2014) and insulation (Hassan and Rizkalla 2010; Frankl et al. 2011). Axial 

tests are rarer but experiments focusing on eccentrically-loaded panels with various slenderness 

ratios have been completed and showed highly composite results when solid concrete regions 

between wythes are used (Benayoune et al. 2006). Axial loads have also been applied to a largely 

composite panel through corbels, realistic for precast concrete construction (Hassan and Rizkalla 

2010; Frankl et al. 2011). 

4.2 Research Significance 

The behaviour of fully composite and fully non-composite concrete sandwich panels is relatively 

clear and readily  predicted using design codes but partial composite behaviour is more complex, 

especially under combined loading. This study develops experimentally the full axial load-flexure 

interaction diagram for a partially composite sandwich panel under various axial loads simulating 

gravity loads, while being subjected to transverse loading representing wind pressure. The 

interaction diagram is compared to fully composite and fully non-composite wall systems. 

Various methods of assessing the level of composite action are investigated. The effects of 

slenderness are also taken into consideration. 
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4.3 Experimental Program 

4.3.1 Panel Description 

The tested full scale sandwich panel is a 2700 mm (106.3 in) long and 1200 mm (47.2 in) wide 

non-prestressed two-wythe system with angled steel shear connectors and EPS foam. The full 

width panel includes two webs integrated with the structural wythe. A flexural test of one of the 

specimens (without any axial load) was conducted on the full width panel; the remaining 

specimens  were subjected to axial or combined axial-flexure loads tests performed on 2700 mm 

(106.3 in) long, 600 mm (23.6 in) half-width panels with a single web (shown in Figure 4-1). This 

was done to be able to apply expected design levels of axial compression loads using the 

available self-reacting setup and hydraulic ram. The structural wythe has a Tee-shape cross 

section with 60 mm (2.36 in) thick flanges and 90 mm (3.54 in) deep webs. The web width varies 

from 50 mm (1.97 in) to 70 mm (2.76 in) (Figure 4-1(c)). The webs were integrated with the 

structural wythe and spaced at 600 mm (23.6 in).  The facade wythe has a 60 mm (2.36 in) thick 

rectangular cross section. The ends of the structural wythe include 150 mm (5.91 in) deep and 

100 mm (3.94 in) wide reinforced concrete headers to distribute axial loads (Figure 4-1(a)). 

Insulation between the wythes is nominally 150 mm (5.91 in) thick but reduces to 60 mm (2.36 

in) at the location of the concrete web.  Based on a revised zone-method (Lee and Pessiki 2008), 

the R-Value of the panels, including shear connectors, is 2.86 m2K/W (19.8 h•ft2°F/Btu), 

adequate for mass walls in ASHRAE 90.1-2010 Climate Zone 7. 

4.3.2 Materials 

4.3.2.1 Concrete 

A self-consolidating mix with a spread of 600 – 700 mm (23.6 – 27.6 in), maximum nominal 

aggregate size of 6 mm (0.24 in), and one-day stripping strength of 30 MPa (4.35 ksi) was used 

for the panels. Test-date concrete cylinders gave strengths between 57.5 and 62.9 MPa (8.33 and 
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9.04 ksi) for the full scale panels and 47.5 and 51.5 MPa (6.88 and 7.4 ksi) for the stub column 

specimens. 

4.3.2.2 Reinforcement 

The wythes were reinforced at mid-thickness with 200×200 mm (7.87×7.87 in) deformed steel 

welded wire reinforcement of D5 bars (diameter of 6.25 mm (0.25 in) and area of 32.3 mm2 (0.05 

in2)). At the web location, the structural wythe also contains two longitudinal D8 deformed bars 

with cross-sectional area of 51.6 mm2 (0.08 in2) and diameter of 8.10 mm (0.32 in)) each. One D8 

was centred in the web while the other was tied to the flange reinforcement (Figure 4-1(c)). The 

total steel reinforcement area relative to the total area (Ag) of the full scale panel based on both 

wythes combined was 0.0038Ag longitudinally and 0.0026Ag transversely, satisfying minimum 

requirements for walls in ACI 318-14 and CSA A23.3-14. Tension tests showed that the mesh has 

a modulus of elasticity of 196 GPa (28.4 msi), yield strength at 0.2% offset of 603 MPa (87.4 

ksi), and an ultimate strength of 651 MPa (94.4 ksi). The headers were reinforced with four 

transverse 10M bars (area of 100 mm2 (0.16 in2)) placed at each corner, with 25 mm (0.98 in) 

cover. 

4.3.2.3 Insulation 

EPS insulation with a density of 27.4 kg/m3 (1.71 lb/ft3) was used. Based on compression tests, 

the foam has a compressive strength at 10% strain of 160 kPa (23.2 psi) with a standard deviation 

of 5.0 kPa (0.73 psi). The elastic modulus of the insulation was found to be 9.2 MPa (1.3 ksi) 

with a standard deviation of 1.1 MPa (160 psi). The EPS has a reported thermal conductivity of 

0.029 W/m•K (0.20 Btu•in/h•ft°F). 

4.3.2.4 Shear Connectors 

The wythes were connected with five pairs of deformed D5 bar shear connectors spaced at 600 

mm (23.6 in) longitudinally along the panel (Figure 4-1(a)). The shear connectors accounted for 
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0.02% of the panel’s surface area. They were tied to the façade reinforcement and extended into 

the web to the flange/web interface of the structural wythe (Figure 4-1(d)). In each pair, one 

connector was inserted perpendicularly to the panel face with the other inserted at 45°. The 

diagonal connectors were arranged to be in tension if the wall is subject to external wind pressure. 

4.3.3 Panel Fabrication 

The panels were cast vertically in a steel form at a precast concrete plant, which saves plant space 

and allows for higher productivity per unit area. The upright position also minimizes flexural 

loading from stripping and lifting. This method is suited for single-storey panels and allows for 

the fabrication of very wide sections, reducing panel-to-panel joints along the building.  Prestress 

could be provided in the transverse direction if desired but it may not be practical nor is it 

necessary in the longitudinal direction of one-storey short panels such as those tested in this 

study.   

The insulation was pre-shaped to accommodate the web of the structural wythe. 

Reinforcement was tied to the foam using wheel spacers and chairs. The shear connectors were 

then inserted. A concern with vertical casting is that large differential pressure can develop during 

casting if the wythes are not poured equally. To prevent lateral bearing failure of the foam, 

reinforcement chairs were placed on plastic shims to better distribute load into the insulation 

during casting. An 8 mm (0.3 in) thick architectural brick feature was added to the facade. This 

increases the panel thickness but has negligible structural contribution as the pattern is 

discontinuous along the panel’s length. The panels were stored horizontally outdoors for six 

months prior to testing. Over this time, they experienced temperatures between -21 and 22 °C (-6  

to 72 °F) and were exposed to rain and snow. 
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4.3.4 Test Matrix 

The study included panel tests conducted under various levels of combined flexural and axial 

compression loads as well as ancillary stub tests under axial compression loads, as follows: 

4.3.4.1 Full Scale Panel Tests 

Five full scale panels were tested to failure, three of which under out-of-plane flexural loading 

while being subjected to varying degrees of constant axial compression loading, one tested in 

flexure only, and one under axial loading only. The test matrix is described in Table 4-1. The 

various levels of axial load were intended to establish the full axial load-bending moment 

interaction curve, while also representing: non-load bearing walls without any axial load (FL), 

two different axial load levels within typical service load range, namely 150 kN (33.7 kips) and 

300 kN (67.4 kips) (C1, C2), a case of severe over-loading to 600 kN (135 kips) (C3), and a case 

of axial loading to failure without any transverse flexural loading (AX).  

4.3.4.2 Stub Tests 

Due to slenderness effects, the part of the axial force-moment interaction diagram at high axial 

loads could not be captured with the full-length panels. As such, nine stub columns, representing 

a cut section of the panel, were tested with various eccentricities to investigate short column 

behaviour, as shown in Table 4-2.  Each stub column was 300 mm (11.81 in) tall, 250 mm (9.84 

in) wide, and included a web of the same dimensions as the full-size panels.  The width of the 

wythes was narrower than the full scale panel to enable failure within the capacity of the loading 

machine. This in turn resulted in a slightly higher longitudinal steel reinforcement ratio of 

0.0046Ag.  When combining results of the two test series to develop the full interaction diagram 

later, data was normalized to compensate for the size difference. Three stub columns were tested 

without façade wythes (S-stubs), at 5 mm (0.20 in), 15 mm (0.59 in), and 50 mm (1.97 in) 

eccentricities. These eccentricities were measured relative to the centroid of the Tee-shape 
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structural wythe. The remaining six columns all had façade wythes and each had a shear 

connector pair of the same dimensions as the full-size panels. Three of which were loaded 

through the structural wythes only (P-stubs), at zero, 50 mm (1.97 in), and 80 mm (3.15 in) 

eccentricities. These eccentricities were also measured relative to the centroid of the Tee-shape 

structural wythe, representing the none composite (NC) centroid. The remaining three stubs were 

loaded across the entire panel (F-stubs), representing the fully composite (FC) case, at zero, -10 

mm (-0.39 in), and -50 mm (-1.97 in) eccentricities.  These eccentricities were measured relative 

to the centroid of the entire (FC) cross section.  The eccentricities were selected to capture the 

upper region of the axial force – bending moment interaction diagram. Limitations of the test 

setup prevented the eccentricities from being equal between specimens. 

4.3.5 Test Setup and Instrumentation 

4.3.5.1 Full Scale Panel Tests: 

The pure flexure test, FL, was run on a 1200 mm (47.2 in) wide panel with two webs as indicated 

earlier. FL was simply supported and loaded in four-point one-way bending at a rate of 2 mm/min 

(0.08 in/min) using a 223 kN (50 kip) hydraulic actuator. The test panel span was 2630 mm 

(103.5 in) long with 1040 mm wide constant shear zones (40.9 in) and a constant moment zone of 

550 mm (21.7 in).  The remaining tests (C1, C2, C3, and AX) were performed on 600 mm (23.6 

in) wide (half width) panels with a single web, as shown in Figure 4-2. Half width panels were 

tested under axial load due to width limitations in the axial testing frame. Forces from FL were 

divided by two to account for the difference in panel widths.  All specimens were tested in a 

horizontal position, with the structural wythe rested on the supports while loads are being applied 

to the façade wythe (Figure 4-2).  Axial loads were applied using a self-reacting frame consisting 

of two built-up structural steel sections tied together with two 36 mm (1.42 in) diameter Dywidag 

(high-strength steel) bars. Specified loads of 150, 300, and 600 kN (33.7, 67.4, and 135 kip) were 
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applied to panels C1, C2, and C3 using a 1500 kN (337 kip) capacity hydraulic ram  through a 

152×152 mm (6.0×6.0 in) steel plate centred on the 150 mm (5.91 in.) deep header of the 

structural wythe. This loading arrangement and bearing system replicates the intended loading in 

service and creates an eccentricity of 35 mm (1.38 in) for the NC condition (i.e. relative to the 

centroid of structural wythe only) and -54 mm (-2.14 in) for the FC condition (i.e. relative to the 

centroid of both wythes combined), with positive eccentricities causing downward deflections.  

Swivel joints at both ends of the panel allowed for pin-pin behaviour. Upon reaching the desired 

axial load for specimens C1, C2, and C3, the axial load was kept constant and monitored using 

the data acquisition system. The panels were then transversely loaded to failure in four-point 

bending using the same arrangement as in FL.  Specimen AX was axially loaded to failure using 

the same self-reacting frame, without any transverse loading. 

Flexural load and stroke were read from the actuator; axial load was measured with a 

electronic pressure transducer attached to the ram and data acquisition system. Vertical 

deflections along the panel bottom were measured using five 100 mm (3.94 in) linear 

potentiometers (LPs) placed at midspan, the edges of the constant moment zone, and midway 

through the shear span (Figure 4-2). The midspan longitudinal strain was measured with 5 mm 

(0.20 in) electric resistance strain gauges. Two gauges were placed on the structural wythe flange 

reinforcement, two on the facade reinforcement, and one on the web reinforcement. Midspan 

concrete strains at the top of the façade wythe were measured with two 50 mm (1.97 in) electric 

resistance strain gauges.  Also, average strains were found using four 100 mm (3.94 in) pi-gauges 

placed at the top and bottom of the facade wythes, and at the top and bottom of the structural 

wythe flange. Relative slip between the wythes was determined using two LPs mounted 

horizontally at either end of the panel. Relative slip at one end was also monitored using Digital 

Image Correlation (DIC) (denoted by ‘1’ in Figure 4-3(d)). This technique has previously been 

successfully used to measure wythe slip (Tomlinson and Fam 2014). It works by relating a time-
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lapse of digital images based on the movement of discrete pixel groups imposed onto the image 

using computer software. As deformation occurs, the movement of each texture patch is tracked, 

as shown for two images of specimen C3 in Figure 4-3. Images were taken at 15 second intervals 

using a Canon EOS T2i digital camera (5184×3456 pixel image size) placed 2 m (6.56 ft) from 

the side of the specimen. DIC analysis was run in MATLAB using the program GeoPIV (White 

et al. 2003). The initial reference image was overlaid with a rectangular mesh of 64×64 pixel 

texture patches including the panel depth and extended 400 mm (15.75 in) from the end. Concrete 

texture was enhanced with black spray paint.  DIC was also used to measure the relative vertical 

displacement of the Dywidag bars with respect to the end section of the panel, as the panel end 

rotates during axial loading (denoted by ‘2’ in Figure 4-3(d)).  

4.3.5.2 Stub Tests 

All stub columns were tested at 0.25 MPa/s (36.3 psi/s) using a 2200 kN (500 kip) cylinder 

testing machine, as shown in Figure 4-4. The ends of the stub columns were capped with 25.4 

mm (1.00 in) thick steel plates to distribute loads. To ensure even load distribution, thin layers of 

plaster were placed between the steel plates and stub surfaces.  Load was measured using the 

testing machine and strains were found with 5 mm long strain gauges mounted at each level of 

the reinforcement. 

4.4 Results and Discussion 

The following sections present the test results and observations in terms of the behaviour under 

the initial axial load, behaviour under the combined loads, ultimate strength and failure modes, 

assessments of composite action, experimental and theoretical interaction diagrams, and 

slenderness effects.  
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4.4.1 Full Scale Panel Behaviour under Initial Axial Loading 

In specimens C1 to C3 and AX, lateral deflection occurred during the axial loading stage because 

of end eccentricities of the axial load and panel slenderness. The pin-end connections within the 

anchors of the Dywidag bars that apply the axial load were located at a distance from the concrete 

panel end on either side in order to accommodate the deep reaction beams and hydraulic ram 

(Figure 4-2).  As such, when the panel end rotates as it deflects, the elevation of Dywidag bars 

(i.e. the line of axial thrust) shifts vertically relative to end sections, thereby changing the 

effective end eccentricity. This shift was captured by DIC as indicated earlier (denoted by ‘2’ in 

Figure 4-3(d)) and is reported in Table 4-3, where positive values indicate upwards shift of the 

bar relative to the centroid of the structural wythe at support. The variation of this relative shift 

with axial load level is plotted in Figure 4-5(a). This shift directly reflects the change in end 

eccentricity, which will be important in interpreting the total moment in further analysis later.  

The flat parts of the responses at the end reflect the bar shift during flexural loading phases under 

constant axial loads.   

Figure 4-5(b) shows the variation of midspan deflection with axial load for specimens C1 to 

C3 and AX. In specimens C1, C2 and C3 the axial load was increased gradually to 166 kN (37.3 

kips), 290 kN (65.2 kips) and 589 kN (132 kips), respectively. Small lateral deflections occurred 

at these loads as shown in Figure 4-5(b) and Table 4-3. Transverse flexural loading, associated 

with large increase in deflection, was then carried out to failure under these constant axial loads.  

For AX, axial loading continued to failure at 787 kN (177 kips), without any transverse loading.  

  Figure 4-5(c) shows the variation of relative end slip (at the one end where DIC 

measurements were taken together with LPs) with axial load for specimens C1, C2, C3 and AX. 

The total end slip (both sides added) based on LPs at the end of axial loading is reported in Table 

4-3.  This measured slip during axial loading reflects partial composite action, which is expected 

given that axial load was applied to the structural wythe only. Slip was linear with respect to axial 
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load in C1 to C3.  The flat parts of the curve reflect the increased slip during subsequent flexural 

loading phases.  Figure 4-5(c) also suggests that DIC agrees quite well with LP measurements.  

AX behaved similarly to the other tests at first but showed relatively large deflection and slip 

as axial load increased. Upon analysis, it was found that the relative shift of the Dywidag bars 

was greater in AX than in the other tests, under the same loads (Figure 4-5(a)); this caused 

additional moments from slenderness effects, as discussed later. The large shift of the bars in AX 

is attributed to a slight alignment issue with the test apparatus that was not present in the other 

panels. This issue caused extra eccentricity from the bar shift but the presented data accounts for 

this shift. 

The midspan strain profiles at the end of axial loading (Figure 4-6) showed ‘broken-line’ 

strain profiles through the insulation layer. Strains were also found to be higher in the structural 

wythe, showing that force transfer was incomplete due to partial composite action. Also seen in 

the strain profiles is that, under axial load, the structural wythe of each panel shows positive 

curvature while the reverse is seen in the facade wythe. To explain this behaviour, Figure 4-7 

shows a free body diagram of the panel with axial load applied to the structural wythe only at a 

positive eccentricity with respect to its own centroid. Part of this axial load is transferred to the 

facade wythe through the flexible shear connection system (connectors and insulation). This share 

of axial load is transferred to the inner surface of the façade wythe (i.e. at a negative eccentricity 

relative to its own centroid), causing it to deflect upwards. The opposite-direction deflections of 

the two wythes is somewhat mitigated by tension in the shear connection system responding akin 

to a beam on an elastic foundation. The ratio of axial load carried by the structural wythe, ξ, is a 

function of the stiffness of the shear connection system and it equals 1.0 in a fully non-composite 

(NC) case and a value equal to the ratio of the structural wythe area to the total concrete cross-

sectional area for a fully composite (FC) case. 
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4.4.2 Full Scale Panel Behaviour under Subsequent Flexural Loading 

Upon reaching the nominal axial load, C1, C2, and C3 were loaded transversely in flexure until 

failure, as summarized in Table 4-4 and Figure 4-8.  Figure 4-8(a) shows the vertical shift of the 

Dywidag bars relative to the centroid of the structural wythe at the support location during 

flexural loading.  This shift directly reflects the change in end eccentricity, which will be 

important in interpreting the total moment in further analysis later.  The initial offset of the curves 

at zero flexural load reflects the residual shift at the end of axial loading phase. 

Figure 4-8(b) shows the flexural load-midspan deflection response of specimens FL and C1 

to C3. Prior to cracking, each panel has similar stiffness. The cracking load increases with axial 

load as expected. Cracking occurred prior to failure in all tests but AX and caused a decrease in 

stiffness, most obvious in FL but more gradual as axial load increases. Yielding of the 

longitudinal reinforcement occurs before ultimate in FL and C1 and after ultimate in C2. At 

ultimate in FL, both layers of steel in the structural wythe had yielded while in C1 only the 

structural wythe flange reinforcement had yielded. The initial offset of the curves at zero flexural 

loading reflects the residual deflection at the end of axial loading. 

Figure 4-8(c) shows the flexural load-end slip relationships at one end of each panel only 

where DIC was used (the total end slip based on both sides is reported in Table 4-4). The results 

from DIC agreed well with those from LPs. The initial offset of the curves at zero flexural 

loading reflects the residual deflection slip at the end of axial loading. The total end slip in each 

panel (both sides) was similar and ranged between 5.9 and 7.7 mm (0.23 and 0.30 in) at ultimate. 

In C1 and C2 slip increased substantially beyond the peak load whereas C3 and AX failed 

suddenly with no warning of failure with regard to slip as will be discussed in failure modes. Near 

ultimate slip dominated more on one side of each panel, which is the side where connectors began 

to first yield. 
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4.4.3 Failure Modes of Full Scale Panels 

There were three observed failure modes dependent on the level of applied axial load, illustrated 

in Figure 4-9, namely, flexural steel reinforcement rupture, failure of the shear connection 

system, and concrete crushing of the web.  These failure modes governed the peak loads. 

Specimen FL failed by rupture of the longitudinal steel reinforcement of the structural wythe 

(Figure 4-9(a)). This failure was violent and was preceded by steadily decreasing loads and 

rapidly increasing strains as necking of the bars began. Rupture of reinforcement, rather than 

concrete crushing, was expected as the steel reinforcement ratio in walls is typically low. Also, 

welding of the steel mesh reduced the ductility of the steel. 

C1 and C2 failed by loss of composite action, which is manifested by diagonal tension 

cracking of the insulation layer (Figure 4-9(b)) and excessive deformation and yielding of the 

shear connectors (Figure 4-9(c)). Both effects caused a rapid decrease in flexural load (3% in C1 

and 4% in C2), followed by a gradual descent (Figure 4-8(b)) as excessive slip occurred (Figure 

4-8(c)). 

C3 and AX failed suddenly by compression failure of the web of the structural wythe in the 

form of crushing (Figure 4-9(d)). Crushing occurred in the structural wythe rather than the façade 

due to additional compression strains from the axial load (Figure 4-6). In all tests, the facade 

wythe strain was well below crushing at ultimate (Figure 4-6). 

4.4.4 Determining the Total Applied Moment in Full Scale Panels 

The ultimate goal of this study is to establish the axial load-bending moment diagram of the 

partially composite sandwich panels tested. At a given axial load, the total moment at failure 

generally comprises three components, namely (a) moment from transverse loading, (b) a first-

order moment (M0) from axial load and end eccentricity, and (c) a second-order moment (Ma) 

from axial load and the lateral deflection at mid-span arising from (a) and (b).  Components (b) 

and (c) require a known centroid of the section to be calculated. In conventional columns, the 
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plastic centroid is used. In a partially composite system, the location of the plastic centroid varies 

based on the degree of composite action. Unlike typical columns, the plastic centroid for the 

partially composite panels cannot be established directly using transformed section properties.  

The following method was used to solve for the plastic centroid location over the range of axial 

loading, in order to calculate components (b) and (c) of the total moment. 

Under an axial load, N, the applied midspan moment (components (b) and (c) only), Ma, can 

be calculated from Eq. (4-1): 

 (4-1) 

where ei is the initial end eccentricity of force N measured from the unknown ‘equivalent’ plastic 

centroid of the partially composite panel, em is the bar shift of the self-stressing frame (this value 

was determined by tracking the bar movement using  DIC and is shown in Figure 4-5), essentially 

represents a change in elevation of the force N, and δCL is the total midspan deflection of the 

panel (measured with LPs). Equation (4-1) includes second-order effects as δCL includes the 

added deflections from slenderness. Ma can be related to the first-order moment, M0, which is 

equal to , using the secant method (Eq. (4-2)): 

sec 2 sec 2  (4-2) 

where Le is the panel’s effective length and EI is an ‘equivalent’ flexural stiffness (i.e. smeared to 

account for partial composite action). Equations (4-1) and (4-2) have three unknowns: ei, EI, and 

Ma. The relationship presented by Ghali et al. (2006) relating beam deflection to the applied 

moments at ends (M0) and mid-span (Ma) was used as a third equation (Eq. (4-3)). 

96 2 10  (4-3) 

Equations (4-1), (4-2), and (4-3) were solved for each panel to determine ei over the range of 

axial load N, as shown in Figure 4-10, which shows relatively constant values. The average ei 



 

 

 

80

over the course of axial loading was taken for each panel and used to determine the reported 

moment Ma for each test. This average varied between 4.3 and 8.8 mm for all panels, as shown in 

Figure 4-10 in comparison to ei of 35 mm and -54 mm, measured relative to the NC and FC 

centroids, respectively.  

The equations also solved for EI, which was used to calculate an ‘equivalent/smeared’ moment of 

inertia of all specimens (Iexp), where E is Young’s modulus of concrete according to CSA A23.3-

14 (Eq. 4-4).   

3300 6900 2300 .
 (4-4) 

These Iexp values are reported in Table 4-5 in the column under ‘slope-based’ and ranged from 

83.8×106 to 93.1×106 mm4 (201 to 223 in4). For comparison, the uncracked transformed moments 

of inertia of the NC and FC cases are 44×106 mm4 (106 in4) and 837×106 mm4 (2010 in4), 

respectively.  

Figure 4-11 shows the moment-deflection responses of all panels.  In FL, the total moment 

curve was only that of transverse loading (i.e. Ma=0), whereas in AX specimen, the total moment 

curve was only that from axial loading (i.e. Mtotal = Ma). For specimens C1, C2 and C3, the total 

moment curves are based on the moment from both axial (Ma) and transverse loading and are 

compared to the Ma moment curves only.  As axial load increased, the ratio of moments due to 

axial load effects relative to the total moment increased. 

4.4.5 Deformability of Full Scale Panels 

As only FL and C1 experienced yielding of the longitudinal reinforcement before ultimate, 

deformability rather than ductility is discussed. Deformability (Ψu) is calculated as the ratio of the 

area under the total moment-deflection curve (Figure 4-11) up to ultimate moment (Mu) to the 

area under the curve up to service moment (Ms). Ms is taken as the lesser from deflection limit 

(moment at span/360, common for architectural features) and the moment from strength limits 
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(based on Mu =1.25MD+1.5ML, to solve for ML where MD is taken as self-weight for test 

specimens, then Ms = MD + ML).  As FL, C1, and C2 showed significant moment plateaus after 

Mu, a second value for deformability, Ψ90, was evaluated at M90, the point where the moment 

decreases from Mu to 90% of Mu.   

The calculated values of Ψu and Ψ90 are reported in Table 4-4. It is clear that higher axial 

loads decreased deformability. However, shear connection failure showed an increase of 

deformability relative to ultimate. This is demonstrated by (Ψ90/Ψu) of 1.61 for C1 and 2.94 for 

C2. This suggests that this failure mode can be relatively ductile and can dissipate energy in post-

ultimate conditions through excessive slip. In FL a smaller gain in this ratio of Ψ90/Ψu (1.18) was 

observed while no increase occurred in C3 and AX as the applied moment dropped substantially 

immediately after ultimate.  

4.4.6 Degree of Partial Composite Action in Full Scale Panels 

Four different methods of presenting partial composite action, relative to the fully composite (FC) 

and non-composite (NC) cases were found in literature: 

(a) Strength-based composite action (PCI 2011), κu: 

,, , 100 (4-5) 

where Mu is the measured ultimate moment of the partially composite panel and Mu,NC and Mu,FC 

are the theoretical non-composite and fully composite moment resistances, respectively. 

(b) Stress-based composite action in the uncracked, linear elastic region, κf:   

100 (4-6) 

where IFC is the theoretical uncracked moment of inertia of the fully composite panel and Iexp is 

the effective experimental moment of inertia based on panel stresses (Salmon et al. 1997, 

Benayoune et al. 2008): 
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 (4-7) 

where M is the applied moment, h is the panel’s total thickness, fb is the stress at the bottom of the 

panel, and ft is the stress at the top of the panel. fb and ft can be found using the measured strains 

at the bottom, εb, and top, εt, and concrete elastic modulus, Ec. Iexp was calculated between 

initiation of the transverse flexural loading and cracking. 

(c) Slope-based composite action in the uncracked, linear-elastic region, κI: 

100 (4-8) 

where all I values are determined using the slope of the moment-curvature diagrams of the 

experimental panel and the theoretical FC and NC panels (Pessiki and Mlynarczyk 2003).  

(d) Curvature-based composite action, κψ: 

100 (4-9) 

where F and Fc are the shear force transfer between wythes in the experimental and FC panels, 

respectively. At any curvature, ψ, the total moment M(ψ) can be given as follows (Hassan and 

Rizkalla 2010): 

 (4-10) 

where Mi(ψ) is the moment in the structural wythe, Mo(ψ) is the moment in the facade wythe, F is 

the shear force transfer between wythes and Z is the distance between the wythe centroids. Mi(ψ) 

and Mo(ψ) were found using the theoretical moment curvature relationships of each wythe.  

To establish the degree of composite action based on the methods described above, the 

moment-curvature responses for the NC and FC cases are required. The RESPONSE2000 (Bentz 

2000) program was used to determine the theoretical moment-curvature relationships at the 

achieved axial loads of each of the full scale tests, using the measured material properties of 

concrete and steel. NC was modelled with axial load applied to the structural wythe only and then 
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the flexural contribution from the facade wythe was added assuming that curvatures in both 

wythes were equal, which is a typical assumption (Hassan and Rizkalla 2010). FC was modelled 

assuming the axial load was applied to the entire section.  The calculated moment-curvature 

relationships for NC and FC of each panel, along with contours showing percentage ranges 

between NC and FC are plotted in Figure 4-12. The experimental responses of the structural 

wythes of the tested panels are also shown in Figure 4-12. Experimental curvatures in each wythe 

were evaluated based on slope of the strain profile and it was found that they were not equal due 

to the initial offset from the axial load. Once transverse loading is applied, the change in 

curvature in each wythe was similar until ultimate was reached. 

Composite action found from each method is presented in Table 4-5. To highlight the 

variation in composite action over the history of loading of each test using the curvature method, 

Table 4-5 includes values for κψ at half the cracking load (κψ,1/2cr), at cracking (κψ,cr), midway 

between cracking and ultimate (κψ,1/2u), and at ultimate (κψ,u). 

Table 4-5 shows that strength-based ku decreased linearly from 87 to 11% with an increase in 

axial load at a rate of 9% per 100 kN (22.5 kip). κI and κf were unaffected by axial load and 

showed much lower degree of composite action compared to the strength method. The curvature 

method finds κψ values somewhat similar to κI at low curvatures and κu at higher curvatures.  It is 

suggested that for ultimate design the strength method be used while for service and slenderness 

values the slope method be used. Alternatively, the curvature method could be used if the panel’s 

moment-curvature relationship is known. 

It was also noticed that Iexp was found to be between 2.3 and 3.5 times greater using the 

stress method relative to the slope method. This is due to that stress method finds a global 

curvature for the panel, which gives higher estimates of composite action as it does not directly 

include the impact of shear deformation between wythes. It is recommended that a term to 

account for the shear connection stiffness be included if using this method. 
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4.4.7 Interaction Diagrams 

In this section, the N-M interaction diagrams for the partial composite test panels was developed 

and compared to the theoretical interaction diagrams for NC and FC which were developed using 

RESPONSE2000 (Bentz 2000), each relative to its own plastic centroid. Concrete strengths of 60 

MPa (8.7 ksi) for the full panels and 50 MPa (7.3 ksi) for the stub columns were used; steel 

properties were based on material tests (see 4.4.3.2).  Results of full scale panels are discussed 

first followed by the stub columns. Both sets of data are then normalized and combined for a 

more complete interaction curve.   

Figure 4-13(a and b) shows the interaction diagram of the full scale panels, using the ei 

values established earlier (Figure 4-10), in comparison to the extreme NC and FC cases. Figure 

4-13(a) is a close-up of the data points in Figure 4-13(b).  The FC curve in reality is on the 

negative side but shown here on the positive side to facilitate comparison. The data points are 

also summarized in Table 4-6.  It can be seen that the full scale panels behaved closer to the FC 

case at pure flexure and low axial loads and gradually diverted closer to the NC case as axial 

loading increased. Overall, the size of the interaction diagram of test panels, which reflects the 

relative strength of the wall design, is considerably smaller than that of the FC case but still 

reasonably larger than the NC case for the range of axial loads tested.  It is also clear that all 

panels tested, including the AX specimen, have significant levels of moment as evident by the 

significantly lower axial capacity of AX compared to the FC or even the NC pure axial cases 

(showing that, the wall’s slenderness reduced capacity). The lower region of the interaction curve 

was investigated in more depth as the slenderness ratio of the tested walls is quite large and, 

based on the design loading location through mid-depth of the structural wythe, the upper regions 

are unlikely to be reached with this panel design. 

Figure 4-13(c) shows the results of the stub columns, series F, S and P, which were 

summarized earlier in Table 4-2. Series F and S are essentially an experimental modeling of the 
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FC and NC cases, respectively. In the former, the entire cross-section of structural and façade 

wythes was loaded at various eccentricities measured with respect to the FC centroid while in the 

latter, only structural wythes were tested and loaded at various eccentricities measured relative to 

their own (i.e. NC) centroid. The results of the F and S series agree reasonably well with the 

theoretical FC and NC curves, respectively.  

Results of the P series, which include both wythes but only the structural one was loaded at 

various eccentricities (Table 4-2), are also shown in Figure 4-13(c).  However, because the P 

series is the closest resemblance to the full scale partial composite panels, it was more appropriate 

to calculate the moments based on eccentricities relative to the same ‘effective centroid’ of the 

full scale panels. Based on an average ei of 6 mm for the full scale panel (Figure 4-10), the 

effective centroid was determined to be 69 mm from the outer surface of the structural wyhe. This 

resulted in eccentricities of -19, 31, and 61 mm, for P1, P2 and P3 stubs, respectively. As such, 

P1 experienced a negative moment (Figure 4-13(c)). 

Figure 4-13(d) combines the stub columns series P with the full scale panels, as series P is 

the closest arrangement to full scale.  Because of the difference in cross-section dimensions and 

concrete strengths, the results are normalized with respect to cross-sectional dimensions and 

concrete compressive strength fc
’. In this case the axial loads N were normalized as [N/(AFC fc

’)] 

and moments M as [M/(AFC fc
’
 hFC)], where AFC is the cross-sectional area and hFC is the total 

depth of the fully composite sections, being either the stubs or the full scale panels. The test 

results clearly fall between the NC and FC interaction curves and are closer to the FC case at low 

axial loads and shift towards the NC case as axial load increases. 

4.4.8 Load Paths to Failure 

Figure 4-13(a) shows the load paths to failure for the full scale panels.  Specimen AX was loaded 

axially to failure. The moment component (Nei) for AX is shown as a straight line representing a 

constant ei of 8.8 mm (0.35 in).  However, as indicated earlier, the bars of the self-stressing frame 
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shifted relative to the centroid of the specimen, at the ends, due to the fact that end rotation of the 

specimen produced rigid body rotations of the deep steel reaction beams. This means that the end 

eccentricity ei changed continuously during axial loading by the amount em (tracked by DIC). As 

a result of the variable end eccentricity, the loading path of the moment component Mo=N(ei+em) 

is highly nonlinear.  Added to this is the second order effect, which magnifies the Mo moment to 

Ma, as given by Equations 4-1 and 4-2 (Figure 4-13(a)). In AX the total moment is Ma, whereas in 

C1 to C3 specimens, Ma is just the axial load contribution to the total moment and additional 

moment is produced by transverse flexural loading (the flat plateaus that leads to failure in Figure 

4-13(a)). 

4.5 Chapter Summary and Conclusions 

A partially composite load-bearing sandwich panel design with angled steel connectors was tested 

under combined axial (N)-flexural (M) loads to develop the interaction diagram. The axial load 

was applied to the structural wythe only and once the target load is reached, the load was kept 

constant while the transverse flexural loading was applied to failure. The following was 

concluded: 

1. Unlike interaction diagrams of conventional sections, the N-M interaction curve of 

partially composite sandwich panels is characterized by three regions: the first, at very low 

axial loads, is governed by flexural tension failure where flexural reinforcement in 

structural wythe yield then rupture, followed by a region controlled by shear connection 

failure in the form of excessive slip between wythes and yielding of the connectors, and 

finally a region at higher axial loads governed by concrete crushing of structural wythe. 

2. The additional failure mode of the shear connection increased the section deformability and 

dissipated energy somewhat similarly to tension-controlled failure through yielding of the 
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connectors and excessive slip between wythes. This deformability came at the cost of 

reduced moment resistance. 

3. The interaction curve of partially composite panels is closer to that of fully composite 

section at pure bending and at low axial loads. As axial load increases, it turns gradually 

closer to that of a fully non-composite panel based on the structural wythe only. This is 

further explained next. 

4. The level of composite action (κ) estimated by the strength method decreased from 87 to 

11% as axial load increased from zero to 31% of the pure axial capacity of the structural 

wythe. On the other hand κ by the slope method was 5.8% and by the stress method was 

32% on average, independent of axial load.  The curvature method gave κ between the two 

extremes with values approaching the stiffness method at small curvatures and values 

approaching the strength method at larger curvatures. 

5. In partially composite sandwich panels there exists an effective centroid that lies in 

between the centroid of the fully composite section based on both wythes and the centroid 

of the structural wythe only. This effective centroid is the one to be used to calculate the 

eccentricity of the applied axial load. Similarly, there exists an effective and smeared 

moment of inertia of the section that falls in between that of the fully composite two-wythe 

system and that of the structural wythe only. 

6. Under axial load only acting on the structural wythe, the two wythes of the partially 

composite panel had opposite curvatures. Once transverse loading is applied, both wythes 

experienced curvature in the same direction.   

7. Under axial loading, the level of composite action depends on the length of the panel. This 

observation requires further investigations. 
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Table 4-1: Test matrix for full scale experiments 

Test 
ID 

Nominal 
Axial Load, 

kN  

Specified 
Panel Stress, 

MPaa 
Panel 

Width, mm 
Concrete 
Cylinder 

Strength, MPa 

Cylinder 
Coefficient of 
Variation (%) 

Concrete 
Modulus of 

Elasticity,GPab 
FLc 0 0 1200 57.7  6.2 31.9  
C1 150 3.5 600 62.9 2.2 33.0 
C2 300 7.1 600 57.5 2.4 31.9 
C3 600 14.2 600 62.4 3.7 33.0 
AX Until failure -- 600 60.5 9.4 32.6 

a - Specified stress found using the area of the structural wythe only 
b - Modulus of Elasticity determined using CSA A23.3-04 Clause 8.6.2.2 
c – From Tomlinson et al. 2014 
Note: 1 kN = 0.225 kip, 1 MPa = 145 psi, 100 mm = 3.94 in 

 
Table 4-2: Stub column test matrix 

Test 
ID 

Consists 
of 

Loaded 
Through 

Eccentricitya, 
mm 

Concrete 
Strength, 

MPa 

Cylinder Test 
Coefficient of 
Variation (%) 

S1 Structural 
wythe 
only 

Structural 
wythe Only 

5 
47.5 8.8  S2 15 

S3 50 
P1 Both 

wythes 
Structural 

wythe Only 

0 
49.1 5.2 P2 50 

P3 80 
F1 Both 

wythes 
Both 

wythes 

0 
51.5 4.0 F2 -10  

F3 -50  
a - Positive eccentricity puts the web into greater compression than flange 
Note: 100 mm = 3.94 in, 1 MPa = 145 psi 

 

Table 4-3: Summary of panel behaviour during initial stressing 

Test 
ID 

Pre-Load,  
kN 

Midspan 
deflection 

at Pre-Load, mm 
Total End Slip at 

Pre-Load, mm 
Maximum bar 
shift during 

stressing, mm 
C1 166 0.24 0.64  3.04 
C2 290 0.64 0.68  2.75  
C3 589 1.46  1.79  0.97  
AXa 787 7.61  5.86 14.7  

a – values for AX are from immediately before failure 
Note: 1 kN = 0.225 kip, 100 mm = 3.94 in 
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Table 4-4: Key results during combined loading and ultimate conditions 
Parameter Sub-point FL C1 C2 C3 AX 

Flexural 
Load, kN 

Cracking 7.79 26.6 30.8 35.6 -- 
Yielding 33.0 53.7 -- -- -- 
Ultimate 46.1 57.1 58.3 46.9 -- 

Moment, 
kNm 

Cracking 5.63 16.0 17.8 30.8  -- 
Yielding 18.8 34.8 -- -- -- 
Ultimate 25.6 40.1 41.9  49.0 33.1 

Deflection, 
mm 

Cracking 1.23  3.34 3.74  7.94  -- 
Yielding 13.6 15.5 -- -- -- 
Ultimate 

M90
a 

44.9 
51.3 

21.5  
31.4  

14.0 
32.4 

16.1  
-- 

7.80 
-- 

Total End 
Slip, 
mm 

Cracking 0.07 1.69  2.20 4.04  -- 
Yielding 1.81 5.69 -- -- -- 
Ultimate 

M90
a 

6.93 
7.91  

7.55  
12.4  

6.45 
14.0 

7.70  
-- 

5.86 
-- 

Ductility Index (Δu/Δy) 3.30 1.39 -- -- -- 

Deformabilityc Ψu 
Ψ90 

14.9 
17.5 

6.54 
10.5 

4.30 
12.6 

4.34 
4.34 

2.12 
2.12 

Failure Mode Reinforcement 
Rupture 

Shear 
connection 

Failure 

Shear 
Connection 

Failure 

Web 
Crushing 

Web 
Crushing 

a  - Point at which moment has decreased to 90% of ultimate, used to show post-peak performance of FL, C1, 
and C2. Values for C3 and AX are not given as moment decreased >10% immediately after ultimate. 
b - Strain gauge went offscale, results at ultimate approximated with pi gauges 
c - Deformability defined in the deformability section 
Note: 1 kN = 0.225 kip, 1 kNm = 0.737 kip-ft, 100 mm = 3.94 in 

 

Table 4-5: Composite action values from the various techniques 

Test 
ID 

Strength-
Based  Stress-Based  Slope-Based  Curvature-Based 

κu, % 
 Iexp, 

mm4×106 κφ, % 
Iexp, 

mm4×106 κI, % κψ, ½cr κψ,cr κψ, ½u κψ,u 

FL 87  263 31.4  93.1 6.2  24.3 25.0 73.3 72.8 
C1 68  211 25.2  91.3 6.0  17.6 37.2 57.4 87.5 
C2 47  307 36.7  91.2 6.0  13.2 25.0 38.9 48.6 
C3 34  295 35.2  83.8 5.0  7.1 13.8 24.4 38.8 
AX 11  -- --  90.0  5.8  -- -- 8.5 14.8 

Note: 1 × 106 mm4 = 2.40 in4 

 

Table 4-6: Interaction diagram points 

Program Test 
ID 

Test Axial 
Load at 

Ultimate, 
kN 

Test 
Ultimate 
Moment, 

kNm 

Ultimate 
Moment 
(NC)a, 
kNm, 

Ultimate 
Moment 

(FC)a, 
kNm 

Normalized 
Axial Load 

Normalized 
Moment 

Full 
Scale 

FL 
C1 

0 
170 

25.6 
40.1 

8.5 
18.6 

28.1 
50.0 

0 
0.05 

0.027 
0.056 

C2 290 41.9 21.2 64.8 0.09 0.075 
C3 590 49.0 23.2 98.9 0.20 0.100 
AX 790  33.1 22.3 120 0.30 0.082 

Stub 
Columns 

S1 801 4.0 5.7  70.2 0.76 0.025 
S2 674 10.1 8.7  37.4 0.64 0.064 
S3 530 13.3 11.8 62.7  0.50 0.083 
P1 892 -17.0 4.0  80.4  0.86 -0.107 
P2 458 15.0 13.1 56.7  0.45 0.098 
P3 223 13.6 14.4 34.9  0.22 0.089  
F1 1590 0 -- 20.7  0.88 0  
F2 1470 14.7 -- 33.7 0.81 0.030  
F3 1171 58.9 -- 75.0 0.65 0.121 

a -  NC and FC values found from RESPONSE2000 
Note: 1 kN = 0.225 kip, 1 kNm = 0.737 kip-ft, 1 MPa = 145 psi 
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Figure 4-1 Panel dimensions and features (a) Side of panel (c) cross-section (d) Shear 
connector detail. All dimensions in mm (100 mm = 3.94 in) 
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Figure 4-2: Test setup and instrumentation for combined loading experiments. All 
dimensions in mm (100 mm = 3.94 in). 
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Figure 4-3: DIC output for C3 showing (a) image of panel side at start of test (b) image of 
panel side near ultimate (c) vector field showing texture patch displacements at test start 

(5× magnification) (d) vector field (5× magnification) of texture patches displacements near 
ultimate showing: 1. Wythe slip 2. Post-tensioning bar shift. 

 

  

Figure 4-4: Stub column elevation, cross section, and photograph of P3 in the test frame. All 
dimensions in mm (100 mm = 3.94 in). 
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Figure 4-5: Panel response under axial load (a) bar shift (b) midspan deflection (c) total 
wythe slip. Note: 1 kN = 0.225 kip, 100 mm = 3.94 in. 
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Figure 4-6: Panel strain profile at key points 
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Figure 4-7: Free body diagram and strain profiles for sandwich panel section under axial 
load. Note: ζmin = ratio of structural wythe area to total cross-sectional area. T(x) is the 

tensile force developing through the insulation layer under axial load. 
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Figure 4-8: Panel response under flexural loads (a) bar shift (b) midspan deflection (c) 

wythe end slip 
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Figure 4-10: Variation of initial end eccentricity, ei, of partially composite section with axial 
load 

 

 

Figure 4-11: Moment-deflection curves for the tested panels. The component of the total 
moment due to axial effects is highlighted 
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Figure 4-12: Moment-curvature responses of each panel relative to FC, representing Mi + 
Mo + FcZ and fully non-composite NC, representing Mi + Mo. Thick solid lines are 

experimental results. Additional dashed lines representing 25, 50 and 75% composite 
behaviour are included. Note: 1 kNm = 0.737 kip-ft, 1 με/mm = 25.4 με/in. 
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Figure 4-13: Interaction diagram for tested panels and theoretical curves for full (FC) and 
non-composite (NC) behaviour (a) full scale tests (zoomed in section) (b) full scale tests (full 

curve) (c) stub columns (d) normalized curve showing stub and full scale results. The 
different shapes of the interaction curves under positive or negative bending are due to the 

section not being symmetric. 
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Chapter 5 

New Shear Connector Design for Insulated Concrete Sandwich Panels 

using Basalt Fibre Reinforced Polymer Bars3 

5.1 Introduction 

Precast concrete sandwich panels, also known as integrally insulated wall panels, are commonly 

used as exterior load-bearing members in buildings. Panels typically consist of a layer of rigid 

foam insulation surrounded by two concrete layers, or wythes (PCI 1997). Continuity between 

wythes is provided by ties known as shear connectors or by solid concrete regions (Maximos et 

al. 2007). These panels are advantageous over other building envelope systems as they combine 

structural and thermal efficiency and can be fabricated in a factory setting, reducing on-site 

delays and variability (PCI 1997).  Panels are termed non-, partially, or fully composite 

depending on the degree of shear force transferred between wythes and this is highly dependent 

on the shear connector arrangement (PCI 2011). The insulation layer has been shown to 

contribute as well (Woltman et al. 2013), but this contribution is expected to decrease over time 

(PCI 1997). Wythes are generally limited to a minimum thickness of 51 mm due to cover or fire 

requirements but can be as thick as required for structural requirements. The insulation layer is 

typically 51-102 mm thick, depending on the desired thermal resistance (PCI 2011). Extruded 

(XPS) or expanded polystyrene (EPS) are the most common insulation materials but other types 

are also used. XPS has higher shear strength but is generally smoother than EPS, typically 

                                                      

3 Manuscript under review: Tomlinson, D.G, Teixeira, N., and Fam, A. (2015) “New Shear Connector 
Design for Insulated Concrete Sandwich Panels using Basalt Fiber Reinforced Polymer Bars.” Journal of 
Composites for Construction. Submission date: July 2, 2015, under review. 
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resulting in lower shear contribution (Frankl et al. 2011) though the EPS bond degrades faster 

under freeze-thaw because of its higher moisture absorption (PCI 1997).  

Shear connectors are usually made from steel, fibre reinforced polymers (FRP), or plastic 

and can be found in numerous configurations (PCI 2011). Since steel is stiffer than most FRPs it 

results in more composite wall systems. However, FRP has lower thermal conductivity and has 

been presented as a means to combine structural and thermal efficiency (Frankl et al. 2011). 

Plastic has low thermal conductivity but is much weaker and less stiff than FRP and steel, 

limiting its use to panels with low levels of composite action (PCI 2011). 

Basalt FRP (BFRP) has seen recent use as reinforcement for concrete structures (Brik 2003) 

as well as for shear connectors (Naito et al. 2012). BFRP’s cost is similar to glass FRP (GFRP) 

and lies between glass and carbon FRP (CFRP) in both stiffness and strength (Brik 1997; Sim et 

al. 2005). Relative to GFRP and CFRP, it has higher temperature resistance, is easier to 

manufacture (Brik 2003, Sim et al. 2005), and has superior freeze thaw performance (Shi et al. 

2011). BFRP has a thermal conductivity similar to GFRP (Liu et al. 2006). However, the long 

term performance of BFRP is less understood and there have been issues with accelerated 

weathering and alkali solutions (Sim et al. 2005), similar to GFRP. 

Shear connection systems are often evaluated using direct shear push-through tests. Recent 

testing programs include, but are not limited to, testing various sizes and types of GFRP rebar 

(Woltman et al. 2013), angled GFRP plates (Metelli et al. 2011), GFRP tubes (Pantelides et al. 

2008), CFRP grid (Frankl et al. 2011), GFRP trusses (Maximos et al. 2007), steel ladders 

(Carbonari et al. 2012), steel trusses (Bush and Wu 1998), and combinations of the above (Naito 

et al. 2012).  If the push-through behaviour is established, it allows for more accurate design of 

partially composite panels as the shear transfer mechanism is better understood. This paper aims 

to investigate the validity of a new BFRP rebar shear connection system and relate it to a system 
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using conventional steel reinforcement. Various parameters were investigated and a numerical 

model is proposed to predict the strength of the connection system. 

5.2 Experimental Program 

The experimental program is based on a sandwich panel design shown in Figure 5-1. The panels 

are 2700 mm long, 1200 mm wide and 270 mm thick and are composed of two reinforced 

concrete wythes surrounding an EPS insulation layer. The exterior, or façade, wythe is 60 mm 

thick and reinforced with a 6.25 mm diameter steel welded wire mesh (bar spacing of 200 mm in 

both directions). The interior, or structural, wythe also has a 60 mm thick reinforced concrete 

layer but has two added ribs spaced at 600 mm to reduce the unsupported shear transfer length of 

the ties between wythes while maintaining thermal efficiency. The 50 mm wide ribs extend 90 

mm into the foam layer from the flange and are bulb shaped to a 70 mm width to accommodate 

longitudinal reinforcement. This wythe is also intended to directly carry axial loads. The foam 

layer consists of a 150 mm thick EPS sheet with pre-cut slots for the ribs, though this reduces to 

60 mm at the rib locations. The shear connectors are placed through the ribs and spaced 

longitudinally at 600 mm. Each connection is made of a pair of L-shaped shear connectors: one 

inserted normal to the facade and the other placed at an angle, usually 45° (measured relative to 

the normal connector).  The angled connectors are arranged to be put into tension when the panel 

is subject to wind pressure and compression when subject to wind suction. Under axial 

compression through the structural wythe, the connectors will also be under tension. 

The push-through tests in this study represent smaller sections of the full scale panel 

including shear connections, as shown in Figure 5-2. To achieve symmetry, a modified cross-

section design, essentially representing two panels back-to-back (double shear), was chosen. Two 

rectangular exterior wythes are used while the interior wythe has a cruciform cross-section with 

ribs on either side. The overall specimen’s size is 500 mm tall, 480 mm deep, and 250 mm wide.   
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Each specimen uses two types of shear connectors, one inserted normal to the façade (S1 or 

F1 on Figure 5-2) and one inserted on an angle (S2 or F2 on Figure 5-2). All connectors were 

fabricated with bends to increase pullout resistance in the façade wythe. The connector was 

inserted directly into the structural wythe (no bend) with the connector length (Figure 5-2 (a) and 

(b)) chosen such that the connector extends to the boundary of the web/flange of the structural 

wythe. 

S1 and S2 consist of steel deformed wires that were cut and bent to the desired angle. S1 was 

L-shaped and bent at 90° while S2 was bent to either 120°, 135°, or 150° angles (depending on 

test parameters, see Figure 5-2(a)).  

F1 and F2 consist of BFRP bars cut from a 600×600 mm rectangular spiral typically used for 

stirrups or column ties (Figure 5-2(b)). As the BFRP cannot be bent beyond the provided 90°, the 

hook ends in the façade were inserted transverse to the panel rather than longitudinally (Figure 

5-2). This allowed the shear connectors to be inserted at any of the desired angles. 

5.2.1 Test Parameters 

Four test parameters were investigated: connector material, diameter, angle of inclined connector 

and orientation, and insulation bond. Focus was put on their impacts on strength, stiffness, and 

failure mode. As shown in Table 5-1, a total of 38 specimens were tested, including 28 unique 

configurations and 10 repetitions. Of the 28 configurations, 20 included BFRP connectors and 8 

with steel connectors.  The BFRP connector’s diameters (φ) were varied, namely, 4.0, 6.0, and 8.0 

mm, with cross-sectional areas of 12.55, 28.25, and 50.25 mm2, respectively, while the steel 

connector’s diameter was 5.8 mm with a cross-sectional area of 26.4 mm2. Angles (θ) of 30°, 45°, 

and 60° with respect to the horizontal connector (Figure 5-2) were tested.  Since diagonal 

connectors can experience either tension or compression in walls, the angles in half of the tests 

were arranged to put the angled connector under tension, while the other half had them in 
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compression.  The shear resisting contribution from the insulation is usually not designed for in 

service as it is expected to degrade over time, especially for EPS foams that are susceptible to 

freeze-thaw separation from concrete (PCI 1997). To replicate this, the insulation-concrete bond 

was broken in most of the specimens using a thin plastic sheet to isolate the connector systems.  

As seen in Table 5-1, specimen identification is based on ‘material, angle, connector orientation, 

diameter’. For example, B30C4 has 4.0 mm BFRP shear connectors with the angled connector at 

30° and is oriented to be under compression. 

5.2.2 Test Setup and Instrumentation 

The test setup was a double-shear push-through configuration shown in Figure 5-3. The exterior 

wythes were placed on 76×76 mm steel sections with a clear 375 mm spacing that allows the 

insulation and interior wythe to deflect in between. Load was applied at a rate of 2 mm/min 

through a 114×76 mm steel block, 40 mm thick, mounted on the top-centre of the interior wythe.  

Load was recorded from the testing frame load cell. Deflection of the interior wythe was recorded 

using four 100 mm linear potentiometers (LPs) placed at the top and bottom of either side of the 

specimen.  

5.2.3 Material Properties 

A self-consolidating high-early strength concrete mix with a nominal maximum aggregate size of 

19 mm was used. The average test-date compressive strength, fc’, of the five batches was 39.2 

MPa with a standard deviation (SD) of 4.6 MPa. The maximum average fc’ of an individual 

concrete batch was 42.6 MPa with a SD of 1.2 MPa; while the minimum average fc’ was 32.8 

MPa with a SD of 2.1 MPa. The variation in concrete strength for each batch was included in 

calculations presented later in this chapter. The variation had little effect on the findings as failure 

was governed by the shear connectors in each test, as discussed later. 
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The BFRP bars have a reported tensile elastic modulus of 70 GPa and guaranteed ultimate 

tensile strength of 1100 MPa, by the manufacturer. Tension tests by the authors showed strengths 

between 1132 and 1185 MPa with elastic moduli between 64.9 and 71.8 GPa. The steel deformed 

bars used for the shear connectors were also tested and had a yield strength of 566 MPa, ultimate 

strength of 650 MPa, and elastic modulus of 196 GPa.  Figure 5-2(c) shows the connectors used 

in the push through tests while Figure 5-4 shows the stress-strain curves for the tested BFRP and 

steel bars. 

The insulation consists of 20 kg/m3 graphite-infused expanded polystyrene (EPS). The 

graphite adds to the thermal insulation properties and not to the structural response. The EPS was 

tested in compression and the reported shear modulus of 5.65 MPa was calculated from the 

measured Young’s modulus (9.2 MPa) and Poisson’s ratio (-0.16). The tensile strength was taken 

from manufacturer data to be 0.1 MPa. 

5.3  Experimental Results and Discussion 

The results of the experimental program are summarized in Table 5-2 and the load-slip curves for 

the various tests are shown in Figure 5-5, Figure 5-6, and Figure 5-7, where slip refers to the 

relative displacement between concrete wythes based on the average of the four LP readings in 

each test. For the purpose of presentation in these figures, positive slips are reported when the 

angled connectors are subject to tension while negative slips are reported when the angled 

connectors are put into compression. Due to symmetry, the loads presented in the figures are half 

of the total loads to isolate the performance of each shear connector rather than the pair.  

Across all of the tested parameters, there is a clear initial linear load-slip relationship. The 

reported loads and slips in Table 5-2 are the values taken at the end of the linear section and 

corresponds to the first failure mode reported in Table 5-2. For all cases, these loads are the peak 

loads, except for steel connectors in tension, these are the yielding loads. 
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There were seven different failure modes observed in the tests and these are illustrated in 

Figure 5-8. The impacts of each parameter on the connection response, peak loads, and failure 

modes are discussed in the following sections.   

5.3.1 Effect of Connector Material 

Figure 5-5 shows the load-slip responses of the test specimens constructed with 6.0 mm BFRP 

(Figure 5-5(a)) and 5.8 mm steel (Figure 5-5(b)) connectors without an active foam bond.  Both 

connectors have comparable cross-sectional areas, 28.25 and 26.4 mm2, respectively.  Under 

tension, yielding of the steel connectors occurs at relatively small displacements (1.3-1.6 mm) 

and is characterized by a significant decrease in stiffness. After the initial yielding, there is a 

region of increased capacity (ranging between 17 and 25%), arising from the additional 

contributions from connector dowel action and strain hardening in the angled connector. This 

increase lasts until one of the angled connectors ruptures (Figure 5-8(c)), causing a sudden loss in 

load. Beyond rupture, load transfers to the remaining connectors and allows for subsequent load 

peaks until complete failure; with the exception of a few tests run on small connectors with low 

insertion angles, these subsequent peaks were much lower than the initial rupture point. 

In tension, BFRP remains relatively linear (deviation from linearity primarily due to the 

change in insertion angle from the applied deformation) until failure (Figure 5-5(a)). The stiffness 

of the BFRP connectors relative to the steel connectors is much lower. Comparing the average 

stiffness until failure (by taking the reported load in Table 5-2 divided by the reported slip) shows 

that the BFRP averages 0.4 the stiffness of the steel, similar to the 0.36 modular ratio of BFRP 

and steel from tension tests. Generally, BFRP pulled out at failure prior to reaching its ultimate 

tensile strength (Figure 5-8(f)). Assuming equal embedment length, BFRP is more likely to pull 

out before material failure than steel because it has essentially double the tensile strength. 
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Additionally, the BFRP used in this study is relatively smooth (Figure 5-2(c)) which limits bond 

strength relative to the tested deformed steel shear connectors. 

In compression, the steel connectors failed by buckling, associated with a sudden loss of 

capacity and no ductility.  The BFRP connectors either failed in buckling or by crushing (Figure 

5-8(g)) under compression. Both failure modes caused sudden decreases in load and are highly 

influenced by the test parameters, as discussed later.  Similarly to what is observed in tension, the 

stiffness of the BFRP connectors in compression is much lower than those of the steel ones with 

this ratio being similar to the modular ratio of the two materials. 

The 6 mm diameter BFRP connectors are slightly stronger (by 6 to 19%) than the yield 

strength of the steel connectors and slightly weaker (by 9 to 20%) than the ultimate strength of 

the steel connectors when loaded in tension. Though the BFRP has a much higher tensile strength 

than steel, this capacity was not reached as the BFRP failed by pullout.  In compression the BFRP 

connectors were between 47 and 57% the capacity of their steel counterparts. BFRP is expected 

to be weaker than steel in compression as its lower modulus relative to steel makes it more prone 

to buckling. 

5.3.2 Effect of Loading Direction 

The effect of the loading direction (angled connector subject to tension or compression) is shown 

by comparing the left and right hand sides of Figure 5-5, Figure 5-6, and Figure 5-7. In general, 

the loading direction has negligible impact on the stiffness of the shear connection prior to failure. 

The exception of this is seen with smallest diameter connectors in compression which have 

reduced stiffness due to slenderness effects.  

Steel shear connectors showed negligible differences between their yielding in tension and 

buckling capacity in compression with buckling being at slightly lower loads. However, the 

BFRP connectors were much weaker in compression than in tension, especially for smaller 
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diameters. Their compression capacity ranged from 15 to 85% that of the tensile capacity, 

increasing with diameter (this difference is discussed in the following section). 

5.3.3 Effect of Connector Diameter 

The load-slip relationships showing the effect of connector diameter on response is illustrated in 

Figure 5-6 while failure loads of the connectors are summarized in Figure 5-9. Regardless of 

connector angle and loading direction, the connection stiffness increased proportionally to 

diameter.  As shown in Figure 5-9, increasing connector diameter increases the failure load across 

all investigated angles. In tension, this increase was directly proportional to diameter rather than 

area (i.e. the 8 mm bars have four times the area of the 4 mm ones, but only twice the load 

capacity). This is expected as the BFRP connectors in tension, with the exception of 4B60T, all 

failed by pull-out. Pull-out capacity is dependent on the bond surface area (i.e. capacity increases 

linearly with diameter).  

In compression, smaller diameter BFRP bars failed by buckling while larger bars failed by 

crushing (Figure 5-8(g)). The crushing load (material failure) is proportional to the area rather 

than diameter; which affects the ratio of compression and tension capacity. For instance, the 

average compression capacity of the 6 mm BFRP connectors is 45% that of the tensile capacity 

while the average compression capacity of the 8 mm BFRP connectors is 76% that of the tensile 

capacity. For connectors with larger diameters than those investigated, their compression capacity 

is expected to exceed that of their tension capacity as tension failure loads are directly 

proportional to diameter (pullout failure). The connectors that failed by buckling are further 

elaborated upon in the following section as this failure mode is strongly influenced by insertion 

angle. 
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5.3.4 Effect of Connector Angle 

The effect of varying connector angle is investigated using both steel (Figure 5-5(b)) and BFRP 

(Figure 5-5(a) and Figure 5-6) connectors. The impact of angle on connection strength is shown 

in Figure 5-10. The large effect of angle on strength and stiffness shows that the angled connector 

dominates the performance of the shear connection relative to dowel action in the horizontal 

connector (this is discussed further in the analytical model section). There are generally a few 

observations related to the effect of angle of insertion: (a) it can be seen from Figure 5-5(a) that 

increasing the connector insertion angle increases the shear stiffness of the connection, with the 

increase being dependent on the sine of the insertion angle (i.e. the vertical component of the 

axial load put into the angled connector), (b) increasing connector insertion angle increases the 

unbraced length between wythes, which reduces buckling capacity, and (c) increasing connector 

insertion angle increases the connector embedment length, which increases pull-out capacity. 

Generally, for both materials and loading directions, increasing the insertion angle increased 

the ultimate capacity, except for the smallest diameter, 4 mm (Figure 5-10) and stiffness (Figure 

5-5(a)). The load at failure increased between 150% and 205% when the angle was increased 

from 30° to 60° for both steel and BFRP in tension (Figure 5-10). Similarly, the effective increase 

in stiffness when increasing the connector insertion angle from 30° to 60° was between 195 and 

280% for both steel and BFRP connectors in tension (Figure 5-5(b)). 

The failure load of each test was governed by the axial force applied through the angled 

connector. For failure modes dependent on connector material strength (i.e. yielding, rupture, or 

crushing), the axial force in the angled connector at failure is the same regardless of insertion 

angle. However, the component of this axial force resisting the applied shear force (i.e. what is 

presented as load in this study) depends on the angle based on the sine of the insertion angle 

(equal to 0.5, 0.71, and 0.87 for the 30°, 45°, and 60° connectors, respectively). For the tests that 

experienced material failure, their ultimate loads at the various angles were proportional to each 
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other similar to these ratios. However, different trends were observed for the specimens governed 

by buckling or pull-out failures. 

For the small diameter (4.0 mm) BFRP connectors in compression, capacity decreased as 

angle increased (Figure 5-10). Although increasing the angle increases the contribution of the 

connector axial force to the overall shear resistance, this contribution is offset by the increase in 

effective unsupported length of connector, le. For instance, changing the insertion angle from 30° 

to 60° increases the contribution to shear resistance at failure by 0.87/0.50. However, this also 

doubles the effective length of the connector, which reduces the critical buckling load by four 

times as it is proportional to the inverse of le
2, leading to the 60° connector having, in theory, 43% 

the capacity of the 30° connector. This agrees well with the test results, which found this value to 

be 47% by comparing B30C4 and B60C6.  Finally, increasing the insertion angle increases the 

pullout capacity of a connector as the embedment length increases. This effect is cumulative with 

the increase in connector axial load contribution. 

5.3.5 Effect of Insulation Bond 

The insulation bond was studied at 45° insertion angles (tension and compression) and for steel 

and BFRP shear connectors. The load-slip curves comparing the bonded and unbonded tests are 

shown in Figure 5-7.  The insulation contribution increased peak loads substantially, with this 

increase being similar for both materials, steel and BFRP, and load direction, tension or 

compression (between 173% and 186%) aside from BFRP under compression, which was 413% 

stronger, primarily due to the weakness of the shear connector arrangement rather than variation 

in the insulation contribution. In addition to increasing peak loads, the insulation bond increased 

the stiffness of the shear connection, particularly when using BFRP connectors. 

The slip at failure observed when using steel connectors or BFRP connectors under 

compression were similar regardless of whether bond was active or not, signifying that connector 
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failure occurred before insulation failure. However, this was not the case for BFRP under tension 

where the insulation splitting failure causes the initial force drop rather than connector failure.  

Figure 5-7(c) shows the net gain in load due to insulation bond for both materials and 

loading directions. This difference was obtained for each parameter by subtracting the load in the 

unbonded test from that of the bonded test at each slip value. The average difference in the 

insulation contribution to peak loads was found to be 13.2 kN when using steel connectors and 13 

kN when using BFRP connectors. This shows that insulation contribution is independent of 

connector material. 

In specimens with active foam bonds, the insulation-concrete interface bond remained active 

(no relative slip at the interface) for the duration of each test, showing that the EPS insulation was 

well bonded to the concrete. Failure of the insulation was by splitting tension at 45° from the 

normal (Figure 5-8(d)).  

5.4  Analytical Model 

This section describes a simple analytical model that was developed to predict shear connection 

strength and failure mode along with a verification of the model using experimental results.  

5.4.1 Model Description 

The model factors in shear resistance from three sources: shear carried by the insulation (Vin), 

truss action in the angled connector (Vtr), and dowel action in both angled and horizontal 

connectors (Vdw). The total shear, Vsc, can be determined by adding together the values from each 

contribution at any slip (δ), as shown in Eq. (5-1) and Figure 5-11(a). 

(5-1) 
 

The model makes the following assumptions: 1) beam theory applies to the connectors in the gap 

between the two concrete wythes, 2) the insulation is treated either as unbonded to concrete (zero 
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contribution) or bonded and in this case fails by diagonal tension splitting, 3) steel connectors are 

elastic-perfectly plastic while FRP connectors are linear elastic to failure, and 4) no localized 

concrete crushing is expected within the wythes. 

5.4.1.1 Shear Contribution from Insulation 

The insulation contribution to shear resistance is found using Eq. (5-2) and visualized in Figure 

5-11(b). 

 (5-2) 

 

Where Gin is the insulation shear modulus, Ain is the area of foam subject to shear (equal to bh, b 

being the section width and h being the section height), X is the thickness of the insulation layer, 

and δs is the relative slip of the two concrete wythes.  Contributions from sections with or without 

ribs can be determined by substituting their respective Ain and X values into Eq. (5-2) then 

combining the results of the sections at rib locations and sections between the ribs. 

The upper limit for Eq (5-2), max,inV , is given as follows:  

, , (5-3) 
 

where fu,in is the insulation tensile strength (equal to the principal stress σ1 in Figure 5-11(b)).   

5.4.1.2 Shear Contribution from Connector Dowel Action 

The failure mode of connectors subject to dowel action is dependent on their span, X, to diameter, 

φ, ratio (Woltman et al. 2013). For the investigated parameters, X/φ in this study ranged between 

7.5 and 15, making them flexure-dominated based on Woltman et al. (2013). 

Dowel action of the horizontal connector, Vdw, acts as a fixed-fixed beam subject to 

transverse displacement at one end. Vdw can be found using Eq. (5-4) and is visualized in Figure 

5-11(c). 
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12
 (5-4) 

 

Where Esc and Isc are the connector elastic modulus and moment of inertia, respectively. The 

maximum value of Vdw based on flexure of a circular section is represented by Eq. (5-5). 

, 4 ,  
(5-5) 

 

Where fu,sc is the compressive strength of the FRP connector, taken as 30% of its tensile strength 

(Mirmiran et al. 2001) and φ is the connector diameter. FRP connectors fails completely when fu,sc 

is reached (Vdw becomes zero).  For steel, fu,sc can be conservatively replaced by the yield strength, 

fy, then, assuming elastic-plastic response, Vdw remains constant at slips beyond this point.  

5.4.1.3 Shear Contribution from Connector Truss Action 

Regardless of loading direction, test results show that the axial component of the angled shear 

connector dominates behaviour of the connection system. Under an imposed slip (positive for 

tension and negative for compression orientations), axial strain in the connector, εsc,a relative to 

the initial connector length, Lac, can be found by Eq. (5-6) (see Figure 5-11(d)). 

, Δ tan
 

(5-6) 

 

εsc,a can be used to determine the axial force in the connector, Fac then Vtr using Eq. (5-7).  

sin ′ , tan tan
 

(5-7) 

 

Where Asc is the connector cross-sectional area and θ’ is the adjusted angle (as the insertion angle 

changes with slip). 

For connectors in tension, failure occurs due to either reaching the ultimate tensile strength 

of the FRP (or yielding of steel), or due to bond failure by pullout. As the angled connector is 

subjected to both truss and dowel action, material tensile failure needs to include both 
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contributions to stress. The maximum stress in the bar at a slip of δs factoring in bending and 

axial loading, ftr,strength can be found from Eq. (5-8). 

, tan 3
 

(5-8) 

 

If ftr,strength exceeds the tensile strength fu,frp, for FRP bars, the connector ruptures. Similarly, if it 

exceeds fy for steel bars, the connector yields. The resulting shear force is then calculated as:  

, , sin ′ (5-9) 
 

For bond failure, the connector stress at pullout, ftr,bond, can be found using the process given by 

ACI 440.1R-06 (ACI 2006), seen in Eq. (5-10),  

, 0.083 13.6 340  
(5-10) 

 

Where le is the embedment length of the angled connector, C is the concrete cover in this case, to 

the centre of the bar (25 mm), φ is bar diameter, and α is a bar location factor (1). If the term C/φ 

exceeds 3.5, it becomes 3.5. For embedment lengths less than 20φ, Eq. 5-10 was adjusted by 

multiplying it by le/(20φ) as per ACI 440.1R-06. The resulting shear force is then calculated as 

follows: 

, , sin (5-11) 
 

The capacity of the BFRP connectors is then controlled by the lesser of Eq. (5-9) and Eq. (5-11)  

In compression, the angled connectors failed either by buckling or crushing (or yielding for 

steel connectors). For the buckling failure mode, the shear force that causes buckling (Vtr,b) is 

provided in Eq. (5-12), neglecting the foam resistance due to its very low stiffness. The first term 

of Eq. (5-12) represents Euler bucking (effective length coefficient taken as 0.66 (fixed-fixed)) 

while the second represents the impact of the insertion angle.  

, 0.66 sin ′ (5-12) 
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If material failure governs, Eq. (5-13) governs for steel and Eq. (5-14) for BFRP connectors. The 

BFRP compressive strength was taken as 30% that of its tensile strength, similar to the lower-

bound percentage used for glass FRP (Mirmiran et al. 2001). 

, sin ′ (5-13) 
 , 0.3 , sin ′ (5-14) 
 

The failure load for connectors in compression is the lower of the material failure load or Euler 

buckling load. It can be seen that the shear forces in Eq. 5-9, 5-12, 5-13 and 5-14 depends on θ’ 

and hence δs. To solve, an initial value for δs may be assumed and an iterative process used until 

convergence is achieved. Typically, only one mechanism (i.e. insulation, dowel action, or truss 

action) will govern failure. In this case, the δs governing this particular mechanism should be used 

to determine the remaining contributions from the other two mechanisms. 

5.4.2 Model Verification 

Table 5-3 provides a summary of the predicted failure loads in comparison to the experimental 

results, while Figure 5-12 shows a graphical representation of the model predictions relative to 

experimental values. The average of test over predicted values, K, is 1.15 with a standard 

deviation of 0.25. The variation in K decreased with increased diameter and angle. For tests 

without insulation bond and BFRP connectors, K was 1.09 with a deviation of 0.26 for connectors 

in compression (deviation is high as FRP bars have a large variation in compressive strength that 

arises from microbuckling of the fibres within the matrix (Choo et al. 2007)) and 1.04 with a 

deviation of 0.093 for connectors in tension. Steel and BFRP connectors showed similar 

variation. 

The pullout capacity given by ACI 440 (which governed for the BFRP bars in tension) was 

found to be conservative and gives an average K of 1.37. K reduces as both angle and diameter 

increase. The decrease is particularly evident with angle (K for the 30 degree cases averaged 1.67 
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and K for the 60 degree cases averaged 1.12). As the insertion angle θ reduces, the wythe slip δs 

at pullout failure increases, which changes the bond condition of the bar. Figure 5-13 shows the 

difference between a straight bar pull out, represented by the ACI 440 equation, and a ‘kinked’ 

bar pull-out due to slip δs, which is the condition of the shear connectors in the experiments. This 

kink results in transverse bearing stress (R in Figure 5-13) that enhances the experimental bond 

strength, hence the larger K.  

K was slightly unconservative (K = 0.89) for tests that saw crushing failure (6 and 8 mm 

BFRP bars). This may be attributed to the fact that the 30% assumption of crushing neglects the 

bending associated with some buckling between wythes. 

When using bonded insulation, the model was found to be conservative for connectors in 

compression (K averaged 1.21) as the insulation’s residual capacity after connector failure was 

not included. In tension, the model was very close to the test results (K averaged 0.96). These 

results were similar regardless of connector material. For both tension and compression, the 

coefficient of variation for the bonded tests was less than 5%. 

The model can also be used to investigate the contribution of each component to the shear 

resistance of the system (Table 5-3). For the presented system, the contribution from dowel action 

is low (ranging between 2 and 15% of the total shear resistance). This contribution increased with 

diameter. When included, the insulation bond contribution was large, particularly when using 

BFRP connectors. 

5.5 Chapter Summary and Conclusions 

The results of thirty eight push-through tests representing concrete sandwich panels using both 

BFRP and steel shear connectors were presented. The tests varied the following parameters: (a) 

connector’s angle from 30 to 60 degrees measured relative to the direction normal to either 

wythe, (b) connector’s diameter from 4 to 8 mm, (c) loading direction in diagonal connector 
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being in compression or tension, and (d) if the insulation foam bond was active or not. A simple 

analytical model was also developed. The following conclusions are drawn: 

1. For BFRP connectors under diagonal compression or tension, increasing the connector’s 

diameter increased the ultimate load capacity and stiffness at all insertion angles tested.  

2. For both BFRP and steel connectors of moderate to large diameter (6 and 8 mm) under 

diagonal compression or tension, increasing the connector’s insertion angle, increased the 

ultimate load capacity and stiffness. For small (4 mm) BFRP connectors, increasing the 

angle reduced the ultimate capacity. 

3. Under compression, BFRP connectors are generally weaker than in tension over the 

investigated parameters. The difference in strength, however, appears to reduce as diameter 

increases due to the change of compressive failure mode from elastic buckling of small 

diameter connectors to crushing of larger diameter ones.  

4. Under tension, BFRP connectors all experienced pull-out bond failure, except for the 

smallest size (4 mm) at the largest angle (60 degrees), which ruptured due to the increase in 

embedment length at this angle. 

5. Steel and BFRP connectors gave similar strengths in tension for diameters around 6 mm. 

The BFRP connectors pulled-out while the steel ones yielded then ruptured. In 

compression, steel connectors, which buckled, were about double the strength of the BFRP 

ones which mostly crushed. 

6. The insulation’s contribution to shear resistance is similar for both steel and BFRP 

connectors. It is also quite significant, causing a minimum increase of 173% in strength, 

relative to the unbonded case. The insulation failed by diagonal tension cracking, 

suggesting excellent bond to concrete. However, under cyclic loading and environmental 

conditions this bond may not be reliable. 
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7. The theoretical model gave an average of test over predicted values, K, of 1.15 with a 

standard deviation of 0.25. The K ratio decreased with increasing the diameter and angle of 

connector. 

8. The relative slip of concrete wythes resulted in a ‘kinking’ effect in the connector, causing 

a pull-out force at an angle with the embedded section.  This has produced transverse 

bearing within the embedded section that likely enhanced the experimental bond strength. 

As a result, the model which uses ACI 440.1R-06 bond equation underestimates the 

connector’s capacity in tension. 
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Table 5-1: Test matrix 

Test 
ID 

Shear 
Connector 
Material 

Connector
Diameter,

 mm 

Total Angled 
Connector 
Area, mm2 

Angled 
Connector 
Loading 

Case 

Connector 
Angle 

(degrees) 

Foam 
Bond 

B30C4 

BFRP 

4.0 25.1 

Compression
30 Broken

B45C4a 45 Broken
B60C4 60 Broken
B30T4 

Tension 
30 Broken

B45T4a 45 Broken
B60T4 60 Broken
B30C6 

6.0 56.5 

Compression
30 Broken

B45C6 45 Broken
B45C6aa 45 Active
B60C6  60 Broken
B30T6 

Tension 

30 Broken
B45T6 45 Broken
B45T6aa 45 Active
B60T6 60 Broken
B30C8 

8.0 100.5 

Compression
30 Broken

B45C8a 45 Broken
B60C8 60 Broken
B30T8 

Tension 
30 Broken

B45T8a 45 Broken
B60T8 60 Broken
S30C 

Steel 5.8 52.8 

Compression

30 Broken
S45Ca 45 Broken
S45Caa 45 Active
S60C 60 Broken
S30T 

Tension 

30 Broken
S45Ta 45 Broken
S45Taa 45 Active
S60T 60 Broken
a  – Two specimens tested 
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Table 5-2: Summary of test results 

Test ID 
Failure Load Failure Mode 

Load, 
kN 

Deflection
mm Type Reference 

Image (Fig. 5-8)
B30C4 3.00 3.04 Connector Buckling 

Connector Buckling 
Connector Buckling 
Connector Buckling 

a 

B45C4a 2.85 1.50 a 
2.66 2.06 a 

B60C4 1.41 0.64 a 
B30T4 6.19 4.89 Connector Pull-Out f 

B45T4a 6.45 5.31 Connector Pull-Out f 
6.36 3.95 Connector Pull-Out f 

B60T4 9.34 3.68 Connector Rupture e 
B30C6 4.18 2.86 Connector Buckling a 
B45C6 4.92 1.63 Connector Crushing g 
B60C6 5.79 1.36 Connector Crushing g 

B45C6aa 20.75 2.74 Connector Crushing, Foam Splitting  g,d 
19.84 2.67 Connector Crushing , Foam Splitting  g,d 

B30T6 8.19 5.08 Connector Pull-Out f 

B45T6a 12.11 4.64 Connector Pull-Out f 
3.16b 1.18 Connector Pull-Out f 

B60T6 13.07 3.37 Connector Pull-Out f 

B45T6aa 20.95 2.83 Foam Splitting, Connector Pull-Out d,f 
20.91 3.14 Foam Splitting, Connector Pull-Out d,f 

B30C8 8.34 3.68 Connector Crushing g 

B45C8a 10.19 2.96 Connector Crushing g 
9.14 2.69 Connector Crushing g 

B60C8 13.94 2.42 Connector Crushing g 
B30T8 9.70 4.27 Connector Pull-Out f 

B45T8a 15.68 4.24 Connector Pull-Out f 
13.46 4.14 Connector Pull-Out f 

B60T8 18.67 3.93 Connector Pull-Out f 
S30C 7.28 1.39 Connector Buckling a 

S45Ca 11.21 1.34 Connector Buckling a 
9.33 1.52 Connector Buckling a 

S60C 12.33 1.06 Connector Buckling a 

S45Caa 17.90 1.18 Connector Buckling, Foam Splitting a,d 
18.19 1.10 Connector Buckling, Foam Splitting a,d 

S30T 7.12 1.90 Connector yielding, Connector Rupture b,c 

S45Ta 9.58 1.46 Connector yielding, Connector Rupture b,c 
10.83 1.50 Connector yielding, Connector Rupture b,c 

S60T 13.86 1.40 Connector yielding, Connector Rupture b,c 

S45Taa 22.44 1.93 Connector yielding, Foam Splitting b,d 
22.23 2.15 Connector yielding, Foam Splitting b,d 

a – Two specimens tested  

b – For tests with two reported failure modes, the failure modes are reported in order
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Table 5-3: Model comparison to test results 

Test 
ID 

Angled Connector 
Failure Load 

Theoretical contribution to 
shear resistance (percent)  

Test,
kN 

Model,
kN K Dowel 

Action 
Truss
Action

Insulation 
Bond 

B30C4 3.00 1.96 1.53 4 96 0 

B45C4a 2.85 2.00 
2.00 

1.43 3 97 0 
2.66 1.33 3 97 0 

B60C4 1.41 1.17 1.20 2 98 0 
B30T4 6.19 3.23 1.92 4 96 0 

B45T4a 6.45 4.83 
4.83 

1.33 2 98 0 
6.36 1.31 2 98 0 

B60T4 9.34 7.20 1.30 2 98 0 
B30C6 4.18 4.57 0.91 9 91 0 
B45C6 4.92 6.28 0.78 5 95 0 
B60C6 5.79 6.29 0.92 5 95 0 

B45C6aa 20.75 17.11 
17.11 

1.21 3 54 43 
19.84 1.16 3 54 43 

B30T6 8.19 5.02 1.63 8 92 0 
B45T6 12.11 8.24 1.47 5 95 0 
B60T6 13.07 11.86 1.10 5 95 0 

B45T6aa 20.95 22.60 
22.60 

0.93 3 55 42 
20.91 0.93 3 55 42 

B30C8 8.34 8.55 0.98 15 85 0 

B45C8a 10.19 11.53 
11.53 

0.88 9 91 0 
9.14 0.79 9 91 0 

B60C8 13.94 14.34 0.97 8 92 0 
B30T8 9.70 6.57 1.48 15 85 0 

B45T8a 15.68 11.14 
11.14 

1.41 9 91 0 
13.46 1.21 9 91 0 

B60T8 18.67 19.49 0.96 8 92 0 
S30C 7.28 7.24 1.01 8 92 0 

S45Ca 11.21 10.25 
10.25 

1.09 5 95 0 
9.33 0.91 5 95 0 

S60C 12.33 12.54 0.98 4 96 0 

S45Caa 17.90 14.50 
14.50 

1.23 4 74 22 
18.19 1.25 4 74 22 

S30T 7.12 7.54 0.94 8 92 0 

S45Ta 9.58 10.41 
10.41 

0.92 5 95 0 
10.83 1.04 5 95 0 

S60T 13.86 12.60 1.10 4 96 0 

S45Taa 22.44 22.30 
22.30 

1.01 4 75 21 
22.23 1.00 4 75 21 

Average: 1.15    
Standard Deviation: 0.25    

a – Two specimens tested 
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Figure 5-1: Panel design showing (a) side view (b) cross-section. All dimensions in mm.  
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Figure 5-2: Push through specimen description (a) panels with steel shear connectors, (b) 
panels with BFRP shear connectors, (c) photograph of the various diameters and types of 

shear connectors used. 
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Figure 5-3: Testing apparatus (a) schematic, (b) specimen during test. All dimensions in 
mm. 

 

Figure 5-4: Shear connector material stress-strain curves. BFRP strengths exceeded 1100 
MPa but strain gauges failed before ultimate was reached. 
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Figure 5-5: Effect of shear connector material on load-wythe slip response across various 
angles (a) φ = 6.0 mm BFRP shear connectors (b) φ = 5.8 mm steel shear connectors. Note: 

Rep. = repetitions of the same specimen design. 
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Figure 5-6: Load-wythe slip responses for tests with BFRP shear connectors of varying 
diameter (a) 30 degree insertion angle, (b) 45 degree insertion angle (repetitions labelled), 

(c) 60 degree insertion angle. 
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Figure 5-7: Load wythe-slip responses for (a) f = 5.8 mm steel connectors, θ = 45° (b) φ = 6.0 
mm BFRP connectors, θ = 45° (c) Foam contribution to resistance (difference between 

bonded and unbonded results) 

 

 

 

 

 

 

 

 

Figure 5-8: Photos and sketches of failure modes (a) Connector buckling (b) Connector 
yielding (c) Connector rupture (Steel)  (d) Insulation splitting failure (e) Connector rupture 

(BFRP) (f) Connector pullout (g) Connector crushing. 
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Figure 5-9: Impact of connector diameter on peak load for various insertion angles (BFRP 

specimens with unbonded foam only). 

 
Figure 5-10: Impact of connector insertion angles on peak load for various diameters. 
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Figure 5-11: Numerical model diagram showing the various shear resisting components (a) 
overall resistance, (b) resistance from insulation, (c) resistance from dowel action, (d) 

resistance from truss action. 

 

Figure 5-12: Test vs. model predictions from load with lines showing test/predicted (K) 
values of 1.0, 1.2, and 0.8 for (a) BFRP connectors (b) Steel connectors. 
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Figure 5-13: Difference in bond conditions between straight and kinked bars. 
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Chapter 6 

Flexural Behaviour of Precast Concrete Sandwich Wall Panels with 

Basalt-FRP and Steel Reinforcement4 

6.1 Introduction 

Space heating and cooling represents almost 60% of the energy consumption of commercial and 

residential structures in Canada; this is largely impacted by the thermal resistance of the building 

envelope (Cuddihy et al. 2005). With regard to walls, designs with high thermal resistance (R-

Value) and thermal mass reduce required heating and cooling loads on a building relative to 

frame walls (Al-Homoud 2005, Gajda 2001). Prefabricated elements are advantageous in practice 

as they can be constructed quickly in a controlled environment by a single manufacturer then 

shipped to site in order to quickly close the building envelope (Brown et al. 2001). Precast 

concrete insulated wall panels are prefabricated elements that combine structural and thermal 

efficiency. These panels are typically composed of a 25-100 mm (1-4 in) rigid layer of foam 

insulation surrounded by two wythes (layers) of reinforced concrete (PCI 2011). Wythe thickness 

depends on expected loads, fire, and cover requirements and generally ranges from 50 mm (2 in) 

to 150 mm (6 in) (PCI 1997).  

The structural behaviour of sandwich panels depends heavily on the shear force transferred 

between wythes through elements known as shear connectors. Connectors are commonly 

arranged as discrete ties, trusses (Maximos et al. 2007, Benayoune et al. 2008), mesh grids 

(Hassan and Rizkalla 2010), or solid concrete regions (Lee and Pessiki 2008). They have been 
                                                      

4 Accepted Manuscript: Tomlinson, D.G., and Fam, A. (2015) “Flexural Behavior of Precast Concrete 
Sandwich Wall Panels with Basalt-FRP and Steel Reinforcement.” PCI Journal. Submission date: February 
2, 2015. 
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composed of various materials including steel, fibre-reinforced polymers (FRPs), and plastics 

(PCI 2011). Panels with complete shear transfer are termed ‘composite’, panels with no transfer 

are termed ‘non-composite’, and panels with some shear transfer between the two are termed 

‘partially composite’ (PCI 1997). Partial and non-composite walls are also characterized through 

‘broken line’ strain profiles (i.e two neutral axes) which create strain discontinuity between the 

wythes. This discontinuity accumulates over the panel length as relative slip between the wythes 

(shear deformation), greatest at the panel ends (Allen 1969). 

There are advantages to both full and non-composite walls. Fully composite walls are 

stronger and stiffer but are more susceptible to thermal bowing, which is of particular concern in 

long walls (PCI 2011) along with potentially sacrificing large R-values through thermal bridging 

(McCall 1985). Full and non-composite panels can be readily analyzed using reinforced concrete 

sectional analysis but there is uncertainty in evaluating partial composite panels as their 

behaviour is much more complex and typically relies on test results and designer experience (PCI 

2011).  If the level of composite action is quantified, it allows designers to more accurately design 

a wall system. Composite action has been evaluated using numerous methods including strength, 

deflection (Frankl et al. 2011), stresses (Benayoune et al. 2008), effective moment of inertia 

(Pessiki and Mlynarczyk 2003) and curvature (Hassan and Rizkalla 2010).  Previous direct shear 

and flexure test programs have seen high or full degrees of composite action from heavy steel 

trusses (Benayoune et al. 2008) or solid concrete regions (Pessiki and Mlynarczyk 2003) as shear 

connectors while lower levels have been seen in sections with discrete steel, FRP, or plastic ties 

(Woltman et al. 2013, PCI 1997). High degrees of composite action with reduced thermal 

bridging have also been achieved using GFRP trusses (Maximos et al. 2007) and CFRP grids 

(Hassan and Rizkalla 2010) to provide structurally and thermally efficient wall designs. 

Panel insulation is typically composed of Expanded (EPS) or Extruded (XPS) polystyrene as 

these foams can withstand the pressure and temperature of concrete casting, provide the desired 
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R-values, and act as stay-in place formwork. The foam layer has been found to contribute a 

significant amount to composite action (Tomlinson and Fam 2014, Frankl et al. 2011) with EPS 

giving higher values in addition to often being less costly (Al-Homoud 2005). 

Basalt fibre reinforced polymer (BFRP) has recently been used in concrete structures as 

flexural reinforcement and shear connectors (Brik 2003, Naito et al. 2012, Tomlinson et al. 2014). 

Relative to Glass FRP (GFRP), BFRP is promising as it is stronger and stiffer while having 

similar durability and thermal conductivity (Wu et al. 2014). BFRP is less costly than Carbon 

FRP (CFRP) (Sim 2005, Brik 1997) and is easier to manufacture than GFRP and CFRP (Brik 

2003).  

This paper investigates the composite action of a non-prestressed concrete insulated wall 

panel using four-point bending tests. The impact of varying shear connector and longitudinal 

reinforcement material between steel and BFRP is studied along with comparing full walls to the 

performance of the structural wythe alone. The results focus on the flexural test results compared 

to theoretical values to quantify the level of composite action. Digital Image Correlation (DIC) is 

also used to aid the understanding of wythe slip. 

6.2 Experimental Program 

6.2.1 Panel Design 

The single-storey two-wythe non-prestressed sandwich panel design presented in Figure 6-1 

forms the basis for this study. Each panel is 2700 mm (106.3 in) long, 1200 mm (47.2 in) wide 

and 270 mm (10.63 in) thick. The façade (exterior) wythe has a rectangular cross section with a 

thickness of 60 mm (2.36 in); the structural (interior) wythe has a double-tee cross section with a 

60 mm (2.36 in) thick flange and 150 mm (5.91 in) deep webs spaced centre-to-centre at 600 mm 

(23.6 in). The bulb-shaped webs are between 50 and 70 mm (1.97 to 2.76 in) and extend into the 
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insulation layer. The bulb accommodates longitudinal reinforcement. The webs serve to increase 

the structural wythe flexural resistance while reducing the unsupported shear connector length 

through the insulation; this increases composite action without sacrificing much thermal 

insulation. The insulation for all panels in this study was made of expanded polystyrene (EPS).  

Panels were reinforced for flexure with either steel or BFRP bars. In steel-reinforced 

sections, the facade wythe and the flange of the structural wythe were each reinforced at mid-

thickness with welded reinforcement grid of D5 bars spaced at 200 mm (7.87 in) transversely and 

longitudinally.  The flange of the structural wythe was also reinforced at mid-thickness with an 

additional longitudinal D8 bar bundled to the mesh at each flange-web junction. A single D8 bar 

was also placed in each web, 120 mm (4.72 in) from the face of the structural wythe. BFRP-

reinforced panels had the same arrangement but the D5 mesh was replaced with nominal 6 mm 

(0.24 in) diameter BFRP bars while the D8 bars were replaced with nominal 8 mm (0.31 in) 

BFRP bars.  The 100 mm (3.94 in) section at each end of the structural wythe consists of solid 

reinforced concrete headers which are intended to accommodate bolted connection hardware and 

serve as lintel beams for axial load bearing in practice. The headers were transversely reinforced 

with four 10M steel bars or 10mm (0.39 in) nominal BFRP bars. 

The panels had discrete shear connectors (Figure 6-2) spaced longitudinally at 600 mm (23.6 

in). Connectors were inserted through the façade wythe into the web of the structural wythe. The 

steel connectors consisted of two L-shaped D5 bars: one inserted normal to the facade and the 

other placed at a 45° angle. The connectors were laid out such that they would be put into tension 

if the panel was subjected to external pressure. BFRP connector pairs were cut into a U-shape 

from a 6 mm (0.24 in) nominal diameter, 600 × 600 mm (23.6 × 23.6 in) square spiral tie and 

inserted into the panel at the desired angles, again one normal to the façade and one at a 45° 

angle. 
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The R-Value of the panels, calculated using the revised zone method from Lee and Pessiki 

(2008), is 2.86 m2K/W (19.8 h×ft2°F/BTU) for panels with steel connectors and 3.10 m2K/W 

(21.5 h×ft2°F/BTU) for panels with BFRP connectors (using values from Table 6-1). Both values 

are suitable for ASHRAE Zone 7 for mass walls. 

6.2.2 Material Properties 

Each panel used the same mix design but they were cast on four separate dates. The concrete used 

in the panels was self-consolidating with a design flow of 650 and 700 mm (26 and 28 in), a  

maximum aggregate size of 6 mm (0.24 in), a one-day stripping strength of 30 MPa (4.3 ksi), and 

a design 28-day compressive strength of 60 MPa (8.7 ksi). Test date cylinder tests gave strengths 

between 58 and 70 MPa (8.3 and 10.2 ksi). 

Steel used for the shear connectors and flexural reinforcement was made from deformed bars 

with a yield strength of 485 MPa (70 ksi), ultimate strength of 650 MPa (94 ksi), and elastic 

modulus of 196 GPa (28.4 msi), based on standard tension tests. The D5 and D8 bars have cross 

sectional areas of 31 and 51 mm2 (0.048 and 0.079 in2), respectively. 

The BFRP bars have a specified tensile elastic modulus of 70 GPa (10.2 msi) and guaranteed 

ultimate tensile strength of 1100 MPa (160 ksi) based on manufacturer data. Two bar diameters 

with nominal 6 and 8 mm (0.24 and 0.31 in) were used and their cross section areas, determined 

through immersion tests, were 28 and 59 mm2 (0.043 and 0.091 in2), respectively. Tensile test 

results of the 6 mm (0.24 in) diameter bars gave strengths of 1132 and 1185 MPa (164 to 171 ksi) 

and elastic moduli between 65 and 73 GPa (9.4 and 10.4 msi) (Figure 6-3a)). 

EPS foam with a density of 27 kg/m3 (1.7 lb/ft3) was used as insulation as it is available pre-

cut and in greater thicknesses than XPS which eliminates the time required to cut and adhere 

layers of XPS foam. The insulation was also infused with graphite to improve its R-value. 

Material tests (Figure 6-3(b)) showed that the insulation has a yield strength of 122 kPa at 1.67% 
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strain, an elastic modulus of 9.2 MPa (1.3 ksi), and a shear modulus (Gin in Equation 6-1) of 5.7 

MPa (0.83 ksi). The tensile strength of the insulation is 0.1 MPa, given by the manufacturer. 

6.2.3 Test Specimens and Parameters 

To investigate this panel design and compare the two reinforcement and shear connector 

materials, seven flexural tests were performed as shown in Table 6-2. The control test, SPF, was a 

full panel reinforced with steel longitudinal bars and steel shear connectors, with the loads 

applied to the façade wythe to simulated wind pressure. Specimen SSF was identical to SPF, 

except that bending was applied in the opposite direction (i.e. loading on the structural wythe) to 

simulate wind suction.  To investigate the façade layer’s contribution to partial composite action, 

specimens SPS and SSS consisting of only the structural wythes were tested with the ribs of SPS 

on the compression side for the wind pressure case, while the ribs of SSS on the tension side for 

the wind suction case. A ‘hybrid’ panel, HPF has the same flexural design as SPF (i.e. flexural 

steel reinforcement) but has BFRP shear connectors to capitalize on the reduced thermal bridging 

through the shear connectors and to investigate the impact of the lower stiffness of BFRP 

connectors, compared to steel connectors, on panel response. To evaluate the performance of an 

all-FRP reinforced system (for flexure and connectors), which may allow for thinner wythes in 

the future due to reduced cover requirements, two fully BFRP-reinforced walls were tested with 

BPF being the full panel and BPS being the structural wythe only. Both panels were tested in the 

pressure configuration. 

The reinforcement ratios of the steel and BFRP reinforced panels were intended to be equal 

but varied up to 7%. Both materials were provided in the standard reinforcement configuration 

(shown in Figure 6-1) using the available bar sizes for each material type. Equal reinforcement 

ratios were considered rather than designing for equal stiffness as this allowed for better 

assessment of the panel fabrication process and, based on fully composite sectional properties and 
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considering the greater strength of BFRP compared to steel, the BFRP-reinforced walls had 

similar theoretical strength to their steel-reinforced counterparts (varying between 7% (fully 

composite) and 13% stronger (non-composite)). All walls satisfied the minimum longitudinal 

reinforcement ratio of 0.15% and transverse reinforcement ratio of 0.2% of the gross concrete 

area, Ag, given by CSA A23.3-14 and ACI 318-14. 

The shear connection stiffness, Gc, (Allen 1969) was evaluated using Equation 6-1: sin (6-1) 
 

Where n is the number of shear connectors, Esc is the shear connector modulus of elasticity, Asc is 

the shear connector cross-sectional area, θ is the connector insertion angle, Gin is the shear 

modulus of the insulation foam, and Ain is the area of foam subjected to shear at the façade wythe, 

which is the minimum contact area (Figure 6-1). At low slip values, it has been found that 

perpendicular shear connectors have negligible impact on shear stiffness and their contribution 

from dowel action was ignored (Tomlinson et al. 2014). The inputs and evaluation of Gc for the 

tested panels are presented in Table 6-3. 

6.2.4 Fabrication Process 

The panels were fabricated at a precast concrete facility as illustrated in Figure 6-4. The EPS 

foam sections were cut using a Computer Numerical Control (CNC) machine. The reinforcement 

was then cut to size. The steel reinforcement was pre-welded while the BFRP reinforcement was 

tied with plastic zip-ties. Shear connectors were inserted after setting the longitudinal bar in the 

web and placing the façade mesh. Steel shear connectors were made by cutting then bending D5 

bars to 90° or 135° angles (Figure 6-2(a)); BFRP connectors were cut from a prefabricated spiral. 

The connectors were tied to both the façade mesh and the web reinforcement for continuity. The 

panel was flipped and the structural wythe flange mesh was added. The foam and reinforcement 

were then inserted into a steel form and poured vertically. To prevent floating of the foam during 
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casting, the top of the panel was restrained by steel sections bolted to the formwork. Most panels 

were cast with a brick façade with negligible structural contribution that added 8 mm (0.31 in) to 

the façade wythe thickness. Panels were stripped after one day and stored flat (façade side down), 

spending one week indoors then an additional 3 to 6 month period outdoors before being shipped 

façade side down via flatbed truck to the testing facility. During storage, the panels were exposed 

to temperature ranges of -29 to +27 °C (-20 to +81 °F) in addition to rain and snow. 

6.2.5 Test Setup and Instrumentation 

Each panel was tested in four-point bending to failure under stroke control at 2mm/min (0.08 

in/min) using a 223 kN (50 kip) hydraulic actuator. As shown in Figure 6-5(a), the panels had a 

span of 2630 mm (103.5 in), a constant moment zone of 550 mm (21.7 in), and shear spans of 

1040 mm (40.9 in). At each end, the panel was plastered to a 102 mm (4.0 in) wide and 12.7 mm 

(0.5 in) thick steel plate bearing against a 32 mm (1.25 in) diameter round-bar to create roller 

connections. At the central loading points, two 102×102×12.7 mm (4×4×0.5 in) HSS were used 

to distribute load across the width of the panel to ensure one-way behaviour.   

Load was measured with the actuator’s load cell. Deflections at mid-span, the ends of the 

constant moment zone, and midway through the shear span were recorded with 100 mm (3.94 in) 

Linear Potentiometers (LPs) (Figure 6-5(b)). Two additional 100 mm (3.94 in) LPs were attached 

to the panel ends to measure relative slip between the wythes.  Midspan longitudinal 

reinforcement strains were measured with 5 mm (0.2 in), 120 Ω strain gauges mounted on each 

bar layer as shown in Figure 6-5(c). Strains at the top concrete surface were measured with two 

50 mm (1.97 in) 120 Ω strain gauges placed 300 mm (11.81 in) from each edge of the panel.  

Strains were also found with 100 mm (3.94 in) displacement-type Pi gauges. The Pi gauges were 

also used to develop wythe moment-curvature relationships.  The Pi gauges were placed 10 mm 

(0.39 in) from the top and bottom surface of the panel and 10 mm (0.39 in) from the edges of 
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each wythe. The 10 mm offset was included in curvature calculations. To complement the slip LP 

readings, Digital Image Correlation (DIC) was used on one end of the panel. A Canon EOS 

Digital Rebel T3i camera with a 5184×3456 pixel image size was used to photograph the end 400 

mm (15.75 in) of the panel at 15 second intervals during each test. DIC was then performed using 

the program GeoPIV in Matlab (White et al. 2003). DIC tracks the movement of a superimposed 

mesh of 64×64 pixel ‘texture patches’ over the course of a test and reports a matrix of horizontal 

and vertical movements for each patch. This has previously been used to evaluate panel end slip 

(Tomlinson and Fam 2014) and has been extended to present wythe rotation in this work, as 

illustrated in Figure 6-6. 

6.3 Results and Discussion 

The general response and failure mode of each panel was heavily reliant on the longitudinal 

reinforcement material. The test results, presented in Table 6-4, include self-weight of the panel 

and spreader beams as part of the reported loads since they accounted for between 7 and 17% of 

the ultimate load.  The maximum service live load, L, for each panel was determined to be the 

lowest value given by three commonly used constraints: (a) the first is from strength, which 

unfactors the ultimate load, U, using the U = 1.25D + 1.5L load factors in the National Building 

Code of Canada assuming that D is the self-weight and spreader beams, (b) the second constraint 

limits midspan deflection from live load to l/360, commonly used for architectural features, 

where l is the span length (this is stricter than the limit of ln/150 for wall elements (PCI 2011)), 

and (c) the final constraint is strain with three strain limits being examined: the point where 

concrete strain exceeds 0.001, accepted as where concrete becomes non-linear; the FRP strain of 

0.002, where the crack widths are expected to exceed acceptable values (Newhook et al.  2002); 

or when the steel strain exceeds 60% of yield. The service load values for each panel using these 

three conditions are summarized in Table 6-5. 
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Ductility in sections that yielded was evaluated using the ductility index, Δu/Δy. Also, 

deformability, Ψ, was evaluated using the ‘J-Factor’, shown in Equation 6-2 (Theriault and 

Benmokrane 1998): 

 (6-2) 

Where δu is the deflection at ultimate, δNL is the deflection at the point of non-linearity, Mu is the 

ultimate moment, and MNL is the moment at the point of non-linearity. Though curvature is more 

commonly used than deflection to evaluate deformability, these panels have considerable shear 

deformations and curvature was unable to capture the true panel deformability. The point of non-

linearity was taken as the lowest of reinforcement yielding, concrete compression strain 

exceeding 0.001, and the point when the end slip exceeds the linear region established in prior 

push-through tests (Tomlinson et al. 2014). Deformability was also found using energy methods 

by taking the ratio of strain energy at ultimate and the strain energy at the point of non-linearity. 

Table 6-4 presents a summary of ductility and deformability factors. 

6.3.1 Behaviour of Steel-Reinforced Panels 

The load-deflection plots of steel-reinforced panels are shown in Figure 6-7(a and b) and photos 

of the panels taken during testing are shown in Figure 6-8(a and b).  The steel-reinforced panels 

had a high initial stiffness until cracking. Crack formation was audible and indicated by a 

decrease in stiffness. These decreases were most pronounced in SPS, as the cross-section has a 

high percentage of concrete in tension. Yielding occurred at similar deflections in each panel but 

the yield load increased with reinforcement percentage and shear connection stiffness. Due to the 

multiple layers of reinforcement and the relatively high yield strength of the steel, the load 

continued to increase after initial yielding though at reduced stiffness. Near ultimate, the second 

layer of steel also yielded. Ultimate occurred after an additional 17 – 33% increase in load 
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beyond yielding. After ultimate was reached, the load steadily decreased as the flexural 

reinforcement necked then ruptured, as shown in Figure 6-8(c). Rupture was expected as the 

reinforcement ratio is small, the concrete strength is relatively high, and the steel welded-

longitudinal reinforcement is brittle relative to mild steel rebar which would allow for greater 

curvature to be developed and makes crushing more likely to occur.  In general, Figure 6-7(a and 

b) show that partial composite behaviour has a very significant contribution to the flexural 

strength, whether the panel simulates wind pressure (SPF vs. SPS) or suction (SSF vs. SSS). The 

ultimate load increased by 2.49 times in pressure and 2.99 times in suction. Also, HPF with 

flexural steel reinforcement and BFRP ties behaved somewhat similarly to all-steel SPF but with 

a slightly lower strength and stiffness. In this hybrid specimen, partial composite behaviour 

increased the ultimate load 2.21 times. 

For steel-reinforced full panels (i.e. with both wythes) (SPF, SSF, and HPF) the load-end slip 

relationships in Figure 6-9 showed similar shapes to the load-deflection plots. SPF and SSF 

showed nearly identical load-slip relationships until ultimate. Connector yielding was observed in 

SPF and though this was not the cause of failure it prevented the full composite load from being 

reached. The side of the panel (longitudinal direction) where connectors yielded saw greater shear 

deformation after that point relative to the other side (Figure 6-8(d)).  Connectors in SSF did not 

reach material failure as slip did not exceed the point of connector buckling seen in prior push-

through tests (Tomlinson et al. 2014). HPF had higher slip under the same loads as SPF due to the 

lower stiffness of the BFRP connectors. The connectors closest to the support on one side 

(longitudinal direction) of HPF failed around yielding of the longitudinal reinforcement and 

caused end slip to greatly increase on that side only. However, the load in HPF continued to 

increase until flexural failure occurred. 
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The crack patterns of the panels after test completion are shown in Figure 6-10. The crack 

patterns and rupture location in each test were similar. Figure 6-11(a) shows the deflection 

distribution along the span of SPF at various load levels. 

In the full panels, the strain readings (Figure 6-12) in the extreme compression fibre were 

well below crushing and indicates that the panels were severely under-reinforced. Plane sections 

did not remain plane as there was discontinuity in the strain profile for the panels through the 

foam layer. In pressure cases, this led to compressive strains at the top of the web and tension at 

the bottom of the façade wythe. Panels with only the structural wythe, however, had strains 

nearing crushing at ultimate. 

6.3.2 Behaviour of BFRP-Reinforced Panels 

BPF and BPS had lower post-cracking stiffness than their steel reinforced counterparts (Figure 

6-7(c)). Cracking was clearly audible and caused larger decreases in load and longer recovery 

periods than SPF and SPS. The panel stiffness decreased further when the second series of cracks 

formed at a load of 31.2 kN (7.0 kip). From this point to 52.7 kN (11.8 kip), BPF remained 

essentially linear as cracking propagated until the load reached 52.7 kN (11.8 kip). At this point, 

the outermost shear connectors at one end of the panel failed which decreased demand on the 

flexural reinforcement and increased end slip, as seen in Figure 6-9 and Figure 6-13(a). This also 

caused a change in the panel’s deflected shape (Figure 6-11(b)) as the greatest deflection no 

longer occurred at midspan since shear deformation began to dominate on one side. After 

connector failure (Figure 6-13(b)), there was a decrease in load and stiffness but the load 

eventually reached a second peak.  The ultimate load of both BPF and BPS coincided with the 

onset of concrete crushing in the shear span immediately to the support side of the loading point 

(Figure 6-13(c)). Crushing was gradual and the load decreased slowly as deflection increased. 

Both tests were concluded when the actuator reached full stroke (Figure 6-13(d)). Relative to 
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peak loads at this point the load in BPF and BPS was 84% and 70%, respectively.  BPF had 

complete failure of all shear connectors on one side (Figure 6-13(b)). BPF and BPS failed to 

achieve their potential flexural capacity because of the shear-compression failure in the region 

immediately beyond the constant moment zone. The reduction in BPS was minor as it achieved 

90% of the expected flexural strength. However, BPF was not close to its potential flexural 

capacity. It should be noted that, relative to steel-reinforced members with equal reinforcement 

ratios, FRP-reinforced members have lower shear capacity as the lower stiffness of the 

longitudinal reinforcement, increases crack widths and height which limits aggregate interlock 

and reduces the compression zone.  For BPF, the ultimate strength was 1.65 times that of BPS 

without a façade, lower than the increases seen when using steel longitudinal reinforcement. This 

reduction is due to the failure of the shear connection prior to that of the member, which was not 

observed in the other panels (even HPF which had BFRP shear connectors). 

Similar to HPF, once shear connectors began to fail on one side in BPF, wythe slip on the 

other side remained almost constant. When BPF was unloaded, the slip on the one end of BPF 

was 34 mm (1.33 in) while the other side had 3.4 mm (0.13 in). The side with higher slip is where 

concrete crushed (Figure 6-10). It is notable that the load-slip behaviour of BPF and HPF were 

similar at low loads but diverged around 35 kN (7.8 kip) as flexural crack propagation progressed 

in HPF. 

With the exception of the crushed region, the crack patterns of the BFRP-reinforced panels 

were similar to those of the steel-reinforced ones. As indicated earlier, cracks in the BFRP-

reinforced panels were wider (by around 6 times at the same load) than their steel-reinforced 

counterparts. 

The strain gauges in BPF and BPS (Figure 6-12) behaved as expected until the onset of shear 

failure. Shear failure caused a decrease in the longitudinal reinforcement strain as forces 
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redistributed. Shear connector failure in BPF caused a region of decreased strain as deformation 

occurring elsewhere was not captured by the gauge. 

6.3.3 Panels’ Responses Relative to Theoretically Non- and Fully-Composite Panels 

The panels were modeled with computer program RESPONSE 2000 (Bentz 2000) using the 

previously presented material properties to evaluate the fully- and non-composite flexural 

performances of the system. The results, shown in Table 6-6, were compared to those of the test 

data to evaluate the partial composite action of test specimens.  Fully composite panels were 

modeled as a single cross section comprised of both wythes while non-composite panels were 

modeled by running the analysis of the two wythes separately, then summing moments based on 

the assumption that curvature of both wythes is equal.   The theoretical contribution of the façade 

wythe to moment resistance in the non-composite system is low relative to that of the structural 

wythe and accounted for between 9.8 and 17% of the total moment. 

The moment-curvature results from RESPONSE were compared to those calculated from 

experimental strains measured using the Pi-gauges, in Figure 6-14. The panels generally stayed 

within the two bounds of the RESPONSE curves.  In specimen SSF, however, the Pi gauge did 

not intercept the crack until near yielding and as a result the curvature is underestimated until this 

point (Figure 6-14(b)). The moment-curvature responses show that the tested panels have lower 

stiffness than the fully composite case, and reach higher curvatures at ultimate. The steel-

reinforced panels reached ultimate strengths close to those the fully composite case (Figure 

6-14(a and b)). On the other hand, BFRP-reinforced panel BPF had a significantly lower ultimate 

strength than the fully composite case (Figure 6-14(c)) as curvature decreased upon connector 

failure in BPF, which corresponded to the increase in wythe slip at this point.   

  



 

 

 

146

6.3.4 Rotation and Slip from DIC Outputs 

The slip readings from DIC strongly correlated with those from the LPs, as shown in Figure 6-9. 

End rotation in each wythe was also evaluated using DIC by averaging the rotation outputs in 

each wythe. The load-rotation responses (Figure 6-15) generally followed the same trends as the 

load deflection curve. The wythes in each test had similar rotations until failure though rotations 

in the façade were slightly smaller in all cases. 

The full DIC output for rotation of the panel ends of specimen SPF at the key test points is 

also shown on the left side of Figure 6-16 while the right side of the same figure shows slip 

distribution through the panel thickness.  For rotation, the wythes gave similar readings but 

rotation values decreased in the foam layer and show that it is deforming rather than slipping due 

to bond failure at the concrete-foam interface. This is confirmed in the slip readings from DIC, 

where the accumulation of slip through the foam layer shows that it is resisting slip rather than 

failing at the interface. The header’s contribution to resisting slip is also seen as it redirects slip to 

the remaining 60 mm (2.36 in) of insulation at the panel ends. Though only specimen SPF is 

depicted in Figure 6-16, other tests gave similar outputs. 

6.3.5 Assessment of Level of Partial Composite Action 

6.3.5.1 By Load 

The composite action by load, κ (κu at ultimate, κy at yielding, and κs at service), was evaluated 

for each key load point using Equation 6-3: 

100% (6-3) 

where PFC is the theoretical fully composite load, Pexp is the observed test load, and PNC is the 

theoretically fully non-composite load.  Table 6-7 shows the results in terms of the calculated κ at 

ultimate, yielding and service.  Generally, composite action increased as shear connection 
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stiffness increased: BPF with BFRP connectors had the lowest composite action with values of 

20% at service and 24% at ultimate. This is due to the combination of the shear connector failure 

and the shear-compression failure preventing the fully composite flexural capacity from being 

reached. On the other hand SPF with steel connectors was consistently around 90% composite at 

all loading levels, with fully composite behaviour limited by shear connector yielding. SSF, 

which had low amounts of slip and no shear connector failure, had unrealistic values for 

composite action at service and yielding, above 100%. This is attributed to variance between 

theoretical predictions and experimental values, which is likely from potential shifting of 

reinforcement location from design and some variability in wythe thickness. HPF had composite 

action of 52% at service and 75% at yield and ultimate, lower than SPF due to the lower stiffness 

of the BFRP. 

6.3.5.2 By Deflection 

The composite action of the walls based on deflection, κD, can also be evaluated at the maximum 

service load, using Equation 6-4: 

100% (6-4) 

where DFC is the theoretical fully composite service stiffness taken from program RESPONSE (in 

all cases, this was equal to the uncracked stiffness of 53.6×1012 Nmm2 (18.7×106 kip-in2)), DNC is 

the non-composite service stiffness from RESPONSE, and Dexp is the experimental value, taken 

as the average of stiffness estimated using measured mid-span deflection Dδ (Equation 6-5) and 

stiffness estimated using measured end rotation Dθ (Equation 6-6): 3 24  (6-5) 
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2  
(6-6) 

 

where a is the shear span, L is the panel span, δ is the midspan deflection, θ is the end rotation 

(rads), and P is the applied load. D is analogous to the flexural rigidity of a flexural member, EI, 

but includes the effects of shear deformation through the insulation layer and indirectly 

incorporates tension stiffening. It is notable that both techniques gave very similar D results 

despite being measured from independent techniques.  Table 6-8 provides a summary of the 

composite action parameter κD at service.  It can be seen that the composite action by deflection is 

much lower than that seen by load, with values ranging between 3% and 6.9%. Like the load-

based case, κD increased with the increase of shear connection and flexural reinforcement 

stiffness. 

The κD values were quite low primarily as the very high stiffness of the fully composite 

system (expected to remain uncracked at the maximum service load value) offset the variations 

seen across the testing parameters. However, when comparing the stiffness of the tested panels to 

their theoretically non-composite values, Stiffness decreased 35% when the shear connectors 

were changed from steel to BFRP (from SPF to HPF) and decreased a further 14% when the 

longitudinal reinforcement material was changed from steel to BFRP (from HPF to BPF).  

6.3.6 Effect of Shear Transfer System Stiffness on Loads Achieved 

The shear transfer system is combined of shear transfer through the foam core, which was shown 

to be well bonded to concrete and able to absorb shear deformations, and the connector system. 

The total shear connection stiffness, Gc, was established earlier in Equation 6-1; this section 

evaluates the effect of Gc on the yielding and ultimate loads. The highest Gc in this study was that 

of walls with steel connectors and was 47.2×103 kN (Table 6-2). The walls with BFRP connectors 

had a Gc of 25.2×103 kN (Table 6-2).  Figure 6-17 shows the variation of ultimate and yield loads 
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with Gc for the cases of pressure and suction.  For each curve, a third point of Gc=0 (representing 

a totally non-composite system) was added, to provide a complete trend. This point was 

established by adding the load (ultimate or yield) from the tested structural (single) wythe to the 

load (ultimate, yield or service) of the façade wythe, predicted using program RESPONSE (since 

the façade was never tested by itself).  Also shown in Figure 6-17 are the ceiling loads (horizontal 

lines), representing the maximum predicted values based on the assumption of a full composite 

action (FC). The contribution of foam core only to Gc (second term of Equation 6-1), is also 

shown as the vertical dotted lines.  Figure 6-17 clearly shows the expected trends that the ultimate 

and yield loads increase as the overall stiffness Gc of the shear transfer system increases. The 

fully composite ultimate and yield loads were approximately double the fully non-composite 

loads.  It can also be seen that the panels with steel connectors approached very closely the values 

of a fully composite system, while the panels with BFRP connectors achieved about 90% the 

loads of the panels with steel connectors.   

It should be noted that contribution from the foam core can be conservatively neglected in 

cases where a designer is concerned that the foam-concrete bond could fail from freeze-thaw, 

thermal, or loading cycles. The load corresponding to foam shear only (ΔPfoam) can be estimated 

by deducting the load at zero shear stiffness from the load corresponding to foam shear only (i.e. 

the load at the vertical dotted line). The loss of foam shear transfer may then be accounted for by 

deducting (ΔPfoam) from the loads achieved at subsequent shear stiffness values. 

6.3.7 Ductility and Deformability 

Ductility (for steel-reinforced panels) and deformability (for all panels) factors are presented in 

Table 6-4. The deformability of the full panels was higher than that of their structural 

counterparts’ wythes only. SPF and SSF had 50% higher J-factors (see Equation 6-2) than SPS 

and SSS. HPF showed the greatest deformability, which can be linked to the higher amounts of 
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shear deformation in the core region relative to the other panels. BPF was only slightly higher in 

deformability than BPS, likely due to the fact that the panel failed by loss of shear connection 

which reduced the J-factor moment component. Energy methods consistently gave higher (8 to 

22%) estimates of deformability than the J-factor with the value tending to increase with ultimate 

load.  In flexural members, it is desired to achieve J-factors equal to or higher than 4.0 as this 

allows for warning of failure through large excessive deflection and energy dissipation. Aside 

from SSS and SPS, this held true, but even SSS and SPS had ductility indices greater than 2.0 and 

provided warning of failure through excessive crack widths at the point of failure. 

For steel-reinforced panels, ductility ranged between 2.16 and 3.20 and gave visual warnings 

of failure through excessive crack widths, particularly at the rupture point. Ductility, highest in 

HPF and SPF, was increased by the deformation of the shear connectors. 

HPF dissipated the greatest amount of energy through the high degree of shear connector 

deformation and yielding of the longitudinal reinforcement. For similar reasons, this was 

followed by SPF. BPF, which had excessive deflection at failure and substantial wythe slip, was 

third. Energy dissipation was higher at all points in the full panels relative to those with the 

structural wythe alone and this showed the façade contribution.  

6.3.8 Results Compared to Design Code Requirements 

The worst case scenario (based on geographic location and area in the building) maximum service 

and factored wind pressures from the National Building Code of Canada are 2.07 kPa (43.1 lb/ft2) 

and 2.9 kPa (60.5 lb/ft2) respectively. Based on the loading configuration used in this study, and 

to achieve the same moments, these values translate into equivalent load of 4.80 kN (1.08 kip) in 

service and 6.72 kN (1.52 kip) when factored. It can be seen that each of the tested panels 

exceeded these load requirements by factors ranging between 3.5 and 10.6 in service and 3.9 to 

14.8 at ultimate. 
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6.4 Chapter Summary and Conclusions 

A precast concrete sandwich panel system was tested in flexure to investigate the impact of 

flexural reinforcement material, shear connector material, and panel orientation with respect to 

loading direction, on response, composite action, and failure modes. The results were compared 

to theoretical fully composite and fully non-composite values. The following was concluded: 

1. Steel-reinforced walls showed a flexural strength-based composite action exceeding 90% 

with steel connectors and 75% with BFRP connectors. BFRP-reinforced walls with BFRP 

connectors showed only 51% composite action. This method should be used for ultimate 

limit states checks. 

2. When evaluating composite action based on deflection, rather than load, the walls 

generally had substantially lower values, ranging from 3% to 6.9% composite action. This 

low value was influenced both by the shear deformation through the panel, which reduces 

the effective stiffness, and the high stiffness of the theoretical fully composite case (which 

remains uncracked under service loads). This method should be used for serviceability 

limit states checks. Though composite action based on deflection is low, the tested panels 

showed between 1.9 and 3.0 times the stiffness of the theoretically non-composite case. 

These values increased with shear connection and longitudinal reinforcement stiffness. 

3. In steel-reinforced wythes, partial composite action increased the ultimate load of the 

structural wythe by 2.49 times in pressure loading and by 2.99 times in simulated suction 

when steel connectors were used and by 2.21 times in pressure when Basalt-FRP (BFRP) 

ties were used. In BFRP-reinforced wythes with BFRP connectors, partial composite action 

increased the ultimate load of the structural wythe by 1.65 times in pressure loading. 
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4. Panel with steel-reinforced wythes and BFRP connectors achieved 90% of the flexural 

strength of its counterpart that had steel-reinforced wythes and steel connectors. In both 

cases the steel reinforcement ruptured in tension. 

5. Panel with BFRP-reinforced wythes and BFRP connectors achieved 66% of the flexural 

strength of its counterpart with steel-reinforced wythe and BFRP connectors as failure 

mode changed from shear connector failure and concrete rib crushing in shear span in the 

former to steel reinforcment rupture in the latter. 

6. While BFRP connectors provided less composite action than steel connectors in similar 

panels with steel-reinforced wythes, the additional deformations and deflections at ultimate 

led to higher deformability factors. 

7. The BFRP-reinforced panels showed a distinct load plateau after the onset of connector 

failure which gave warnings of failure beyond the excessive deflections typically used to 

provide warnings of failure in FRP-reinforced sections 

8. Aside from the time required to tie the 6 mm reinforcement into a grid, the fabrication of 

BFRP-reinforced panels takes the same amount of time and follows essentially the same 

process as fabricating steel-reinforced panels. 

9. DIC results can be used to show that the insulation contributes to shear resistance and can 

detect failure of the insulation-concrete bond. This is not definitively observed using 

conventional slip measuring techniques.  

Future work should focus on load-bearing walls with axial loading applied to structural wythes 

simultaneously with the transverse loading.  Also, in this study the reversed bending induced by 

wind suction was simulated by flipping the specimen and applying pressure to the structural 

wythe. While this technique provides the correct tension and compression in the respective 
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wythes, it does not account for the transverse ‘pulling effect’ of wind suction which puts the 

foam-concrete interface in tension and could weaken the composite action. 

In this study, BFRP performed adequately as a shear connector and as longitudinal reinforcement. 

If considering this material in practice, designers should pay special attention to the lower 

material stiffness relative to steel with particular focus on the impact on deflections, partial 

composite action, and shear resistance. The authors recommend that additional research focusing 

on the long term performance of BFRP reinforced sandwich panels subject to fatigue, 

environmental effects, and axial loading be performed before this material is used in practice. 
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Table 6-1: Thermal conductivity values used to determine panel R-Value using the revised 
zone method (1 1 W/m×K = 7.45 BTU×in/h×ft2°F). 

Material Thermal Conductivity 
(W/m×K) 

Concrete 1.79 
Insulation 0.029 

Steel 45.3 
BFRP 1.0 

 
 

Table 6-2: Test matrix for flexure tests (1 MPa = 145 psi, 1000 N = 0.23 kip) 

Test 
ID 

Longitudinal 
Reinforcement 

Material 

Shear 
Connector 

Material 
Loading 

Condition 
Panel 
Type 

Wall 
Reinforcement 

(% of Ag) 

Reinforcement 
Stiffness (EA) 

× 106 N 

Shear 
Connection 

Stiffness 
(Gc) × 106 N 

fc’ 
(MPa)

SPF Steel Steel Pressure Full 0.38 115.3 48.5 57.7 
SSF Steel Steel Suction Full 0.38 115.3 48.5 57.5 
SPS Steel None Pressure Structural 0.48 77.6 -- 63.0 
SSS Steel None Suction Structural 0.48 77.6 -- 61.6 
HPF Steel BFRP Pressure Full 0.38 115.3 25.2 70.4 
BPF BFRP BFRP Pressure Full 0.37 40.0 25.2 60.9 
BPS BFRP None Pressure Structural 0.49 28.3 -- 69.3 
Test ID Legend: 1st letter – S = steel reinforcement and shear connectors, B = BFRP reinforcement and shear connectors, H = 
Steel reinforcement and BFRP shear connectors. 2nd Letter – P = Pressure loading, S = Suction loading. 3rd Letter – F = Full 
panel (façade and structural wythe), S = Structural wythe only. 

 

Table 6-3: Shear connector stiffness inputs (1 MPa = 145 psi, 1000 N = 0.23 kip, 100 mm = 
3.94 in). 

Test 
ID 

Shear Connector  Insulation Gc, 
× 106 N 

 n Esc, 
MPa 

Asc, 
mm2 

θ, 
degrees 

Shear Connector 
Contribution, × 

106 N 
 Ain, 

m2
 

Gin, 
MPa 

Insulation 
Contribution, × 

106 N 
SPF 8 196 31 45 34.4  2.47 5.7 14.1 48.5 
SSF 8 196 31 45 34.4  2.47 5.7 14.1 48.5 
HPF 8 70 28 45 11.1  2.47 5.7 14.1 25.2 
BPF 8 70 28 45 11.1  2.47 5.7 14.1 25.2 

Note: SPS, SSS, and BPS only consist of a structural wythe and have no shear connection stiffness 
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Table 6-4: Key results from flexural tests. Note: 1 kN = 0.23 kip, 100 mm = 3.94 in, 100 
kNmm = 0.91 kip-in. 

  Test ID 
  SPF SSF SPS SSS HPF BPF BPS 

Key 
Load 

Points, 
kN 

Ultimate 99.3 72.7 41.4 26.3 88.9 58.6 35.7 
Yielding 74.6 58.5 33.9 21.8 67.0 -- -- 
Non-
Linearitya 

69.1 58.5 30.8 21.8 54.6 45.0 21.9 

Service 50.9 50.8 23.5 16.6 39.4 29.5 17.0 
Cracking 22.7 18.2 20.7 12.0 21.2 20.1 16.1 

Total 
End Slip, mm 

Ultimate 7.08 1.87 -- -- 12.18 16.43 -- 
Yielding 1.87 1.11 -- -- 4.27 -- -- 
Non-
Linearitya 

1.66 1.11 -- -- 3.08 3.47 -- 

Service 0.84 0.67 -- -- 1.74 1.14 -- 

Deflection, 
mm 

Ultimate 45.1 33.7 36.9 42.9 54.9 64.2 67.5 
Yielding 14.1 11.2 16.4 16.9 17.5 -- --- 
Non-
Linearitya 

12.4 11.2 14.2 16.9 12.6 18.3 25.0 

Service 7.6 8.7 7.8 8.0 7.8 6.6 8.3 

Strain 
Energy, 
kNmm 

Ultimate 3512 2079 1192 906 3819 2921 1671 
Yielding 650 365 392 270 731 -- -- 
Non-
Linearitya 

551 365 316 270 452 555 333 

Service 243 306 119 95 206 117 96 
Ductility 3.20 3.02 2.25 2.54 3.14 -- --- 

Deformability J-Factor 5.22 3.73 3.49 3.06 7.08 4.59 4.41 
Energy 6.37 5.70 3.77 3.34 8.45 5.26 5.02 

Failure mode 
Long. 
Bar 

Rupture 

Long. 
Bar 

Rupture 

Long. 
Bar 

Rupture 

Long. 
Bar 

Rupture 

Long. 
Bar 

Rupture 

Shear 
Connector 

failure / 
compression 

Shear 
Compression 

a - The point of non-linearity was set to occur at the lowest of yielding, εc > 0.001, and end slip exceeding linear 
values found in previous push-through tests. This was used to determine deformability. 

 

Table 6-5: Maximum service load values from each method (governing value for each panel 
in bold). Note: 1 kN = 0.23 kip. 

Test ID 

Maximum Service Load, kN 

Service Load 
Governed by: 

Back-
Calculated 

from 
Ultimate  

Deflection
(> l/360) 

Concrete 
Strain 

(>1000 με)

Reinforcement 
Straina 

SPF 52.1 50.9 68.2 51.9 Deflection 
SSF 41.4 62.2 63.7 53.1 Strength 
SPS 24.7 24.1 30.8 23.8 Reinforcement Strain 
SSS 19.0 16.6 24.2 17.5 Deflection 
HPF 47.6 40.0 46.7 40.2 Deflection 
BPF 38.1 34.6 40.2 22.3 Reinforcement Strain 
BPS 25.2 17.3 20.1 18.3 Deflection 

a - Steel-reinforced panel maximum service strain = 0.6fy = 2475 με. BFRP-reinforced panel 
maximum service strain = 2000 με 
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Table 6-6: Ultimate moment comparisons between test and RESPONSE values. Note: 1 
kNm = 0.737 kip-ft. 

Test ID 
Test Moment 
Resistance,

kNm 

Fully Composite Non-Composite 
RESPONSE 

value 
Test/ 

Response 
RESPONSE 

value 
Test/Response

SPF 51.1 55.6 0.92 19.9 2.57 
SSF 37.2 40.2 0.92 15.0 2.48 
SPS† 20.9 17.4 1.21 -- -- 
SSS† 13.1 12.2 1.07 -- -- 
HPF 45.7 55.6 0.82 19.9 2.30 
BPF 29.9* 59.4* 0.50* 21.4 1.40 
BPS† 17.9* 19.6* 0.91* -- -- 
Facade Only  - Steel -- 3.6 -- -- -- 
Facade Only - BFRP -- 4.2 -- -- -- 
† - In panels with the structural wythe only, comparison was made with a RESPONSE model of the 
structural wythe only 
* - Failure of BPF and BPS was by shear compression, which was not predicted by RESPONSE 
 

 

Table 6-7: Composite action by strength methods at key load points. Note: 1 kN = 0.225 kip. 
Test 
ID 

Ultimate Load, kN Yield Load, kN Service Load, kN  Composite 
Action, % 

Test Fully 
Composite 

Fully Non- 
Composite Test Fully

Composite
Fully Non-
Composite Test Fully

Composite 
Fully Non- 
Composite 

 κu κy κs 

SPF 99.32 107.0 38.20 74.59 77.63 31.71 50.94 54.13 23.52  89 93 90 
SSF 72.67 77.37 28.87 58.48 54.50 18.80 50.83 38.71 13.94  91 111 149
HPF 88.90 107.0 38.20 66.25 77.63 31.71 39.36 54.13 23.52  74 75 52 
BPF 58.64 114.7 41.22 N/A N/A N/A 29.50 56.77 22.85  24 -- 20 

 

Table 6-8: Composite action by stiffness methods at service load. Note 1×106 Nmm2 = 0.345 
kip-in2. 

Test 
ID 

 Test D, ×1012 Nmm2 RESPONSE D, ×1012 Nmm2 Composite 
Action 
κD, % 

 By 
Deflection 

By 
Rotation

Average Fully 
Composite

Non- 
Composite 

SPF  5.08 5.13 5.11 53.6 1.77 6.4 
SSF  5.52 5.16 5.34 53.6 1.75 3.9 
SPS  1.48 1.42 1.45 -- -- -- 
SSS  1.46 1.31 1.39 -- -- -- 
HPF  3.81 3.75 3.78 53.6 1.77 6.9 
BPF  3.45 3.19 3.32 53.6 1.74 3.0 
BPS  1.51 1.52 1.52 -- -- -- 
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Figure 6-1: General panel design (a) side view with attention to shear connector layout, (b) cross-section showing reinforcement and 
wythe details (c) Header detail, (d) Rib detail (e) top view showing rib and shear connector layout (f) top view showing reinforcement 

layout. All dimensions in mm (100 mm = 3.94 in).



 

 

 

158

 

Figure 6-2: Dimensions and layout of shear connector pair (a) Steel, (b) BFRP. All 
dimensions in mm (100 mm = 3.94 in). 

 

Figure 6-3: Material properties (a) reinforcement tension tests (b) foam compression tests 
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Figure 6-4: Fabrication of test panels (a) inserting BFRP shear connector, (b) foam and 
façade reinforcement, (c) structural wythe chair to reduce stress on foam during casting, (d) 

foam and reinforcement before closing of form, (e) final product with non-structural 
architectural façade. 

 
 
  

(a) (b) 

(c) 

(d) 

(e) 
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Figure 6-5: Test setup and instrumentation locations (a) Loading span dimensions, (b) LP 
locations, (c) Midspan cross sections showing locations of pi gauges and strain gauges. All 

dimensions in mm (100 mm = 3.94 in). 
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Figure 6-6: Use of DIC in experimental program (a) 400 mm (15.75 in) region at one end of 
the panel. Note the use of spray paint to add texture to the surface, (b) representative quiver 
plot (exaggerated  by a factor of 5) showing movement of texture patches in SPF at a point 
near failure, (c) simplified image showing how patch movement can be used to find wythe 

rotation and slip. 
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Figure 6-7: Load-midspan defleciton relationships for each test. Theoretical curves for fully 
composite (FC) and non-composite (NC) walls from RESPONSE 2000 are also shown. 
Values include self-weight (a) Steel-reinforced panels in pressure, (b) Steel-reinforced 

panels in suction, (c) BFRP-reinforced panels in pressure. 
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Figure 6-8: Photos of steel-reinforced panels (a) SSS during test, (b) SPS during test, (c) 
HPF after rupture of structural wythe reinforcement, (d) End slip in SPF near failure. 

 

 

Figure 6-9: Load-slip responses showing LP readings (lines) and DIC results (markers). SSF 
not shown for clarity but follows the line for SPF until failure. Note: Dominant = end of 

panel with higher slip, Non-Dominant = end of panel with lower slip. 
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Figure 6-10: Panel post-test crack patterns with highlighted failure locations. Panels are 
arranged such that the compression side is upwards. Some insulation (shown in gray) was 

removed after testing in BPF and SSF to better observe the failure mode.
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Figure 6-11: Representative panel deflected shape (a) SPF, (b) BPF. 
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Figure 6-12: Test load-strain relationships.  
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Figure 6-14: Moment-curvature diagrams showing results from tests and RESPONSE 2000 
(a) Steel-reinforced panels in pressure, (b) Steel-reinforced panels in suction, (c) BFRP 

reinforced panels. 
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Figure 6-15: Load-rotation plots for SPF, HPF, and BPF. Similar trends observed in the 
other tests. 

 

 
Figure 6-16: Output of DIC showing values at various load stages in SPF (a) service, (b) 

yielding, (c) ultimate. Left side shows rotation of wythes while right side shows slip relative 
to the structural (bottom) wythe. The header is seen on the bottom right. Results are similar 

in other tests. 
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Figure 6-17: Parameter impact on (a) ultimate load, (b) yield load. 
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Chapter 7 

Combined Loading Behaviour of Basalt-FRP Reinforced Precast 

Concrete Insulated Partially-Composite Walls5 

7.1 Introduction 

FRPs have been gaining acceptance as an alternative to steel tension reinforcement in concrete 

structures. However, their use as shear connectors or ties in specialized precast concrete 

applications such as insulated sandwich panels or their performance as compression 

reinforcement in load-bearing walls and columns remains uncertain. Relative to steel, FRPs have 

lower thermal conductivity, higher tensile strength, and are resistant to electrochemical corrosion. 

Flexural and shear design techniques for FRP-reinforced sections are given in documents such as 

ACI 440.1-R06 (CSA 2006) and CSA S806-12 (CSA 2012) but there are limited provisions for 

FRP-reinforced compression members. CSA S806-12 (CSA 2012) only covers short columns 

while ACI 440.1-R06 (ACI 2006) does not address compression members at all with the primary 

reason being a lack of research (Tobbi et al. 2012).  FRP-reinforced column tests have shown that 

FRP contributes similar resistances to steel and that ignoring bars in compression is conservative 

provided that they are restrained from buckling (Tobbi et al. 2012, Mohamed et al. 2014). 

Additional research has presented methods to design FRP-reinforced columns accounting for 

slenderness effects and limiting tension-controlled failure under low levels of axial load 

(Mirmiran et al. 2001, Zadeh and Nanni 2013, Choo et al. 2006a, Choo et al. 2006b). 

                                                      

5 Accepted manuscript: Tomlinson, D. and Fam, A. (2015). “Combined Loading Behavior of Basalt-FRP 
Reinforced Precast Concrete Insulated Partially-Composite Walls.” Journal of Composites for 
Construction. 
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The most common fibres used in construction are glass and carbon but there are alternatives such 

as basalt. Basalt has gathered recent attention as it is cost-effective (Brik 1997) has high 

temperature resistance (Sim et al. 2005), and performs well in freeze-thaw conditions (Shi et al. 

2011). The tensile strength and stiffness of basalt fibres are between those of glass and carbon. 

They have previously been used as reinforcement in concrete structures (Brik 2003, Tomlinson 

and Fam 2015) and as shear connectors in insulated wall panels (Naito et. al 2012). 

Precast concrete insulated wall panels are building components that combine structural and 

thermal efficiency. Panels are typically composed of two thin (50 – 150 mm) concrete wythes 

with a layer of insulation in between (PCI 2011). The wythes are connected with ties known as 

shear connectors. Their structural performance is characterized by the amount of shear force 

transferred through these connectors with fully-composite walls transferring all force, non-

composite walls transferring none, and partially composite walls acting somewhere in between.  

FRP shear connectors have been used in insulated wall panels since the 1980’s as their low 

thermal conductivity increases the wall thermal performance (Einea et al. 1991). FRP connectors 

can provide high levels of composite action in a truss (Einea et al. 1994) or grid arrangement 

(Hassan and Rizkalla, 2010 and Frankl et al., 2011) and low levels when arranged as discrete ties 

(Tomlinson and Fam, 2014). 

To date, no studies have been carried out on FRP-reinforced load-bearing sandwich panels 

with the aim of establishing, systematically, their complete axial force-bending moment 

interaction diagram accounting for partial composite action and slenderness effects. In this 

chapter, various levels of constant axial loads were applied to the structural wythes only of panels 

with Basalt Fibre Reinforced Polymer (BFRP) reinforcement and shear connectors. Then, flexural 

loading was increased gradually to failure. The measured partially-composite interaction curve is 

assessed relative to a fully-composite and a fully non-composite theoretical interaction curves. It 
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is also compared to the interaction curve of a similar steel reinforced panel design with equivalent 

reinforcement ratios. 

7.1.1 Shear Connection Behaviour Under Axial Loading 

A defining aspect of partially composite panels is the shear deformation through the foam and 

shear connectors. Deformation occurs from an accumulation of differential strains (ds/dx) 

between wythes and manifests itself as slip (δs) at the panel ends (Figure 7-1(a)). It is generally 

assumed that curvature (ψ) is equal in each wythe (Hassan and Rizkalla 2010). Slip is resisted by 

shear deformation of the foam, dowel action of the shear connectors, and axial forces (tension or 

compression) in angled shear connectors. If the sandwich panel is not fully composite, there are 

three primary causes of slip under combined axial and flexural loads. Firstly, if axial load is 

applied directly to the structural wythe only (the focus of this study), it contracts and slips relative 

to the façade (Figure 7-1(b)). Secondly, eccentric axial loads cause out-of-plane deformation over 

the panel length, particularly in slender panels, which induces moment into the panel.  As the 

panel deflects, shear is introduced from the variation in moment due to this axial load and 

slenderness (Figure 7-1(c)). Thirdly, slip is caused by the applied shear from transverse flexural 

loading (Figure 7-1(c)).  Potential failure modes for the shear connection system are shown in 

Figure 7-1(d). The insulation foam may fail by diagonal splitting or adhesion bond failure. The 

connectors may rupture or pull out in tension, or crush or buckle in compression.  They may also 

fail in dowel action.  

7.1.2 Effective Centroid and Flexural Stiffness of Partially Composite Panels 

In order to establish the axial load-bending moment interaction diagram for a tested panel using 

experimental results, the total applied moment at failure is required.  As shown in Eq. 7-1, the 

total midspan moment, M, comes from three sources: self-weight (Msw), force-eccentricity from 
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axial load (P), and actuator flexural load (F). The second and third terms are illustrated in Figure 

7-1(c). 

2  (7-1) 

 

where ei is the initial end eccentricity of P, ep represents the vertical anchor rod shift of the self-

reacting frame during a test (these eccentricities discussed in more detail later), δcl is the midspan 

deflection, and a is the shear span.  

The axial load P is applied at a known location on the structural wythe. If the two wythes 

were fully-composite, the centroid of the ‘total’ cross-section would have easily been established 

and used to calculate the end eccentricity ei-FC of the load P.  On the other hand, if the wythes 

were fully non-composite, ei-NC of load P would have been with respect the centroid of the 

structural wythe alone as the façade is totally disconnected.  In reality, the wall is partially-

composite and the effective ei is unknown (ei-NC < ei < ei-FC).  For any given P or F, ep and δcl can 

be directly determined from experimental data, leaving ei as the unknown. A technique is 

proposed here to estimate ei: 

The mid-span deflection δcl relates to the curvature (M/EI) along the span using double-

integration. Assuming parabolic variation of curvature, Eq. 7-2 can be established (Ghali and 

Favre, 2006), where M1/4, M and M3/4 are the total moments at ¼, ½, and ¾ of the span, 

respectively, L is the span, and EI is the effective smeared flexural stiffness of the partially-

composite wall.   

24 / /  (7-2) 

 

M1/4 and M3/4 can be found in the same fashion as the mid-span moment M in Eq. 7-1, but with 

the deflections measured at the quarter points based on the panel deflected shape. Equation 7-2 
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has two unknowns: EI and ei. The secant method (Eq. 7-3) used in slender columns is used to 

provide the second equation: 

sec 2  (7-3) 

 

Equations 7-2 and 7-3 can be solved for ei and EI throughout the entire history of loading. For 

example, during axial preloading, the term (Fa/2) in Eq. 7-1 reduces to zero, while during 

flexural loading, P is kept constant in Eq. 7-1 to 7-3 

7.2 Panel Description and Materials 

This chapter focuses on the 2700 mm long precast concrete insulated wall panel design presented 

in Figure 7-2(a and b), representing a single-storey design. The panel consists of a 60 mm thick 

rectangular facade wythe and a 150 mm thick ‘T’ shaped structural wythe with 60 mm thick 

flanges and 90 mm deep and 50 mm wide ribs spaced at 600 mm (Figure 7-2(b)). The ribs are 

bulb shaped with the bulb being 70 × 70 mm.  The ribs increase the structural wythe capacity and 

reduce the unsupported length of the connectors through the insulation layer between the wythes. 

The panel includes 150 × 100 mm reinforced concrete headers at either end of the structural 

wythe (Figure 7-2(a)) that allow the transfer applied gravity loads into the structural wythe and 

serve as locations for future connection hardware. 

The facade wythe and the structural wythe flange were reinforced with a tied mesh of 6 mm 

BFRP bars with 200 × 200 mm spacing. Two 8 mm BFRP bars were provided as additional 

reinforcement: one in the rib and one tied to every third longitudinal mesh bar in the structural 

wythe. Four 10 mm BFRP bars transversely reinforced each header. Overall, the wall’s 

longitudinal and transverse reinforcement ratio was 0.37% and 0.23% of the gross concrete area, 

respectively. 
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The insulation layer is comprised of 27 kg/m3 Expanded Polystyrene (EPS) with a reported 

thermal conductivity of 0.029 W/m•K. The foam layer is typically 150 mm thick but this reduces 

to 60 mm at the location of the ribs and headers.  Using the Revised Zone Method (Lee and 

Pessiki 2008), the panel has a thermal resistance (R-Value) of 3.10 m2K/W, suitable across North 

America with the exception of northern Alaska and the Canadian territories (ASHRAE 2010). 

7.2.1 BFRP Shear Connection System 

The shear connectors were composed of 6 mm nominal diameter triangular BFRP bar assemblies 

placed at the concrete rib locations and spaced longitudinally at 600 mm (Figure 7-2(a)). Each 

triangular assembly consisted of two separate bars, one inserted normal to the panel face and the 

other was inserted at 45°.  Each of these bars had one end straight, embedded into the rib and 

structural wythe and the other end had a 250 mm L-shape bent at 16 mm radius, embedded 

transversely into the façade wythe for anchorage (Figure 7-2(b)).   The connector pairs were 

arranged (Figure 7-2(a)) such that the diagonal bar is subjected to tension if the panel is exposed 

to wind pressure applied to the façade wythe. 

The shear transfer capacity of this connection assembly was investigated by the authors 

using the same panel cross-section shown in Fig. 7-2(b), but modified to be a symmetric section 

to enable a double-shear push-through test (Tomlinson et al. 2014)). The tests consisted of a 500 

mm tall section with one connector pair along the height. The section was 250 mm wide and 500 

mm thick (the structural wythe was mirrored at mid-depth to create a cruciform section for 

symmetry). Figure 7-3(b) shows the shear load-slip response, for both active and broken 

insulation foam-concrete interface bonds.  When the concrete-insulation bond was intentionally 

broken using a plastic sheet, each connector assembly resisted a maximum shear of 14.3 kN at a 

slip of 6.5 mm and is essentially linear-elastic to failure. When the foam bond was included, shear 

resistance increased to 23.4 kN (bonded foam increases resistance by 64%) at a slip of 5.0 mm 
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but was linear only up to a shear force of 18.2 kN at a slip of 1.84 mm. With the bond included, 

the insulation failed before the BFRP connectors.  

7.2.2 Concrete 

The panels were cast at a precast concrete plant using 60 MPa nominal strength self-consolidating 

concrete with a design flow of 750 mm and a maximum nominal aggregate size of 6 mm. The 

panels were cast on the same date and test date cylinder tests gave average strengths between 58 

and 68 MPa with coefficients of variation not greater than 8.8%.  

7.2.3 BFRP Reinforcement 

The used BFRP reinforcement, shown in Figure 7-4 (a), has a nominal strength of 1100 MPa and 

modulus of elasticity of 70 GPa. Three different sizes, 6, 8, and 10 mm diameter BFRP bars were 

used with respective cross-sectional areas of 28, 59, and 92 mm2 determined from immersion 

tests (ASTM D7205M-06 (2011)). The bars as received were deformed by a BFRP spiral strip 

wound tightly around the bars to increase bond.  Tension tests carried out on the 6 mm bars, 

gripped using epoxy-filled steel pipes, gave strengths (based on the immersion cross-sectional 

area) between 1132 and 1185 MPa with 65 – 72 GPa elastic moduli (Figure 7-4(b)).  

7.2.4 Panel Fabrication  

The reinforcement of each wythe was tied into a mesh using plastic zip-ties, chaired, and attached 

to the insulation layer. The two L-shape bars of each shear connector assembly were then inserted 

through the insulation layer into the rib cavity of the structural wythe and tied to the 

reinforcement of both wythes.  The panels were cast horizontally (i.e. flat on the floor). the façade 

concrete was first cast into a form. The insulation-reinforcement assembly then was placed onto 

the freshly-cast façade and pressed to ensure that the mesh reinforcement was embedded in 

concrete. The structural wythe was then immediately cast on top of the insulation-reinforcement 
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assembly. The reinforcement and insulation were restrained from floating using braces clamped 

across the top of the formwork during the pour. The braces were placed in line with wheel spacers 

attached to the reinforcement in order to limit both floating and to prevent unsightly finishing of 

the concrete surface. 

7.3 Experimental Program 

To establish the performance of the described panel under combined flexural-axial loads, five 

large scale panels were tested (Table 7-1). The combined load panels (A1, A2, A3, and A4) had 

nominal axial compression preloads of 150, 300, 600, and 900 kN respectively. These loads were 

applied to the structural wythe only. The panels were then loaded transversely to failure under 

four-point bending. The range in axial load was selected in order to capture the range of failure 

modes from tension- to compression-controlled on the interaction diagram. A control (FL) was 

tested in flexure without any axial loads as part of different study on a non-load bearing panel 

(Tomlinson et al. 2014) to establish the ‘pure bending’ point. Panel FL was identical in both 

design and material to specimens A1-A4 except it was double the width (1200 mm) and included 

two ribs. Since it was tested in one-way bending using identical loading configuration to the 

panels of this study, 50% of its capacity is used.  The reason that the panels tested in this study 

were reduced in width to 600 mm with a single rib was so they would be accommodated in the 

axial testing frame. 

7.3.1 Testing Apparatus and Procedure  

There are two major components to the testing apparatus (Figure 7-5(a) and (b)). The axial load 

frame consists of a self-reacting steel frame composed of built-up steel sections at either end of 

the panel tied together with two high-strength 36 mm diameter Dywidag G150 anchor rods. Axial 

load was applied at one end of the panel using a 1500 kN capacity hydraulic ram. To replicate the 
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expected in-practice loading of the panels, axial load was transferred into the panel through 152 × 

152 × 12.7 mm steel plates attached to the structural wythe headers at the rib locations (i.e. the 

load was applied at the mid-thickness of the header). The axial load frame sat on rollers to 

prevent moment transfer into the supports and was unrestrained against rotation to allow the panel 

to behave as a pinned member. Axial load was applied using a hand-pump in 50 kN increments 

until the designated axial pre-load was reached. Under axial loading, the panel experienced lateral 

deflection and followed load path (i) shown on Figure 7-5(c). 

Once the full axial load was applied, the panel was loaded under four-point bending until 

failure and follows the interaction load path (ii) shown in Figure 7-5(c). In flexure, the panel had 

a 2630 mm span, a 550 mm long constant moment zone, and 1040 mm long shear spans. The 

panels were loaded at 2 mm/min using a 223 kN capacity actuator. During flexural loading, the 

axial load was constantly monitored and corrected to the preload value if the load deviated by 

more than 10 kN from the initial applied load. 

7.3.2 Instrumentation 

The instrumentation locations are shown in Figure 7-5(d). Axial load was recorded using an 

electronic pressure transducer on the hydraulic ram while flexural loads were measured with a 

200 kN load cell attached to the actuator. Vertical deflections were measured with 100 mm linear 

potentiometers (LPs) placed at midspan, the edge of the constant moment zone, and midway 

through the shear span. Relative slip between the two wythes at the panel ends were found with 

100 mm LPs mounted at mid-depth of the structural wythe with their sensor placed midway 

through the façade wythe. 

Midspan reinforcement strains were measured with 5 mm uniaxial electrical resistance strain 

gauges at each level of reinforcement with the façade and structural wythe meshes having two 

gauges (one midway across and one on an exterior bar) while the rib reinforcement had one. 
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Concrete strain at the top of the facade was measured with two 50 mm uniaxial electrical 

resistance strain gauges, one midway across the panel and the other 100 mm from the edge.  

Additionally, 100 mm displacement transducers (Pi gauges) were mounted to the top and bottom 

of each wythe at midspan to confirm strain readings, and to evaluate curvatures. 

Digital Image Correlation (DIC) was used at two 400 mm wide locations along the panel 

length (at midspan and at one end of the panel). Photographs were taken every 15 seconds using a 

Canon EOS Digital Rebel T3i camera (5184×3456 pixel image size). These photographs were 

then broken into 64×64 pixel patches (each patch between 6 and 7 mm width) that were tracked 

over the course of the experiment using the program GeoPIV (White et al. 2003). At midspan, 

DIC tracked the vertical shift in the high-strength steel anchor rods of the self-reacting frame used 

to apply axial loads, and the relative vertical deformation of each wythe over the course of each 

test. At the panel end, DIC was used to evaluate wythe rotations and acted as a second means of 

determining relative wythe slip. 

7.4 Experimental Results and Discussion 

In this section the behaviour of the wall panels in terms of the following responses and failure 

modes is discussed: load-deflection, load-end rotation, load-strain, load-end slip between wythes, 

moment-curvature, and strain discontinuities. A summary of test results is given in Tables 7-1 to 

7-4. 

7.4.1 Load-Deflection Responses 

Figure 7-6(a) shows the axial preload-lateral mid-span deflection response of the panels. The 

lateral deflection increases as the axial load increases, due to the combined effect of end 

eccentricity, partial composite action, and slenderness of the panel which are discussed in further 

detail later in this chapter. Once the target axial pre-load is reached, it is kept constant and the 
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deflection continues to increase as transverse flexural loading proceeds (the flat plateau in Figure 

7-6(a)).  Under the axial loading, specimens A1 and A2 showed linear and downward deflection 

up to their target axial loads. On the other hand, A3 and A4 behaved differently at low axial loads 

(<150 kN) as they had slight upward deflections due to previously existing shrinkage cracks. 

After closure of the cracks they behaved similar to A1 and A2 until their target axial loads. Under 

the full axial preload, all panels had downward deflection, showing that axial load was applied 

above the cross-section’s centroid. 

Once the designated preload was reached, the panels were loaded in flexure and the resulting 

transverse load-deflection responses are shown in Figure 7-6(b); the curves are offset on the 

horizontal axis by their respective deflection reached at the end of pre-axial loading. The stiffness 

of the panels were similar up until cracking. The cracking load increased with axial load, as 

compared with the control FL panel that had no axial load. After cracking, stiffness reduced and 

the behaviour of FL specimen showed considerable pseudo-ductility arising from the partial 

composite action and slip between the wythes.  Specimen A4 with the highest axial load did not 

crack before failure and took very little flexural load, peaking at 1.5 kN, before failing.  

7.4.2 Load-End Rotation Responses 

Figure 7-7 shows the load-end rotation responses under (a) preloading axially, and (b) flexural 

lateral load. DIC was used to determine the rotations of both wythes at supports, except for 

specimen A2, where the camera malfunctioned.  During axial loading (Figure 7-7(a)), the end 

rotations of all panels were similar and essentially varied linearly with load.  Under flexural loads 

(Figure 7-7(b)), rotation increased linearly until cracking, with similar slopes for all panels. The 

post-cracking slope reduced and the maximum rotation at failure decreased as axial load 

increased, similar to deflections (Figure 7-6(b)).  
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Rotations in the structural wythe were found to be higher (by up to 14%) than those in the 

facade wythe, showing that the structural wythe deflects more than the façade and that tension is 

developed in the shear connection. This was also confirmed from DIC images at midspan, which 

show slightly higher structural wythe deflection (maximum 0.3 mm, seen in A3) than the facade. 

This tension did not noticeably affect the test panel response but could lead to issues (particularly 

if the foam bond is counted on for composite action) as it could cause the insulation to separate 

from the wythes. 

7.4.3 Load-Strain Responses 

The load-strain responses at various layers of the panel under preloading axially and under 

flexural loading are shown in Figure 7-8. Under axial loading, the average mid-depth facade 

strains ranged between 7 and 20% of those in the structural wythe, showing that the structural 

wythe takes a substantial, but not total, share of axial load. Façade concrete strains were also 

similar in various specimens under axial loads, showing that axial load had little impact and did 

not exceed -471 με, well within service limits. The façade reinforcement strain was more affected 

by axial load, as the ultimate strain transitioned from 3290 με (FL) to -64 (Α4) με as axial load 

increased.   

The rib reinforcement compression strains also increased with axial load (-213, -444, -814, 

and -1874 με in A1, A2, A3, and A4, respectively). Under flexural loading, these strains 

increased in compression in all specimens but FL, which had a higher neutral axis (above the 

gauge) and hence experienced tensile strains.  

The structural wythe flange reinforcement went into compression under axial load. Strains 

increased with axial load but were lower than in the rib, showing positive curvature. In flexure, 

the reinforcement shifted to tension with strain increasing greatly after cracking in all tests. The 

ultimate strain was impacted by axial load, shifting from 4932 με (A1) to -507 με (A4). The 
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strain readings in FL became erroneous at the onset of shear connection failure as deformation 

became dominated by shear rather than flexure and the location of maximum deflection shifted 

towards the shear span. 

7.4.4 Load-Wythe Slip Responses 

Figure 7-9 shows the variation of relative slip between the two wythes with (a) axial preload and 

(b) flexural transverse load.  Only the end with larger slip is plotted. Under axial load alone, slip 

was quite significant and ranged from 8–90% of the slip at failure, with the percentage increasing 

with axial load. Additionally, in A3 and A4, the service limit for slip (1.66 mm, defined further 

later in this chapter) was exceeded prior to the axial preload being reached. Under service loads, 

slip at both ends of each panel was essentially the same and varied between 8 and 12%. In 

flexure, slip increased linearly until cracking with similar slopes regardless of axial load. After 

cracking, the slip rate increased. 

DIC measured end slips were found to be similar to those from the LPs. Contour plots 

comparing slip in A1 and A3 at preload and ultimate are shown Figure 7-10. Similar trends were 

seen in the other tests. It can be seen that the insulation layer deforms over its depth and the 

adhesion bond to concrete did not fail prior to ultimate, which would be seen if slip magnitudes 

increased suddenly at the facade-foam interface. The contours also show how slip redistributes 

around the concrete header of the structural wythe, indicating that it contributes somewhat to 

shear resistance. The preload slip magnitude increases with axial load but has similar contour 

profiles while at ultimate the slip magnitudes and profiles for A1 and A3 are very similar on 

account of them having the same shear connection failure mode, which is triggered by excessive 

slip. 
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7.4.5 Failure Modes 

In this study, three failure modes, dependent on axial load, were observed and are presented in 

Figure 7-11 and summarized in Table 7-2. Specimen FL first failed by foam splitting at a load of 

23 kN. Both deflection and slip increased greatly on the side that split and led to rupture of the 

diagonal shear connector and failure of the foam-concrete interface starting from the panel end 

and progressing towards midspan. The loss of shear connection created a load plateau (Figure 

7-6(b)) while also putting additional compressive stress on the rib, which then failed by shear-

compression (concrete crushing in the shear span) at a much higher deflection but only at a 

slightly higher load of 25.8 kN (peak load). The panel failed gradually and deflected an additional 

32.5 mm before losing 10% of its ultimate capacity. 

Specimens A1, A2, and A3 all failed first by tensile splitting of the insulation foam (Figure 

7-11(b)) and this dictated peak loads.  The ultimate end slip for A1, A2, and A3 averaged 4.83 +/- 

0.29 mm, which approaches the push-through test peak load slip of 5.01 mm (Figure 7-3). After 

ultimate, slip increased greatly on the side where foam splitting occurred. After additional 

deformation, the diagonal shear connectors ruptured in A1 and A2 (Figure 7-11(c)) followed by 

failure of the concrete-foam adhesion bond.  In A1, flexural load decreased by 7% after foam 

splitting and remained stable until the shear connectors ruptured, prompting crushing in the rib in 

the shear span (Figure 7-11(d)). A2 was similar to A1 but the decrease in load after insulation 

failure was larger (31%). In A3 concrete rib crushed immediately after foam splitting (Figure 

7-11(e, f)).  A4 failed by concrete crushing prior to foam splitting (Figure 7-11(g)). It did not 

provide the warning signs of failure observed in the other tests (i.e. large deflections, load 

plateaus, and audible indications).  The amount of concrete crushing increased with axial load. 

FL, A1 and A2 saw crushing only within the rib. In A3 crushing extended to the top of the flange 

and in A4 the entire structural wythe crushed (Figure 7-11(d, e, g)). 
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7.4.6 Curvatures and Strain Discontinuity 

Figure 7-12(a) shows the moment-curvature responses of the two wythes in each panel, where 

curvature is calculated as the slope of the measured strain profile (Figure 7-1(a)). Generally, 

curvature was slightly higher in the structural wythe than the façade for the same reasons 

discussed with end rotations. After cracking, curvatures deviated in A1 and A2 as cracking 

occurred away from the strain sensors. Readings in FL began deviating as the shear connection 

failed, showing that deflection became dominated by shear deformation after this point.  

Figure 7-12(b) shows the moment-strain discontinuity responses. The strain discontinuity is 

calculated as the offset of the measured strains in the two wythes, each extrapolated to mid-

thickness of insulation (Figure 7-1(a)). The increase in strain discontinuity with moment is 

consistent with the increase in slip.  Similar to the moment-curvature relationships, gauges not 

intercepting cracks affected the results of A1 and connector failure impacted the results of FL. 

7.5 Analysis of Experimental Results 

In this section, the experimental axial load-moment interaction curve is established using the 

technique for determining the effective centroid of the partially composite cross-section described 

earlier. This interaction curve is then compared to the upper and lower bound curves representing 

fully-composite and fully non-composite walls. It is also compared to the interaction curve of 

similar panels but reinforced by conventional steel reinforcement and ties. This section also 

introduces assessment of the level of partial composite action, and estimation of service load 

levels. 

7.5.1 Effective Centroid of the Partially Composite Panel 

ep is the vertical anchor rod shift of the self-reacting frame during the test and was measured 

using DIC. Two factors caused the anchor rod to shift (ep). The first, removal of wobble (sag) 
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during stressing, occurred at axial loads under 100 kN and caused a maximum upward shift of 1.9 

mm with magnitudes independent of preload level. The second factor is the slight rotations of the 

steel reaction beams at both ends, causing the rod to shift upwards during the course of each test 

with magnitudes decreasing from 8.5 mm in A1 to 2.1 mm in A4 as failure deflection decreased. 

The axial load P is applied 75 mm from the outer face of the structural wythe. If fully composite, 

the centroid of the ‘total’ cross-section is 135 mm from the outer face of the structural wythe  (ei-

FC = -60 mm) meaning the wall would deflect upwards under P.  On the other hand, if the wythes 

were fully non-composite, the ei-NC of load P would have been with respect the centroid of the 

structural wythe alone (40 mm from its outer face, ei-NC = 35 mm) meaning the wall would deflect 

downwards under P. For any given P or F, ep is known from DIC measurements, δcl is known 

from mid-span deflection measured using LPs, and the only unknown is ei (solved for using Eq. 

7-3). 

Figure 7-13(a) shows the variation of ei with P, during preloading, while Figure 7-13(b) 

shows its variation with F during flexural loading. After closure of shrinkage cracks at small axial 

load (dotted lines in Figure 7-13(a)), values of ei for all panels converge to almost a constant 

value and continue to be stable through flexural loading (Figure 7-13(b)) until cracking, at a value 

ranging between 10.7 and 13.3 mm.  Of course after cracking, the location of centroid changes, 

but it is customary in reinforced concrete columns to establish interaction diagrams with respect 

to a fixed reference (plastic centroid of section), regardless of level of cracking (i.e. the reference 

of eccentric loading is fixed). The same is done for the sandwich panels here and a constant 

average value of 12.3 mm was used for ei. The smeared effective stiffness EI were also 

established using Eqs. 7-2 and 7-3 and is discussed later. 
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7.5.2 Interaction Diagram of Wall Panel 

The axial load-bending moment interaction diagram was established for the test panel and is 

shown in Figure 7-14(a), where each point represents a test specimen at ultimate.  The moments 

at ultimate were calculated from test results using Eq. 7-1, where ei=12.3 mm.  Also shown in the 

same figure are the loading paths of each specimen, including the axial preloading and flexural 

loading phases.   

It can be seen that the interaction curve is somewhat tri-linear.  At zero or very low axial 

loading, the maximum moment is governed by concrete crushing of the structural wythe in the 

shear span (FL) (after insulation splitting and connectors rupture). As axial load increases, 

maximum moment is governed by insulation splitting (A1, A2, A3) (connectors may rupture and 

concrete eventually crushes but at reduced moment). The increase in moment was most 

substantial (94%) from FL to A1 and shows that shear compression failure can be prevented 

under low degrees of axial load (~6% of pure compression capacity). Moment gains from A1 to 

A3 were modest, at 25%.  Finally at high levels of axial load (A4), maximum moment is 

governed by concrete crushing. Note the large moment in A4 from axial loading and slenderness. 

Figure 7-14(a) also shows the interaction curve of identical panels (Tomlinson et al. 2014) with 

steel connectors and steel flexural reinforcement of the same reinforcement ratios as the BFRP-

reinforced panels in this study.  The same general trend is observed, but the ultimate moments are 

higher, due to the different failure modes, arising from the stiffer reinforcement.  The steel-

counterpart of FL failed by rupture of the longitudinal steel reinforcement in the structural wythe, 

while the steel-counterparts of A1, A2, and A3 failed by connector yielding instead of foam 

splitting. The steel-counterpart of A4 failed similar to A4 by concrete crushing.   

Figure 7-14(b) compares the interaction diagram to theoretically-established fully non-

composite (NC) and fully composite (FC) interaction diagrams, both governed by flexural failure.  

The FC was established using conventional cracked section analysis using the computer program 
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RESPONSE 2000 (Bentz 2000).  For the NC, the interaction diagram was first established for the 

structural wythe assuming that only structural wythe contributes to axial load resistance. Then, 

the moment-curvature response of the facade was established. Assuming equal curvature of both 

wythes, the contribution of the façade to flexural resistance was added to that of the structural 

wythe at ultimate. It can be seen that the experimental interaction curve behaved closer to the NC 

curve, which was compression-controlled over the tested range, than the FC curve, which was 

tension-controlled over the tested range.  The increase in ultimate moment relative to NC curve 

varied with axial load and was highest, averaging 59%, in panels governed by insulation splitting 

(A1 to A3). The gain was least apparent in the compression-controlled A4 at 17%, as failure is 

highly dependent on the structural wythe.  

7.5.3 Maximum Service Loads 

For each specimen, the service load was estimated and marked on the plots in Figure 7-6, Figure 

7-7, Figure 7-9 and Figure 7-14(a) and also reported in Table 7-3. The service load was 

considered the minimum of the loads calculated based on the following criteria:  

7.5.3.1 Deflection Limits 

The limit for wall deflections under live loads in ACI 318-14 is height (l)/150 but in this case, the 

service limit for deflection was taken as the more conservative l/360 value common in 

architectural features. This criterion governed in specimen FL. 

7.5.3.2 Strain Limits 

The service load based on strain was taken as the lower of the loads that exceeded the concrete 

compression limit (taken as 1000 με which is the point where concrete is expected to become 

non-linear), and the BFRP tension limit (taken as 3140 με which is 20% of ultimate, similar to 
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that specified in ACI 440.1R-06 as creep rupture limit of GFRP). This criterion governed in 

specimens A1 and A2 based on concrete strains in the structural wythes. 

7.5.3.3 Back-Calculated from Ultimate Load 

Setting the experimental peak load of the panel equal to the factored design load at ultimate (U) 

and using load factors specified in the National Building Code of Canada, a service load was 

back-calculated. It was assumed that dead (D) and live (L) axial loads are equal and that any 

applied flexural load is wind (W). The lowest value was used based on the combinations that used 

live and wind loads. For the tested panels, this criterion never governed. 

7.5.3.4 Using a Wythe Slip Limit Back-Calculated from Push-Through Test 

From the load-slip response in Figure 7-3 (for the case of foam bond and connectors), an 

estimated service load was established from the peak load using the same method described in the 

previous case (c). The slip corresponding to this load was found to be 1.66 mm and is used as a 

limit. This criterion governed in specimens A3 and A4. 

7.5.4 Degree of Composite Action 

The level of composite action can be estimated based on either strength or stiffness.  Composite 

action by strength, κs, was evaluated using Eq. 7-4: 

, ,, ,  (7-4) 

 

where Mu,test is the test moment resistance, Mu,NC is the theoretical non-composite moment 

resistance, and Mu,FC is the theoretical fully composite moment resistance.  As shown in Table 

7-4, κs values were 24, 47, 26, 19 and 3.3% for FL, A1, A2, A3, and A4, respectively. The 

reduction of κs with axial load shows that the facade contributes lower amounts as axial load 
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increases. The exception, FL, had lower composite action than A1 because the shear-compression 

failure mode was premature relative to the flexural failure mode predicted for NC and FC. 

The composite action by stiffness, κEI, was evaluated using Eq. 7-5 (Pessiki and Mlynarczyk, 

2003) and was taken at the service load value: 

 (7-5) 

 

where EItest is the experimental smeared effective stiffness, EINC is the theoretical non-composite 

stiffness, and EIFC is the theoretical composite stiffness. EItest is calculated from experimental 

results by solving Eqs. 7-2 and 7-3 as explained earlier and are plotted in Figure 7-15 versus the 

moment.  Also shown for reference in Figure 7-15 are the EINC and EIFC values established as the 

slope of the theoretical moment-curvature diagrams at service load from RESPONSE 2000.  For 

all panels, stiffness values were within the FC and NC bounds and were much closer to the values 

for NC. Stiffness tended to decrease with moment due primarily to crack propagation. As given in 

Table 7-4, the calculated values of κEI were 2.7, 7.8, 5, 4.7 and 2.5%, for FL, A1, A2, A3, and 

A4, respectively, much lower than those estimated based on strength.  

Though not a focus of this study, the impact of high temperature events (i.e. fire) are 

expected to reduce the degree of composite action in the system as both the insulation (PCI 2011) 

and reinforcement weaken at elevated temperatures. Future study on the performance of these 

walls under high temperature is recommended. 

7.6 Chapter Summary and Conclusions 

BFRP-reinforced partially-composite precast concrete insulated wall panels with BFRP shear 

connectors were tested under combined flexure and axial loads. The axial load – bending moment 

(P-M) interaction diagram was established, accounting for slenderness. The level of partial 

composite action was assessed.  The following conclusions were reached: 
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1. The (P-M) interaction diagram has a tri-linear trend. At very low axial loads, shear-

compression failure of concrete structural wythe governs the maximum moment, after 

splitting of insulation and rupture of connectors. As axial load increases, splitting of the 

insulation governs the maximum moment, followed by connector rupture and/or structural 

wythe crushing. At very high axial loads, concrete crushing of structural wythe governs the 

maximum moment. 

2. Level of composite action by the strength method reduced from 47% to 3%, as axial load 

increased from 150 to 900 kN, with the exception of the case without axial load (24% 

composite action) as it experienced a premature shear-compression failure. Level of 

composite action by the stiffness method was much smaller, 7.8-2.5%.   

3. Relative to a similar wall with all-steel reinforcement and connectors of the same 

reinforcement ratios, the tested walls had between 60-90% of the strength, with the 

percentage increasing with axial load. The reduction is due to the lower shear connection 

stiffness affecting the overall effective wall stiffness and changing failure modes.  

4. An analytical technique has been developed to back-calculate from experimental results the 

effective centroid and effective flexural stiffness of the partially-composite wall. The 

effective centroid is necessary to calculate the moment of the eccentric axial load. 

 

 

  



 

 

 

192

Table 7-1: Test matrix for combined loading tests 

Test 
ID 

Panel 
Width, 

mm 

Nominal 
Axial 

Preload, 
kN 

Preload 
Average 
Stressa, 

MPa 

Cylinder 
Strength at 

Testing, MPa 

Ec, 
GPa 
(CSA 

A23.3) 

Anchor Rod Vertical 
Shift, mm 

Preload Ultimate 

A1 600 150 3.63 61.8 29.0 -0.2 12.3 
A2 600 300 7.26 68.5 30.3 0.2 15.5 
A3 600 600 14.5 64.8 29.5 0.6 7.8 
A4 
FLb 

600 
1200 

900 
0 

21.8 
-- 

64.1 
60.9 

30.0 
29.9 

3.7 
-- 

4.2 
-- 

a Stress found using area of structural wythe only 
b From Tomlinson et al. (2014) 

 

Table 7-2: Force and deflection results 

Test 
ID 

Preload, 
kN 

 Flexural Load, kN Midspan Deflection, mm Service 
Load 

Governed 
By 

Failure Mode 
Sequence b 

 Cracking Service Ultimate Preload Cracking Service Ultimate  

FL 0  6.39 13.4 25.8 -- 2.24 8.09 63.1 Deflection S→T→C1 
(peak at C1)b 

A1 150  24.2 25.4 39.5 0.79 4.34 4.94 27.6 Concrete 
Strain 

S→T→C2 
(peak load at S) 

A2 296  26.0 15.9 36.9 1.87 7.17 4.65 17.6 Concrete 
Strain 

S→T→C2 
(peak load at S) 

A3 601  27.4 0a 28.4 3.49 10.1 3.45 15.5 End Slip S→C2 
(peak load at S) 

A4 896  -- 0a 1.51 7.61 -- 2.68 10.1 End Slip C2 
(peak load at C2)

a Service limit reached during axial loading 
b S=foam splitting, T=BFRP diagonal connector rupture, C1=shear compression failure of rib in shear span, 
C2=structural wythe crushing at midspan 

 

Table 7-3: Slip readings at various points 
Test 
ID 

End Slip, mm 
Preload Service Cracking Ultimate 

N S N S N S N S 
FL -- -- 0.76 0.68 0.23 0.25 3.71 12.7 
A1 0.40 0.35 1.18 1.09 1.18 1.10 5.07 4.57 
A2 0.99 0.93 1.55 1.42 2.22 1.96 4.52 4.16 
A3 1.73 1.65 1.66 1.53 3.22 N/Aa 4.96 N/A‡ 
A4 3.01 3.85 1.48 1.66 -- -- 4.04 4.26 

Note: N  = north side, S = south side 
aLP dislocated during test 

 

Table 7-4: Test moments and degree of composite action 

Test 
ID 

Axial 
Preload 
Moment, 

kNm 

Cracking 
Moment, 

kNm 

Moment Resistance, Mr Service Moment Stiffness, EI 
Test 

Result, 
kNm 

Theoretical 
Non-

Composite,
kNm 

Theoretical 
Composite, 

kNm 
κu, 
% 

Test 
Service 
Moment, 

kNm 

Test 
EI, 

×1012 
Nmm2 

Theoretical 
NC EI, 

×1012 Nmm2 

Theoretical 
FC EI, 
×1012 
Nmm2 

κEI, 
% 

FL -- 5.39 15.4 11.0 29.8 23.6 9.03 0.85a 0.13 26.9 2.7 
A1 4.06 17.0 30.1 17.9 44.0 46.7 17.9 2.57 0.51 26.9 7.8 
A2 6.34 21.6 31.9 21.4 61.4 26.3 15.6 2.51 1.21 26.9 5.0 
A3 11.8 31.8 37.7 23.3 97.7 19.3 11.7 2.53 1.33 26.9 4.7 
A4 21.9 -- 25.1 21.5 130 3.3 12.1 2.00 1.33 26.9 2.5 

aFL has lower EI due to being cracked in service 
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Figure 7-1: Slip mechanisms and failure (a) differential strains causing slip, resisted by 
connection system (b) slip caused by axial loading (c) Shear forces leading to slip developed 

under combined loading (d) Foam and connector failure modes 
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Figure 7-2: Panel description showing (a) side view (b) midspan cross section. All 
dimensions in mm 

 

 

Figure 7-3: Push-through test summary (a) tested section (b) test results. All dimensions in 
mm. 
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Figure 7-4: Used materials (a) photograph of BFRP bars showing scale and deformed shape 
for anchorage (b) 6 mm BFRP tension test results. 
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Figure 7-5: Test apparatus and instrumentation (a) Elevation view of test frame (b) Plan 
view of test frame (c) Schematic showing loading stages on representative interaction 

diagram (d) instrumentation profile (e) Photo of test setup. All dimensions in mm. 
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Figure 7-6: (a) Axial load-midspan lateral deflection response, and (b) Transverse flexural 

load-midspan lateral deflection response 

 

 

Figure 7-7: (a) Axial load-end rotation response from DIC, and (b) Transverse flexural 
load-end rotation response from DIC. 
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Figure 7-8: Axial load-midspan longitudinal strain responses of various layers (left side) 

and flexural load-midspan longitudinal strain responses of various layers (right side). Note: 
compression is negative. 
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Figure 7-9: (a) Axial load-relative end slip responses of wythes and (b) Transverse flexural 

load-relative end slip responses of wythes. 

 

 
 
 

 

 

 

 

Figure 7-10: End slip contours from DIC measurements: specimen A1 after axial preload 
(left side top), A1 at ultimate (left side bottom), A3 after axial preload (right side top), and 

A3 at ultimate (right side bottom). 
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Figure 7-11: Observed failures during testing (a) Excessive deflection in FL, (b) diagonal 
foam splitting in A2 (c) Failed shear connectors in A2, (d) Crushed rib in A1, (e) Crushed 
web and flange in A3, (f) Crushed longitudinal rib reinforcement in A3, (g) Fully crushed 

structural wythe in A4. 
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Figure 7-12: (a) Moment-curvature responses, and (b) Moment-strain discontinuity 
responses 

 

Figure 7-13: Back-calculated initial eccentricity, ei (a) versus axial load (b) versus flexural 
load. 
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Figure 7-14: Interaction diagrams for the tested wall panels (a) Experimental results 
showing load path, points where service loads are exceeded, and ultimate points (b) Tested 

values with non- and fully composite panels for reference. 
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Figure 7-15: Effective flexural stiffness, EI, relative to applied moment for (a) FL, (b) A1,(c) 
A2, (d) A3, (e) A4. Values begin at the point of closure of shrinkage cracks and include self-

weight. Theoretical lines representing the EI of fully non-composite and fully composite 
panels under the same axial load level are also shown. 
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Chapter 8 

Analysis and Parametric Study of Partially Composite Precast Concrete 

Sandwich Panels under Axial Loads6 

8.1 Introduction 

Precast concrete sandwich wall panels are commonly used as exterior members in building 

construction. Panels are usually constructed with a two concrete wythes (layers) that surround a 

layer of rigid foam insulation; they are advantageous as they not only act as architectural and 

structural members, but also function as thermal and moisture barriers (PCI 1997). Panels can 

either be used as cladding where they are expected to carry wind loads only in service, or they 

can be load-bearing where they carry gravity loads (i.e. dead and live loads) (PCI 2011). 

Structurally, panels are designed based on their degree of composite action (i.e. the amount 

of longitudinal shear transfer between wythes through the insulation layer). Non-composite walls 

have zero shear transfer (i.e. wythes act independently) while fully composite walls have 

complete shear transfer (i.e. wythes act as one unit). Partially composite walls lie somewhere 

between the two and are difficult to assess as the non-negligible shear deformation through the 

insulation layer needs to be accounted for (PCI 2011). Non-composite walls are less structurally 

efficient than fully composite walls because more material is required to resist design loads. 

However, they have reduced thermal bowing effects, making them attractive to some designers. 

Composite action is provided via shear connectors that pass through the insulation from one 

wythe to the other. Stiff shear connectors such as solid concrete regions (Lee and Pessiki, 2008), 

                                                      

6 Manuscript under review: Tomlinson, D.G, and Fam, A. (2015) “Analysis and Parametric Study of 
Partially Composite Precast Concrete Sandwich Panels under Axial Loads.” Journal of Structural 
Engineering. Submission date: July 29, 2015, under review. 
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steel or fibre-reinforced polymer (FRP) trusses (Salmon et al. 1997), and FRP grids (Hassan and 

Rizkalla, 2010) tend to provide high degrees of composite action while flexible shear connectors 

using steel (Pessiki and Mlynarczyk, 2003) or FRP pins (Tomlinson and Fam, 2014) tend to give 

low degrees of composite action. The insulation, particularly if composed of Expanded 

Polystyrene (EPS), has been shown to contribute a sizable degree of composite action (Hassan 

and Rizkalla, 2010). FRP shear connectors are advantageous as they have lower thermal 

conductivity than steel and provide systems with higher thermal efficiency (PCI 2011). 

Most experimental and analytical studies conducted on precast concrete sandwich panels 

focus on flexural behaviour; the axial response of sandwich panels is much less studied. Allen 

(1969) presented theories to evaluate panel response under axial load, but these approaches are 

more suited for metal or FRP skinned panels used in aerospace applications. Benayoune et al. 

(2006, 2007) conducted experiments on  concrete sandwich panels under axial load. These panels 

have solid concrete regions between the wythes and behaved essentially fully compositely. Frankl 

et al. (2011) tested panels axially loaded through one wythe only but these studies were more 

focused on flexural fatigue response than axial load response.  

This chapter presents an analytical model that evaluates the impact of varying shear 

connection properties on the axial load-deflection response of a partially composite precast 

concrete wall panel design. Beyond the shear connector properties, the influence of panel length 

on composite action is also discussed. 

8.2 Description of the Analytical Model 

The load-bearing concrete sandwich panel system is comprised of a structural wythe and a façade 

wythe (Figure 8-1). The axial compression load is applied to the structural wythe, possibly at an 

eccentricity eNC relative to the centroid of the structural wythe (Figure 8-1) (which in a fully non-

composite (NC) system, the structural wythe would be the only load resisting element). In a fully 
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composite (FC) system, the load would be eccentric at eFC with respect to the centroid of both 

wythes combined as one cross-section (Figure 8-1).  In reality the system is partially-composite 

(PC) to a certain degree and only some load sharing is contributed by the façade wythe. The 

amount of which depends on the longitudinal shear transferred between wythes (VL), which is 

function of the amount and stiffness of shear connectors and insulation.  In an NC panel, VL = 0 

(i.e. no shear transfer) and the two wythes act independently. In an FC panel, complete shear 

transfer occurs and VL reaches the upper-bound VL,FC. In between, VL varies linearly from VL=0 to 

VL,FC. This concept is illustrated in Figure 8-2 (step 4) and will be used in the analytical 

procedure. 

The loading would inherently remain eccentric with respect to the ‘partially composite’ (PC) 

section, at an unknown eccentricity between eNC and eFC.  Also, the PC section would have an 

effective moment of inertia between that of the structural wythe alone and the fully composite 

section. As the eccentricity is combined with slenderness effects, considerable flexure exists in 

the wall.  The developed model assumes that within each individual wythe, plane sections remain 

plane and that both wythes have equal curvature (i.e. similar deflected shapes) at a given load 

stage. Similar assumptions were made in modeling sandwich panels loaded in flexure (Hassan 

and Rizkalla 2010).   

The following sections describe the details of the model. This includes the primary iterative 

procedure to evaluate member response under axial load including slenderness effects and two 

ancillary components related to material constitutive relationships and a bond-slip relationship of 

the shear connection. The model was developed using the MATLAB computer program. 

8.2.1 Partially-Composite Member Response including Slenderness Effects 

Figure 8-2 provides a summary of the various steps involved in the model. Each step in the 

following procedure has a number corresponding to a specific illustration in the figure. Figure 
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8-2(1) shows a longitudinal profile of half the sandwich wall length (only half shown for 

symmetry) with the axial load N applied to the end of the structural wythe. Various possible 

orientations of the shear connectors (a, b or c) are also shown in this diagram. Based on this 

profile, the following analytical procedure is developed: 

1. Define the panel geometric and material properties. A summary of the used material 

properties is discussed later in the chapter. Discretize the panel into slices along its cross-

sectional depth and assign each slice the appropriate constitutive relationships (concrete 

layer, steel or FRP reinforcement layer). Then, discretize the panel along its length. Apply 

the first increment of axial load N to the panel’s structural wythe at the designated 

eccentricity (Figure 8-2(1)). 

2. As N is applied eccentrically to one wythe only, it causes it to contract and bend, creating 

differential slip between the wythes, δs. For the initial cycle of analysis, assume that δs 

corresponding to the axial deformation of the structural wythe (i.e. assume non-composite 

behavior and that the total N is carried by structural wythe alone). Establish the δs profile 

along the panel length (Figure 8-2(2)) which is expected to be maximum at the loading end 

with a value of (NL/2EAs) and zero at mid-length, where L is the full panel length, E is the 

initial Young’s modulus of concrete and As is the cross-sectional area of the structural 

wythe. 

3. The longitudinal shear transferred through the shear connection system (insulation and 

connectors), VL, is found by interpolating δs on the load-slip curve for the insulation and 

shear connectors along the panel length (a summary of load-slip constitutive relationships 

is discussed later in the chapter). This load-slip curve for the insulation is given in terms a 

shear flow, hence the VL distribution is cumulative along the length. On the other hand the 

connectors are discrete and hence their contribution to VL, is characterized by sudden jumps 
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(Figure 8-2(3)). In this step, connectors yielding (steel) or rupture or pullout (FRP) is also 

checked. In this case if the end point of the linear part of load-slip curve is reached, this 

indicates yielding of steel or rupture or pullout of FRP connector.  Usually the outermost 

connectors fail first but loading can continue and successive failure of connectors from the 

ends towards mid-span may occur in subsequent cycles. 

4. A parameter ζ to measure the percent of axial load transferred to the façade wythe (Nζ), is 

introduced. It reflects the degree of composite action by stiffness and varies from zero in 

the NC case to ζmax in the FC case, where ζmax depends on the ratio of the two wythe’s 

cross sectional areas (Af of facade and As of structural wythe) and is determined as follows: 

 (8-1) 

 

Note that in the first cycle of the analysis, one can assume uncracked full areas of concrete. 

In subsequent cycles, as the section cracks and compressed concrete goes into the non-

linear region, and also if steel yields, effective transformed cracked section areas are 

established using secant Young’s moduli of concrete and yielded steel, and used in Eq. 8-1. 

In this step, at every section along the length, use the VL established earlier to interpolate 

the ζ value (Figure 8-2(4)). Note that flexural deflections cause additional VL to be 

transferred and are not factored into the ζmax calculation. This contribution is determined in 

later steps.   

5. The ‘partially composite’ (PC) section has an effective moment of inertia between that of 

the FC case (total cross-sectional) and the NC case (structural wythe only), depending on 

the degree of composite action.  To establish this, use the ratio of ζ  to ζmax to find the 

effective width, beff, of the facade wythe, which has an original actual width of b.  

 (8-2) 
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In this step, using beff, solve for the location of the centroid (Figure 8-2(5)) and effective 

moment of inertia, Ieff of the PC panel. This procedure is the same as the one used for 

solving transformed section properties. The eccentricity of axial load N with respect to the 

established effective centroid is ePC. In the initial cycle of the analysis, assume the section 

is uncracked and that the materials are linear.  In subsequent cycles, cracking and material 

nonlinearity will be checked based on strains and the process adjusted using secant 

Young’s moduli of concrete and yielded steel. Note that both Ieff and the panel centroid 

vary along the panel length (section acts non-prismatically), which causes variable stiffness 

and eccentricity. 

6. Calculate along the panel length, the moment M using the established effective centroid, 

and the curvature ψ using the calculated effective transformed moment of inertia (Figure 

8-2(6)), as follows, where E is that of concrete, initially linear but later is a secant value: 

 (8-3) 

 (8-4) 

 

Note that so far, in the first cycle of analysis, second-order effects due to slenderness are 

neglected. The next step presents a process to include these effects. 

7. Use the moment-area method (essentially double integration of the ψ–diagram) to find 

first-order deflection, δ, along the panel length (Figure 8-2(7)). Go to step 6 and use δ to 

determine the additional moment from slenderness (i.e. P-Δ effects), and the new moment 

is calculated as follows: 

 (8-5) 
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Then, a new ψ is calculated using the new M plugged into Eq. 8-4, using the same Ieff. 

Repeat this process until convergence (i.e. when the total deflection in two consecutive 

cycles vary by less than 1%). If convergence happens, the panel can withstands the P-Δ 

effects and the process continues. If divergence occurs, this means that the panel fails and 

analysis is then terminated at this step of a given loading cycle. 

8. Find the axial load distribution along the panel Figure 8-2(8)). The structural wythe share 

of axial load, Ns and the facade share of axial load, Nf, are found as follows: 

1  (8-6) 

 (8-7) 

 

These forces are acting at the centroid of their respective wythes.  In the first cycle, assume 

the section is uncracked. In subsequent cycles, cracking is checked and the transformed 

cracked section centroid is established using secant modulus of concrete as it becomes 

nonlinear, and secant modulus of steel beyond yielding. 

9. Calculate the normal strain at the centroid of each wythe, using their respective axial forces 

Ns and Nf, as follows: 

or  (8-8) 

 

Then, establish the full strain profile of each wythe by combining the curvature ψ 

established from Eq. 8-4 with the strain at centroid computed from Eq. 8-8. Note that 

curvature of both wythes is assumed equal as stated earlier.  This concept is illustrated in 

Figure 8-3 (middle profile) for a PC case, in comparison to the NC and FC strain profiles. 

From strain profiles of both wythes, determine the strain discontinuity εsc at every section 

along the panel length.  When integrating this εsc profile along the length, a new relative 
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slip δs profile along the panel length is established as shown in Figure 8-2(9) (this replaces 

that initially assumed in step 2).  As strains along the entire length and depth of each wythe 

are now known, the stresses can be checked using the concrete and reinforcement 

constitutive relationships to determine if the section has cracked or is otherwise getting into 

the non-linear region.  Also, in this step, material failure in either wythe can be detected 

and analysis could be terminated if concrete crushes, steel ruptures beyond yielding or FRP 

ruptures at the end of the linear response. Assuming no failure detected, each layer of the 

cross-section, at each section in the longitudinal direction, is then transformed based on the 

new secant moduli of the materials at their respective strain values. New effective-

transformed section properties, including centroid, area and inertia are then calculated.  

10. Using the revised δs and effective section properties, go to step 3 and repeat the process 

until δs converges (assumed to occur when δs varies no more than 0.5% from the previous 

stage at any given section along the length). At the end of this step, and corresponding to 

the axial load N assumed in step 1, we have obtained the following important profiles along 

the length: moments (step 7), transverse deflection (step 7), longitudinal reinforcement 

strains and concrete strains at extreme fibres of both wythes (step 9) and relative slip of 

wythes (step 10). 

11. Go to step 1 and increase the axial load N to the next level, and repeat the process to 

establish the full panel response, until: (a) stability failure (global buckling) happens (step 

7), (b) material failure occurs in longitudinal reinforcement or the concrete wythes (based 

on strain check in step 9), or (c) shear connection failure takes place based on the bond-slip 

relationship (step 3). 
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8.2.2 Bond-Slip Constitutive Relationships of Shear Connection System 

In the previous section a load-slip relationship was necessary to link the horizontal shear force 

transferred through the shear connection system (insulation and connectors) to the amount of 

relative slip occurring between wythes.  Tomlinson et al. (2015) presented a detailed bond-slip 

model, briefly summarized here. It accounts for both the insulation and either steel or FRP 

connectors inserted normal to the wythe, diagonally, or a combination of both. The bond-slip 

constitutive relationship for insulation (Figure 8-4(a)) is given as follows: 

,  (8-9) 

 

where Vin is the shear flow, Gin is the insulation shear modulus, X is the insulation thickness 

between wythes, Ain is the area of foam subject to shear (equal to panel width, b, times a unit 

length, dx), δs is the applied slip, and fu,in is the tensile strength of insulation. Connectors inserted 

normal to the wythe (Figure 8-4(b)) contribute a shear force through dowel action Vdw as follows: 12 4
 (8-10) 

 

where Esc is the connector modulus of elasticity, Isc is the connector moment of inertia, φ is 

connector`s diameter, fy is the yield strength of steel (for FRP connectors, it can be replaced by 

compressive strength of FRP, taken as 30% of its tensile strength (Mirmiran et al. 2001)).  

Diagonal steel connectors (Figure 8-4(c)) oriented to be in tension contribute through both truss 

and dowel action a total shear force Vax as follows: 

tan tan tan 12 cos sin 4
 (8-11) 

 

where θ is the angle between the connector and the direction normal to the wythe, θ’ is the 

adjusted angle under a slip δs, Lsc is the original connector length and Asc is the connector area.  

Diagonal FRP connectors in tension contribute a total shear force Vax as follows:   



 

 

 

213

tan 3 sin 12 cos  

where tan 3 0.083 13.6 340  
(8-12) 

 

where le is the embedment length of diagonal connector and C is the concrete cover to the centre 

of the bar. Eq. 8-12 includes the upper limit for embedment. 

8.2.3 Material Constitutive Relationships 

The model also uses material constitutive relationships (Figure 8-5) for concrete and 

reinforcement including the effects of cracking and nonlinearity in concrete and plasticity in steel, 

as follows: 

8.2.3.1 Steel reinforcement 

The model assumes that the behaviour under tension and compression is equal. The stress, fs, at 

strain, εs, is modeled with a bilinear curve as follows: 

for  (8-13) 

for  (8-14) 

 

where fy, and εy are the yield stress and strain, respectively, Em is the post-yield modulus of the 

steel accounting for strain hardening, and εsu is the rupture strain. 

8.2.3.2 FRP reinforcement: 

The contribution of FRP in compression was ignored (ACI 2006). In tension, FRP is assumed 

linear as follows: 

for ,  (8-15) 
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where ffrp is the stress at strain εfrp, Efrp is the modulus of elasticity and εu,frp is the rupture strain.  

8.2.3.3 Concrete 

Concrete is modeled using the stress-strain curve presented by Thorenfeldt et al. (1987). In 

compression, the concrete stress, fc, at strain, εc, is given by: /1 /  (8-16) 

 

where fc’ is the concrete strength in compression, εc’ is the strain at fc’, n is a factor equal to 

0.8+fc’/17, and k is a factor equal to 0.67+fc’/62. The crushing strain, εcu, is taken as 0.003. 

Concrete in tension assumed to be linear-elastic until the modulus of rupture, 0.6  [CSA 

A23.3-04] is reached at a strain of εcr: 

for  (8-17) 

 

where concrete elastic modulus, Ec, is calculated using CSA A23.3-14 as: 33006900 /2300 . , where γc is the concrete density in kg/m3. Tension stiffening after 

cracking (Collins and Mitchell, 1997) was modeled as follows where α1 = 0.7 for bonded bars 

and α2 = 1.0 for monotonic loading: 

for 1 500  (8-18) 

8.3 Model Verification 

The analytical model was compared to test results from two experimental programs run by the 

authors on single storey axially loaded panels without solid concrete connections (Tomlinson and 

Fam 2015a, Tomlinson and Fam 2015b). These were the only experimental studies found in 

literature on axially loaded sandwich panels loaded through a single wythe as most studies 

generally focus on assessing the degree of composite action in flexure only. The panel 



 

 

 

215

dimensions and material properties are summarized in Figure 8-6 and Table 8-1, respectively. 

The structural wythe of the panel has integrated webs spaced transversely at 600 mm. These webs 

add to the capacity of the structural wythe and reduce the shear transfer length of the shear 

connectors. The first program (Tomlinson and Fam 2015a) used steel connectors and 

reinforcement while the second (Tomlinson and Fam 2015b) used BFRP connectors and 

reinforcement. In both programs, axial loads were applied at mid-depth of the 150 mm deep 

header and footer of the structural wythe (Figure 8-6 (b and d)), up to pre-designated axial load 

levels. Except for panels AX and A4 (Table 8-1), which were axially loaded to failure, the 

remaining panels were then laterally loaded in flexure to failure, which is a condition not 

addressed in this chapter. 

The axial load-deflection response of the model is compared to the response of the presented 

tests in Figure 8-7 and Table 8-2. For comparison, Figure 8-7 also includes theoretical lines for 

fully composite (FC) and fully non-composite (NC) panels developed using the model. Note that 

the centroids of the section for the NC and FC cases are in opposite directions from the applied 

load, hence, the panel deflections occur in two opposite directions. The model shows good 

agreement with the experimental responses in Figure 8-7. The average difference in deflection at 

the peak axial load was -9.7% (i.e. deflections were slightly underestimated in the model) with a 

standard deviation of 17.7%. As for ultimate strength predictions, only specimens AX and A4 

were experimentally loaded to failure and therefore the complete prediction is also shown in 

Figure 8-7. It can be seen that ultimate load varied by an average of 6.1%. The correct failure 

mode of concrete crushing was also predicted.  
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8.4 Parametric Study 

8.4.1 Key Parameters 

The model was used to conduct a comprehensive parametric study to investigate the effect of key 

parameters on the axial load-lateral deflection response of the panel, namely, a) shear connection 

system properties (connector material, diameter, spacing, and insertion angle, and insulation shear 

modulus), and b) panel slenderness in terms of its height.  Figure 8-8 shows the typical panel and 

cross-section used in the study. The baseline panel is assumed to be 3000 mm tall, pin-ended, and 

reinforced with steel welded wire reinforcement with the same areas and locations used by 

Tomlinson and Fam (2015a) (see Figure 8-6(a)). The reinforcement yield, fy, and ultimate, fsu, 

strengths are taken as 585 and 660 MPa respectively; the reinforcement modulus is taken as 200 

GPa. Concrete used in the panel is assumed to be normal density with a compressive strength of 

50 MPa. Axial load is applied at mid-depth of the structural wythe (i.e. 75 mm from the outer 

face of structural wythe). The axial load-midheight deflection, failure mode, and degree of 

composite action by strength, κu (Eq. (8-19)), are evaluated for each parameter.  

, ,, , 100% (8-19) 

 

where Nu,PC the ultimate load of the partially composite panel, Nu,NC is the non-composite ultimate 

load of the panel, and Nu,FC is the fully composite ultimate load of the panel. 

8.4.1.1 Connector material 

Two materials are considered: steel and BFRP. Steel connectors are assumed to have fy = 585 

MPa, fsu = 660 MPa, and Es = 200 GPa while BFRP connectors are assumed to have fu,frp = 1100 

MPa and Efrp = 70 GPa.  
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8.4.1.2 Connector diameter 

Connector diameters, φ, of 4, 6 (baseline), 8, and 10 mm were investigated. These diameters are 

representative of those found in the literature. 

8.4.1.3 Connector spacing 

Connectors were spaced such that the outermost connectors are 100 mm away from the panel 

ends. Panels with connector spacing, s, of 560 (baseline), 400, 310, and 215 mm were 

investigated. 

8.4.1.4 Connector insertion angle 

The effect of connector angle, θ, of the inclined part of the connector was studied with connectors 

inserted at 0° (dowel contribution dominates) 30°, 45° (baseline), and 60°. These angled 

connectors are in addition to the connector inserted normal to the wythe (i.e. at 0°). 

8.4.1.5 Insulation shear modulus 

Insulation modulus, Gin, varies with density. Stiffnesses of 3.0, 5.0 (baseline) and 7.0 MPa were 

considered. The insulation was also modeled with Gin = 0 for each parameter, allowing the 

contribution of the connectors alone to be investigated. 

8.4.1.6 Panel length 

The effect of the panel length, L, varied from 2 to 9 m, was investigated to study the effect of 

slenderness. This range covers the transition from single storey to multistorey panels. Each length 

used the same shear connector spacing (560 mm), angle (45°), and diameter (6 mm) as the 

baseline panel. 
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8.4.2 Results of Parametric Study  

8.4.2.1 Full and non-composite panels 

The theoretical response of fully composite (FC) and fully non-composite (NC) panels is shown 

in Figure 8-9 to 12. NC panels have an initial eccentricity of 35 mm (deflection occurs towards 

the structural wythe) and high slenderness ratio (kL/r = 92 for the 3000 mm long panel), leading 

to large deflection even under low axial loads. NC panels fail by the concrete crushing in the 

structural wythe web at a load of 559 kN, 27% that of the structural wythe’s pure axial 

compression capacity. FC panels have an initial eccentricity of -55 mm (deflection occurs 

towards the facade). Although the eccentricity is larger than the NC case, the much lower 

slenderness ratio of the FC panel (kl/r = 29) means that deflections under the same axial load are 

much lower than the NC panel. FC panels are expected to fail by concrete crushing at the exterior 

face of the structural wythe under a force of 2590 kN, 5.28 times that of the non-composite case 

and 67% of the section’s pure axial compression capacity. 

8.4.2.2 Effect of connector material 

The effect of connector material can be seen by comparing the top and bottom plots in Figure 8-9 

to 12. Regardless of insulation was bonded or not (discussed next), each panel had two distinct 

events over the course of axial loading: connector failure then panel failure. For steel connectors, 

the connectors yield (denoted as ‘b’ in Figure 8-9 to 12); yielding does not suddenly affect 

response but limits further increases in the longitudinal shear transfer, VL, through the connectors, 

limits the effective panel stiffness (proportional to VL) and prompts higher deflections from 

slenderness effects. Panels with BFRP connectors initially fail by connector rupture (of smaller 

connectors, denoted as ‘c’ in Figure 8-9 to 12) or pullout (of larger connectors, denoted by ‘d’ in 

Figure 8-9 to 12). BFRP connector failure causes a sudden decrease in VL, reducing the effective 
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panel stiffness and greatly increasing deflection. In some cases, this sudden increase in deflection 

causes panel failure immediately after the connector fails.  

Under the same shear connection reinforcement ratio (ρv = nAsc/bL) where n is the number of 

connectors, panels with BFRP connectors were found to have 77-97% of the capacity of panels 

with steel connectors. Despite BFRP having higher tensile strength, the lower stiffness of the 

material leads to higher deflections from slenderness effects (i.e. lower Ieff and VL). This is further 

compounded for larger connectors that failed by pullout as their tensile capacity is not reached. 

Regardless of connector material, the 3 m long panels failed by concrete crushing at the web 

(denoted as ‘a’ in Figure 8-9 to 12). Longer panels saw different failure modes, as discussed later. 

8.4.2.3 Effect of insulation bond 

The effect of the insulation bond on resistance is shown by comparing the left (bonded) and right 

(unbonded) sides of Figure 8-9 to 12. The insulation contributes a substantial degree to composite 

action. For instance, for a panel without connectors (i.e. only the insulation bond transfers VL), a 

composite action, κu, of 31% is achieved. For comparison, the baseline connector layout with 

unbonded insulation, κu values were 31% for steel and 24% for BFRP connectors. As the 

insulation bond’s effectiveness in the long term is a matter of debate as repeated freeze-thaw 

cycles may cause it to fail (PCI 2011), it is recommended that bonded behaviour only be 

considered at installation while unbonded behaviour is considered in the long term, unless the 

bond can be guaranteed over the life of the structure. The insulation contribution to panel 

response becomes less apparent as the shear connectors stiffness is increased (i.e. by providing 

more or larger connectors), as discussed next. 

8.4.2.4 Effect of connector diameter 

The influence of shear connector diameter, φ, on panel response is shown in Figure 8-9 while the 

effect of φ on composite action, κu, is shown in Figure 8-13(a). Increasing diameter increases the 
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panel’s effective stiffness as VL is higher under the same axial load. The peak load, and thus κu, 

then generally increases as reductions from slenderness effects are reduced. With steel connectors 

and small diameter BFRP connectors (governed by rupture, denoted by ‘c’ in Figure 8-9), κu 

increases essentially linearly with diameter.  

For larger BFRP connectors governed by pullout (‘d’ on Figure 8-9), there is a shift in 

failure modes and response. At larger diameters, failure of the first connector occurs at lower 

axial load and at smaller out-of-plane deflections than with smaller connectors. This occurs as the 

axial stress in the inclined BFRP connectors at failure decreases as diameter increases due to 

pullout failure. Though the connector itself can still take higher loads, increasing linearly with 

diameter rather than area, the connector is subject to much higher shear forces under the same 

axial load as stress is no longer relieved through lateral deflections in the panel. As pullout begins 

to govern, panel failure occurs immediately after connector failure. This transition causes a slight 

decrease in κu versus diameter (Figure 8-13(a)). κu increases again once the remaining connectors 

have enough capacity to resist failure immediately after the end connector fails. This failure mode 

is advantageous as it provides more warning than the case of panel failure immediately after 

connector failure. As diameter increases, the contribution to resistance from the insulation bond 

(difference between the unbonded and bonded lines in Figure 8-13 (a)) decreases as the 

connectors take a higher share of the applied load. 

8.4.2.5 Effect of connector spacing 

Varying the shear connector spacing generally has similar effects to changing the connector 

diameter (see Figure 8-10). However, as the connector failure mode is dependent on diameter 

rather than quantity, the change in failure mode and the dip in κu seen when changing diameter 

(Figure 8-13(b)) was not observed. Across all cases, κu increases as the connector spacing 

decreases. This increase is non-linear as connector spacing is not directly proportional to 
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connector number. At the same ρv, diameter is more effective than spacing at increasing ultimate 

loads for panels with steel connectors, as higher VL values are obtained along the panel length. 

With BFRP connectors, however, varying spacing is more effective than varying diameter at 

increasing capacity as the connector failure stress decreases as diameter increases (because of the 

change in failure mode from rupture to pull-out), offsetting the gain in VL from larger connectors 

seen with steel connectors. Similar to diameter, with high ρv and BFRP connectors, there are two 

stages of failure (connector failure does not almost immediately cause panel failure) giving more 

warning. The connectors need to be closely spaced for this to occur (< 215 mm for unbonded or 

<310 mm for bonded insulation) so this transition is more likely to occur if using closely spaced 

truss-type connectors. 

8.4.2.6 Effect of connector insertion angle 

Increasing shear connection angle increases the stiffness and generally the strength of the panel 

assembly (see Figure 8-11 and 13(c)). The effect of the insertion angle decreases as the angle 

increases but highlights how much more efficiently ‘truss action’ is at transferring VL than ‘dowel 

action’. For instance, a panel with unbonded insulation and connectors inserted normal to the face 

(θ = 0° and dowel action dominates VL) has very low stiffness and strength (κu ~5% for both steel 

and BFRP, see Figure 8-13(c)). For the baseline case (θ = 45°), stiffness and strength are 

substantially higher (κu = 24-26%) despite the shear connector area being the same. 

At small angles, the connectors deform more before failure, which leads to panel failure 

prior to connector failure. At large angles, the increase in embedment length, le, makes connector 

yielding or rupture more likely. This indicates that pullout is of most concern at intermediate 

angles (for BFRP connectors, this was observed at 30° and 45°). 

  



 

 

 

222

8.4.2.7 Effect of insulation shear modulus:  

Beyond the general effect of the insulation bond discussed earlier, the impact of changing Gin was 

also studied (Figure 8-12 and Figure 8-13(d)). Figure 8-12 shows how much effect the insulation 

bond has on response and how axial response changes if the insulation debonds. Regardless of 

connector material, increasing Gin has similar effects to changing connector spacing on the 

response and peak loads of the panels.  

8.4.2.8 Effect of panel height (slenderness) 

The impact of panel height on axial load-deflection relationships is shown in Figure 8-14. The 

variation of peak load with length for each case is shown in Figure 8-15, and the effect of panel 

length on degree of composite action is shown in Figure 8-16. Despite having the same shear 

connector layout, the panels have very different responses depending on their length, most 

apparent being the change in the deflection direction at higher lengths. 

The length effect is illustrated schematically in Figure 8-17 for a case of unbonded insulation 

for simplicity of the illustration. Under axial loads, VL accumulates along the panel length from 

the shear transfer mechanism. This accumulation is gradual through insulation and is sudden 

through connectors (hence, the step-wise distribution of VL in Figure 8-17). Higher VL values 

increase the effective moment of inertia of the panel, Ieff, at that point along the panel length. This 

means the panel effective centroid shifts closer to the FC centroid as VL increases. For the given 

loading case in this study (load applied between the NC and FC centroids), the eccentricity shifts 

directions from one side of the load to the other side as composite action increases. This leads to 

short panels deflecting towards the NC side and long panels deflecting towards the FC side (see 

Figure 8-14). The critical panel length at which this transition occurs depends on the shear 

connection stiffness (connector size, material, and foam bond effectiveness). For instance, for 

panels with bonded insulation and steel shear connectors, the transition is at panel length between 
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4 and 5 m while in panels with BFRP connectors and unbonded insulation, the transition is 

between 7 and 9 m. At lengths near the transition point, deflections are minimal as the effective 

centroid balances out with the loading point. This lasts until non-linearity (from connector 

yielding, failure, or non-linearity in the concrete), at which point deflections increase greatly. As 

the panel length increases, it becomes more likely that failure is governed by loss of stability 

(panel fails before concrete crushes) as the slenderness ratio becomes very high. 

Figure 8-15 shows that the ultimate load of the panels approach that of the FC case as panel 

length increases. Also, consistent with this, Figure 8-16 shows that κu increases with panel length. 

The increase is large at first but levels off at high lengths as VL near midspan reaches VL,FC and 

limits further increases. For instance, in panels with steel connectors κu is essentially the same 

whether the insulation is bonded or not once VL,FC is reached at midspan at lengths around 6 m 

(Figure 8-16 (a)). Although composite action increases with panel length, the load capacity 

decreases with length due to the increase in slenderness (Figure 8-15).  

8.5 Chapter Summary and Conclusions 

A numerical model was developed to predict the response of partially composite load-bearing 

precast concrete sandwich panel systems under axial loads applied to the structural wythe at any 

eccentricity. The model accounts for material non-linearity and cracking of concrete and 

plasticity of steel reinforcement and can also model FRP connectors. Non-linear geometry is also 

accounted for with regard to second-order effects in slender panels. The model is capable of 

simulating partial composite action between the structural and façade wythes resulting from 

various configurations of insulation and shear connectors, including diagonally oriented 

connectors. The model calculates several full structural responses, including load-lateral 

deflection and load-relative wythe slip responses. A variety of failure modes can be detected, 

including concrete crushing, flexural yielding, connectors yielding, pullout or rupture, and 
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stability failures. Progressive failure of connectors and its impact on load-deflection curve is also 

detected. The degree of composite action can be calculated.  The model was verified against 

experimental data and used to conduct a comprehensive parametric study focusing on the impact 

of the shear connection system in terms of connectors’ diameter, spacing and insertion angle and 

insulation stiffness as well as panel slenderness, on behaviour under axial load. The following 

conclusions are drawn: 

1. The presented analytical model agrees well with the load-deflection relationships observed 

through experiments. Deflection at peak loads differed by an average of 9.7% while peak 

loads differed by an average of 6.1%. 

2. Without any connectors at all, 31% composite action can be achieved using just the 

insulation bond. This bond contribution reduces as shear connectors ratio increases but 

unless bond durability of insulation is guaranteed, it cannot be counted on beyond 

installation. 

3. BFRP connectors are more prone to pulling out as connector diameter increases. There is a 

range of sizes where this creates a decrease in capacity relative to smaller bars that fail by 

rupture. 

4. For BFRP connectors, high connectors’ reinforcement ratios give warning of failure as the 

panel can recover and reach higher loads after failure of the outermost connectors. 

5. For the same connectors’ reinforcement ratio and with unbonded insulation, connectors 

inserted normal to the panel face have 55-63% the capacity of those inserted at a 45°, 

highlighting that truss action is a more efficient means of transferring longitudinal shear 

than dowel action.  

6. The degree of composite action is greatly affected by the length of the panel. Longer panels 

act more compositely as there is higher level of shear transfer through the wythes at mid-
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height than in shorter panels with the same connector layout. However, the overall panel 

axial capacity decreases with length as slenderness effects become greater. 
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Table 8-1: Material properties for comparison panels 

Property Tomlinson and 
Fam, 2015a 

Tomlinson and 
Fam, 2015b 

Span, mm 2640 2640 
Concrete strength, MPa 58-70 62-69 
Reinforcement stiffness GPa 196 70 
Reinforcement yield strength, MPa 603 -- 
Reinforcement ultimate strength, MPa 651 1100 
Connector Material Steel BFRP 
Connector stiffness, GPa 196 70 
Connector cross-sectional area, mm2 32 28 
Connector ultimate strength, MPa 651 1100 
EPS Insulation shear stiffness, MPa 5.6 5.6 

 
 

Table 8-2: Comparison of model and test deflections under specified axial loads 

Study Specimen 

Test Date 
Concrete 
Strength, 
fc’, MPa 

Axial 
Load, 

kN 

Load 
Eccentricity 
Shift, mm 

Test 
Midspan 

Deflection, 
mm 

Model 
Midspan 

Deflection, 
mm 

Difference, 
% 

Tomlinson 
and Fam 
(2015a) 

C1 63 166 3.0 0.44 0.53 17.0 
C2 58 290 2.8 0.80 0.82 2.4 
C3 62 589 1.0 1.88 2.07 9.2 
AXa 61 787 14.7 7.61 6.05 -25.8 

Tomlinson 
and Fam, 
(2015b) 

A1 62 150 -0.2 0.70 0.56 -25.0 
A2 69 296 0.2 1.70 1.44 -18.1 
A3 65 601 0.6 3.51 3.27 -7.3 
A4a 64 896 3.7 8.64 6.64 -30.1 
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Figure 8-1: Load bearing precast panel under axial load 
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Figure 8-2: Axial load program methodology 
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Figure 8-3: Strain profiles of full, partial, and non-composite sections under axial load 
illustrating how εsc is determined. 

 

Figure 8-4: Shear connection transfer mechanisms (a) through foam (b) through connector 
dowel action (c) through connector truss action. 
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Figure 8-5: Constitutive relationships of materials 

 

Figure 8-6: Panel cross sections from verification tests (a) Steel-reinforced panel cross 
section, (b) Steel-reinforced panel side view, (c) BFRP-reinforced panel cross-section, and 
(d) BFRP-reinforced panel side view. Note: reinforcement areas correspond to the façade, 

structural wythe rib, and structural wythe flange respectively 
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Figure 8-7: Axial load-midspan deflection comparison between test, model, fully composite, 

and fully non-composite panels. 

 

 

Figure 8-8: Parameters used in study (a) elevation view (b) panel cross-section. All 
dimensions in mm. 
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Figure 8-9: Effect of connector diameter on axial load-lateral deflection responses of (a) 
panels with steel shear connectors and bonded insulation, (b) panels with steel shear 

connectors and unbonded insulation, (c) panels with BFRP shear connectors and bonded 
insulation, and (d) panels with BFRP shear connectors and unbonded insulation. Sudden 

increases in deflection arise in (c) and (d) from shear connector failure. 
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Figure 8-10: Effect of connector spacing on axial load-lateral deflection responses of (a) 
panels with steel shear connectors and bonded insulation, (b) panels with steel shear 

connectors and unbonded insulation, (c) panels with BFRP shear connectors and bonded 
insulation, and (d) panels with BFRP shear connectors and unbonded insulation. 
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Figure 8-11: Effect of connector insertion angle on axial load-lateral deflection responses of 
(a) panels with steel shear connectors and bonded insulation, (b) panels with steel shear 

connectors and unbonded insulation, (c) panels with BFRP shear connectors and bonded 
insulation, and (d) panels with BFRP shear connectors and unbonded insulation. 
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Figure 8-12: Effect of insulation shear contribution on axial load-lateral deflection 
responses of (a) panels with steel shear connectors (b) panels with BFRP shear connectors. 
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Figure 8-13: Connector effects on composite action (a) effect of connector diameter, (b) 
effect of connector spacing, (c) effect of connector insertion angle, and (d) effect of 

insulation shear stiffness. 
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Figure 8-14: Effect of panel length on axial load-lateral deflection responses of (a) panels 
with steel shear connectors and bonded insulation, (b) panels with steel shear connectors 
and unbonded insulation, (c) panels with BFRP shear connectors and bonded insulation, 

and (d) panels with BFRP shear connectors and unbonded insulation. 
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Figure 8-15: Effect of panel length on ultimate load (a) steel connectors (b) BFRP 
connectors. 
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Figure 8-16: Effect of panel length on composite action (a) steel connectors, (b) BFRP 
connectors. 
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Figure 8-17: Illustration of the impact of panel length on composite action and deflection 
direction. 
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Chapter 9 

Analytical Approach to Flexural Response of Partially Composite 

Insulated Concrete Sandwich Walls used for Cladding7 

9.1 Introduction 

Insulated concrete wall panels (also known as sandwich panels) are commonly used as exterior 

members in building construction. Insulated panels are typically composed of two relatively thin 

(50-150 mm) precast concrete wythes that surround a layer of rigid foam insulation. Shear 

connectors provide structural continuity between the wythes. Relative to other wall assemblies, 

insulated panels are advantageous as they combine structural, thermal, and architectural 

properties into a single unit (PCI 2011).  

Panels are classified based on their degree of composite action (amount of longitudinal shear 

force transferred between wythes). Fully composite (FC) walls have complete shear transfer 

(wythes act as one unit) while non-composite (NC) walls have zero shear transfer (wythes act 

independently). Panels with shear transfer between these extremes are partially composite. 

Relative to non-composite panels, fully composite panels are advantageous as they achieve 

design loads with less material, but as they are more subject to bowing, some designers prefer 

non-composite walls (PCI 1997). The flexural behaviour of fully and non-composite walls can be 

predicting using approaches available in reinforced concrete design codes. Predicting partially 

composite wall behaviour is more cumbersome as the shear transfer between the two wythes 

                                                      

7 Manuscript under review: Tomlinson, D.G, and Fam, A. (2015) “Analytical Approach to Flexural 
Response of Partially Composite Insulated Sandwich Walls used for Cladding.” Engineering Structures. 
Submission date: July 29, 2015, under review. 
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through the insulation and the connectors needs to be accounted for accurately (PCI 2011, Bai 

and Davidson 2015). 

Steel or Fibre Reinforced Polymers (FRP) shear connectors are commonly used. FRP is 

beneficial as its low thermal conductivity relative to steel allows for walls with higher thermal 

efficiency. Generally, low degrees of composite action are provided from pin-type connectors 

(Woltman et al. 2013, Pessiki and Mlynarczyk 2003) while higher degrees are provided from 

continuous truss-type connectors (Salmon and Einea 1995, Bush and Wu 1998), FRP grid 

(Hassan and Rizkalla 2010), or by using solid concrete regions (Pessiki and Mlynarczyk 2003). 

The insulation (typically Expanded (EPS) or Extruded (XPS) polystyrene) contributes a non-

negligible amount to composite action with higher composite action coming from EPS (Kim and 

You 2015). However, the long-term performance of the insulation contribution is a matter of 

debate as the insulation-concrete bond may fail after repeated freeze-thaw cycles (PCI 2011). 

Allen (1969) presented comprehensive approaches to designing sandwich elements with 

focus on members with linear-elastic skins (e.g. FRP) commonly used in aerospace applications. 

Bush and Wu (1994) modified Allen’s work to incorporate the added shear stiffness from truss 

connectors while Salmon and Einea (1995) used a similar approach to evaluate thermal bowing in 

panels. Both techniques work well for truss connectors in linear-elastic conditions only. Bai and 

Davidson (2015) developed a discrete model to define pre-cracking behaviour of sandwich 

panels. Their model isolates flexure and shear deformations with reasonable accuracy until 

cracking. Pantelides et al. (2008) used a truss analogy to model insulated panels with GFRP shell 

connectors. This model created a bilinear response based on yielding of the longitudinal 

reinforcement. Naito et al. (2012) used idealized load-slip relationships from double shear push 

through tests to predict shear deformation and partial composite behaviour. Though these 

relationships provided reasonable degrees of accuracy, they are based on test results and are thus 

not fully independent. 
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This chapter presents a robust numerical model which predicts the complete behaviour of a 

partially composite insulated concrete panel in flexure. The model accounts for concrete cracking 

and nonlinearity, both steel and FRP shear connectors of various diameters, spacing and insertion 

angle, various failure modes including connectors yielding, rupture or pullout, and the load-slip 

constitutive relationships of the insulation and connectors. The model is verified against results 

from five experimental programs. A comprehensive parametric study is then conducted focusing 

on the impact of varying shear connector properties on the flexural load-deflection relationships, 

failure modes and the degree of composite action. 

9.2 Model Development 

The flexural response of partially composite insulated concrete wall panels was modeled using 

software developed with MATLAB along with previously defined constitutive relationships. 

Though the components are not unique, the application of load-slip relationships to evaluate shear 

deformation is novel.  The analytical procedure and development of the model are described in 

this section. The model involves a number of key components, namely: material constitutive 

relationships, shear connection mechanisms, moment-curvature responses of the wythes, and 

developing load-deflection and load-slip relationships for the panel system in flexure, where slip 

is the relative longitudinal displacement between the two wythes and reflects the degree of 

composite action. The model is developed for two wythe non-prestressed wall panels subject to 

symmetrical transverse loading. The model assumes that plane sections remain plane within the 

individual wythes and that curvatures in both wythes are equal at a given load stage. 

9.2.1 Constitutive Relationships 

The model is based on the following concrete and reinforcement relationships (Figure 9-1(a)). 
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9.2.1.1 Concrete 

Concrete is modeled with the Thorenfeldt et al. (1987) stress-strain curve. In compression, the 

concrete stress, fc, at a strain, εc, is given by Eq. (9-1). /1  (9-1) 

where fc’ = concrete compressive strength, εc’ = the concrete compression strain at fc’, n = 

0.8+fc’/17, k = 0.67+fc’/62. The maximum εc, εcu is taken as 0.003, at which point the concrete 

crushes and is no longer able to take load. In tension, concrete was modeled as being linear-

elastic until cracking (Eq. (9-2)). After cracking, fc was modeled to account for tension stiffening 

using Collins and Mitchell (1997) (Eq. 9-3). 

For        (9-2) 
 

For        (9-3) 

  
where fcr = concrete cracking strength taken as fcr = 0.6 'cf [CSA A23.3-04] (CSA 2004). This is 

related to the rupture strain, εcr, as fcr=Ecεcr. α1 and α2 are factors accounting for the bond 

characteristics and loading nature. α1 is taken as 0.7 (bonded reinforcement) while α2 taken as 1.0 

(monotonic loading). The concrete elastic modulus, Ec, was calculated from CSA A23.3-04 (Eq. 

(9-4)), where γc is the concrete density in kg/m3. 

3300 6900 2300 .
 (9-4) 

9.2.1.2 Steel Reinforcement 

The model addresses two types of steel reinforcement often used in wall panels: welded wire 

reinforcement (WWR) and standard rebar (Figure 9-1(b)). Both materials were modeled with a 

bilinear curve hinging on the steel yield stress, fy, and strain, εy. The responses in tension and 
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compression were assumed equal. The steel stress, fs, at strain, εs, is found within the elastic range 

using Eq. (9-5). 

For      (9-5) 
 

After yielding, rebar was assumed to remain perfectly plastic, as shown in Eq. (9-6). 

For      (9-6) 
 

For WWF, strain hardening is observed immediately after yielding. The performance until the 

steel ultimate strain, εsu, was modeled using Eq. (9-7). 

For        (9-7) 
 

where Em is the post-yield modulus of the steel accounting for strain hardening, equal to the slope 

between yielding and ultimate. 

9.2.1.3 FRP Reinforcement 

When FRP bars are used, in lieu of steel reinforcement, the tensile stress-strain relationship for 

FRP was taken to be linear-elastic to failure (Eq 9-8, Figure 9-1(c)). The FRP bar capacity in 

compression was ignored. 

For ,      (9-8) 
 

where ffrp = FRP stress, Efrp = FRP elastic modulus, εfrp = FRP strain.  

9.2.2 Shear Connection Bond-Slip Behaviour 

Independent load-slip relationships were developed for the connectors and insulation, 

respectively (Figure 9-2), based on the processes outlined in Tomlinson et al. (2015). The model 

provides a relationship between the shear flow (force per unit length) carried by insulation Vin, 

(Figure 9-2(a)) and the slip δs as follows: 

(9-9) 
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Similarly, the model provides a relationship between the shear forces carried by the connector 

through dowel action Vdw, (Figure 9-2(b)) or combined dowel action and truss action Vax, (Figure 

9-2 (c)) and the slip δs as follows: 

(9-10) 
 

(9-11) 
 

Slip compatibility between the insulation and connectors is maintained. A summary of these 

bond-slip relationships and the associated failure modes is provided in section 9.6 for 

convenience. The outcome of this model is a load-slip curve for insulation only (Vin-δs), which is 

linear and another curve for the connector only (Vax or (Vdw)-δs), which is slightly non-linear due 

to the change in angle of the diagonal connector. For FRP, this part of the curve ends by failure of 

the connector, while for steel this is followed by a plastic plateau. These curves will be 

incorporated in the model as discussed later. 

9.2.3 Moment-Curvature Responses 

The moment-curvature response of a partially composite (PC) panel falls in between that of a 

lower bound non-composite (NC) system where no shear transfer occurs between the two wythes, 

and that of a fully-composite (FC) system, where full shear transfer occurs (Figure 9-3).  This 

section introduces the process of development of the moment-curvature relationships of the 

sandwich panel (Figure 9-3) to determine the flexural deflection, δ, and wythes’ relative slip, δs, 

as follows: 

1. First, the panel cross sectional and material properties are defined. Then, the cross section 

is discretized into numerous layers over its depth with each layer taking the properties of 

the materials passing through it (i.e. concrete and reinforcement). 

2. An increment of curvature, ψ, is applied to the section and for the NC case, neutral axes 

(one each for the façade and structural wythes) are assumed. Curvature in the structural 
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wythe (ψs) and facade (ψf) are assumed to be equal (i.e. wythes have equal deflected 

shapes and the insulation does not deform transversely). For the FC case, the two wythes 

are treated as one section with a single neutral axis as in conventional reinforced concrete 

analysis. 

3. Knowing curvatures and location of neutral axes for the NC (or single axis for FC) allows 

the strain, εci (concrete) and εRi (reinforcement) to be determined in each layer, i.  

4. Stresses are found using each material’s previously defined constitutive relationships. 

5. These stresses are converted into forces in the concrete (FCi) and reinforcement (FRi) at 

layer i by multiplying stress by the layer’s area. 

6. The forces are summed and the neutral axis in each wythe of NC system was adjusted in 

the appropriate direction based on the resultant force equilibrium of each wythe. Strain, 

stresses, and forces are then recalculated and this process repeated until the sum of forces 

equals zero in each wythe, indicating that the correct neutral axes are found. For the FC 

case, similar adjustment is made until equilibrium is made around one neutral axis. 

7. Moments were then determined by summing the forces about the top of the panel section 

to provide a global (both wythes’ contribution included) moment resistance for the panel. 

8. At the end of this loading step one point of the moment-curvature responses of the NC 

and FC curves has been obtained. Additionally, for the NC case we obtain the strain 

discontinuity εsc, NC, as the offset of the two strain profiles of the wythes. Also, for the FC 

case we obtain the horizontal shear force transfer between wythes, VL, FC, as the net value 

of all the forces in the top wythe. 

9. Go to step 2, increase curvature, and repeat the process for the next level of curvature. 

After developing the moment-curvature responses of NC and FC panels, partial composite action 

is accounted for by using a force, VL, which represents the longitudinal shear force transfer 

through the insulation layer. VL acts as a compression force on one wythe and a tensile force on 
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the other (Figure 9-3) and is calculated using the shear connection load-slip relationships 

presented earlier, as will be shown in the next section. It acts at a single point between the wythes 

and does not create additional moments on the section. In an NC panel, VL = 0 (i.e. no shear 

transfer) and the two wythes act independently, causing strain discontinuity, εsc, NC, between the 

layers (Figure 9-3). In an FC panel, εsc, FC is zero (i.e. complete shear transfer) and VL reaches the 

upper-bound VL,FC (longitudinal shear required for fully composite action). εsc varies linearly with 

VL from εsc, NC at VL=0 to zero at VL,FC.  On the other hand, the degree of composite action varies 

linearly from zero (NC) at VL=0 to 100% (FC) at VL,FC. This is illustrated in Figure 9-4 (step 5) 

and will be used in the analytical procedure later.  

The moment-curvature of a series of partial composite (PC) sections is determined at each 

curvature stage for a series of VL based on their percentages of VL,FC, as shown in Figure 9-3. In 

this model, every 5% of VL,FC was used for VL to establish the range in PC response. 

9.2.4 Load-Deflection and Load-Slip Responses 

Prior to following the following procedure, the load-slip responses of the shear connection system 

and the family of moment-curvature responses of the panel at various degrees of composite action 

should have been prepared as per the previous sections. To obtain the load-deflection and load-

slip responses of the panel, the following procedure was developed and is also illustrated in 

Figure 9-4 using the same ten steps discussed below: 

1. Discretize the panel along its length and apply a flexural load, F. 

2. Use statics to solve for the panel moment distribution, M, along its length. 

3. Assume a slip, δs, profile along the panel length, with zero value at mid-span in case of 

symmetric loading. The δs profile can either be assumed linear (with an arbitrary 

maximum δs less than that of shear connector failure) or set to that of the previous load 

step. 
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4. Use δs at each point along the panel to determine the longitudinal shear force, VL, 

transferred between the wythes by interpolating δs on the load-slip curves for the 

insulation and shear connectors, developed earlier. The insulation contribution to VL is 

zero at the panel ends and accumulates gradually towards mid-span, whereas the 

connector’s contribution is localized, reflected by the sudden jumps in VL (Figure 9-4, 

step 4).  

5. At each point along the panel length, use the VL value to determine the degree of 

composite action (%PC) and strain discontinuity, εsc, at that point using the linear plots 

discussed earlier and shown in Figure 9-4 (step 5). This results in εsc and %PC 

distributions along the panel length. 

6. Integrate εsc along the panel length to determine a revised slip at each point. As the panel 

is assumed to be loaded symmetrically, δs is zero at mid-span and increases from there to 

the panel ends. 

7. Go to step 4 using this new slip profile, determine new values for VL, %PC, εsc, and δs for 

each point along the panel length. Repeat this process until δs converges (assumed to 

occur when δs varies no more than 0.5% from the previous stage). 

8. For each point along the panel length, find curvature, ψ, by interpolating the applied 

moment, M, on the moment-curvature diagram that corresponds to the specific percent 

composite action (%PC) at that point along the panel. The %PC distribution along the 

length is the final distribution obtained once δs has converged. 

9. Use the moment-area method to determine the panel’s vertical deflection δ profile. At 

this point, we have obtained a point on the load-midspan deflection and load-end slip 

responses of the panel. 
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10. Go to step 1 and increase the load. Repeat the process until the full load-deflection and 

load-slip responses are established. 

9.3  Model Verification using Experimental Results 

The analytical model was verified against a large database of test results of sandwich panels with 

shear connectors from literature. The database consisted of 27 experiments from five different 

studies, namely Tomlinson and Fam (2015), Naito (2011), Kim and You (2015), Benayoune 

(2008), and Einea (1994). These studies cover a variety of panel cross sections, reinforcement, 

and shear connector layout and properties, as shown in Figure 9-5 and summarized in Table 9-1. 

The specimens tested by Tomlinson and Fam (2015) included both complete sandwich panels 

(configuration A in Figure 9-5) and structural wythes only (configuration B in Figure 9-5). Also, 

some panels were tested in positive bending and some were tested in negative bending.  All test 

programs used four-point bending aside from Naito (2011) which used a ‘loading tree’ to 

effectively apply a uniformly distributed load. Due to this loading condition, results from Naito 

(2011) along with their predictions using the model are reported as moments rather than loads. 

The load-deflection responses of the model are compared to the experimental ones in Figure 

9-6 and the peak load comparison is provided in Table 2. Figure 9-6 also includes theoretical 

lines for FC and NC panels developed for each particular case using the model. The model 

generally predicts the responses well with the average difference between experimental and 

analytical ultimate capacities (Table 9-2) being -1% (i.e. the model mostly underestimated 

capacity) with a standard deviation of 13.4%. The range of predicted to experimental difference 

was between -26.8% and 20.6% with an average absolute difference of 11.9%. It predicts the 

response of panels with angled steel shear connectors well. When using FRP connectors, the 

model overestimates the contribution of BFRP connectors to the response (BPF in Tomlinson and 

Fam (2015)) though this may be due to the relatively weak bond between the EPS and concrete 
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observed in that test. The model predicts the response of panels with FRP grid shear connectors 

(PCS3 in Naito (2011) and EPS1-4 in Kim and You (2015)) well. It underestimates stiffness 

when using large pin-type connectors (TS2 and PCS7 in Naito (2011)) as the structural behaviour 

and failure modes of ‘short’ (low span to diameter (X/φ) ratio) connectors is not addressed with 

the model. However, the model predicted the response well in panels with small pin-type 

connectors with high X/φ ratios (TS1 in Naito (2011)). The model overestimates the capacity of 

tests with GFRP trusses (Einea 1992) but this is likely due to issues with the truss fabrication 

causing premature failure unaccounted for in the model. 

9.4 Parametric Study 

The analytical model was further used to conduct a parametric study investigating the impact of 

varying shear connector properties on the flexural load-deflection response of the panel design 

presented in Figure 9-7. The composite action by strength, κu, of the resulting panel (Eq. (9-12)) 

was evaluated for each parameter. 

, ,, , 100% (9-12) 
 

where Fu,PC is the ultimate load of the partially composite panel, Fu,NC is the non-composite 

ultimate load of the panel, and Fu,FC is the fully composite ultimate load of the panel.  

The baseline panel for the study is 3000 mm tall, representing single storey panels. The 

panel is cast with 50 MPa normal density (γc = 2400 kg/m3) concrete with a maximum 

compression strain, εcu, of 0.003. The panel is reinforced with steel welded wire reinforcement 

with Es = 200 GPa, fy = 585 MPa, and fu = 660 MPa. 

Parameters focused on the shear connection system as shown in Figure 9-7. The baseline 

panel uses the same shear connector configuration as Tomlinson and Fam (2015) with discrete 

connectors arranged as pairs (one inserted normal to the panel face and the other inserted at an 
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angle, θ, relative to the other connector (Figure 9-7)). Each parameter related the connectors was 

investigated using steel (Es = 200 GPa, fy = 585 MPa, fu,st = 660 MPa) and BFRP (Efrp = 70 GPa, 

fu,frp = 1100 MPa).  The effect of shear connector reinforcement ratio, ρv, (ratio of total shear 

connectors’ cross-sectional area to panel’s surface area, bL) was studied by adjusting the 

connector’s diameter and spacing. Four connector diameters, ϕ, namely 4, 6 (baseline), 8, and 10 

mm were investigated as these represent the range in connector sizes seen in the literature. Four 

spacings, s, were used: 215, 310, 400, and 560 (baseline) mm. These spacings represent panels 

with 14, 10, 8, and 6 evenly spaced shear connectors with 100 mm remaining at the panel ends 

(see Figure 9-7). The impact of insertion angle, θ, was studied for diagonal connectors, namely 

30, 45 (baseline), and 60°. The effect of altering the insulation shear modulus, Gin, between 3, 5 

(baseline), and 7 MPa was also studied. For each parameter related to the connectors, the 

behaviour was predicted for both cases of active contribution from insulation and inactive 

insulation (i.e. Gin=0) to isolate the connector’s contribution. This inactive insulation case also 

simulates the lower-bound panel strength in case the foam bond completely degrades over time 

due to thermal or loading cycles. 

Figure 9-8 to 11 show the flexural load-deflection curves of the panels for various 

parameters studied while Figure 9-12 summarizes the effect of each parameter on the degree of 

composite action. 

9.4.1 Effect of Connector Material 

Generally, panels reinforced with steel shear connectors are stronger and stiffer than panels 

reinforced with BFRP shear connectors of the same cross-sectional area (compare top and bottom 

plots of Figure 9-8 to 11 and composite action by parameter in Figure 9-12). Though BFRP has a 

higher tensile strength, the lower stiffness of the material relative to steel reduces its contribution 

to VL (Figure 9-4) at a given slip, δs, lowering its contribution to the overall stiffness. The reduced 
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stiffness of the BFRP may be beneficial in some situations as the resulting panel is less affected 

by thermal bowing. The strength of the panel with BFRP shear connectors is generally lower than 

that of steel with equal ρv, as BFRP is expected to pull out at tensile stresses lower than the yield 

strength of steel. The exceptions to this are panels with small connector diameters (i.e. BFRP 

could rupture or pull out at higher stress than steel) and at high ρv values where a high degree of 

composite action is achieved regardless of connector type.   

The peak load was governed by flexure in panels with steel shear connectors. Longitudinal 

reinforcement either ruptured (label ‘b’ on Figure 9-8 to 11) or the concrete web region crushed 

(label ‘c’ on Figure 9-8 to 11). Failure by reinforcement rupture was more likely as the shear 

connection ratio was increased (discussed later). Connectors tended to yield before the 

longitudinal reinforcement when low shear connector ratios were used and vice versa. Yielding of 

the steel connectors allowed for additional energy dissipation and did not decrease the applied 

load. 

Typically, the conditions at the peak load of panels with BFRP connectors indicate a brittle 

behaviour and coincided with either a connector rupture (label ‘e’ on Figure 9-8 to 11) or pullout 

(label ‘f’ on Figure 9-8 to 11), leading to sudden decreases in capacity. Ductility can be achieved 

if sufficient shear connection is provided to prompt yielding of the steel flexural reinforcement 

(label ‘a’ of Figure 9-8 to 11) before BFRP connector failure. This is discussed in detail later. 

9.4.2 Effect of Connector Diameter 

The influence of shear connector diameter on panel response is shown in Figure 9-8 while the 

effect of connector diameter on the degree of composite action is shown in Figure 9-12(a). 

Regardless whether the insulation was bonded or unbonded, increasing connector diameter 

increases stiffness and strength of the system. For both connector materials, this impact is 
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considerably more pronounced in the unbonded cases when the insulation contribution to 

resistance is neglected. 

Whether bonded or unbonded, panels with BFRP exhibit two distinct load peaks. The first 

coincides with failure of the outermost connectors by rupture (4 mm) or pullout (all larger 

diameters). With bonded insulation and BFRP connectors (Figure 9-8(c)), the peak load occurs 

after the first connector failed and tends to coincide with the failure of the second set of 

connectors (second drop in load). Section ductility increases with BFRP connector diameter as 

additional longitudinal reinforcement yielding occurs before peak load at connector failure. With 

unbonded insulation, and BFRP connectors (Figure 9-8(d)), the peak load at connector failure and 

that of flexural failure are very similar. 

The degree of composite action, κu, is shown in Figure 9-12(a). Composite action increases 

with diameter as expected. At small diameters (<6-8 mm), this increase is non-linear and relates 

more to connector area than diameter as they fail by rupture. The increase becomes linear with 

BFRP connectors at larger diameters as the connector failure mode changes to pullout. Figure 

9-12 can be used to estimate the required shear connector diameter required to provide panels 

with a desired ku.  

9.4.3 Effect of Connector Spacing 

Generally, the effect of varying the shear connector spacing (Figure 9-9) on panel strength was 

similar to that of changing the diameter. However, for the same ρv, reducing the connector 

spacing is less effective at increasing stiffness than increasing diameter. This is illustrated in 

Figure 9-13 for two panels with equal ρv (one with smaller diameter but closely spaced 

connectors and one with larger diameter but largely spaced connectors) subject to a linear slip 

profile, δs, along their length (this linear slip was observed during linear-elastic conditions). For 

the purpose of this illustration, insulation bond is not shown.  Because of the connector layout 
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combined with the fact that slip reduces towards mid-span, the panel with larger connectors and 

far spacing will have a higher VL along its length, and hence higher stiffness. 

At ultimate, steel connectors deform plastically and have similar peak loads at the same ρv 

regardless if spacing or diameter are changed (i.e. once all connectors yield, the midspan VL is the 

same if ρv is the same). Closely spaced smaller diameter BFRP connectors have higher peak loads 

than those with larger diameters and the same ρv because small connectors rupture while large 

ones pullout at lower stress. With closely spaced BFRP connectors and unbonded insulation 

(Figure 9-9(d)), failure of the first connector prompts others to fail immediately afterwards. This 

is not observed when using larger connectors or if the foam is bonded (Figure 9-8, Figure 9-9(c)) 

as the remaining connectors and insulation are able to redistribute forces without failing.  

Figure 9-12(d) shows that the degree of composite action increases as spacing decreases. It 

can be seen that a 200 mm spacing for the 6 mm connectors is sufficient to achieve a full 

composite action for the BFRP and steel connectors. In fact if insulation bond is active with steel 

connectors they reach fully composite action, with even a larger spacing of 300 mm. 

9.4.4 Impact of Connector Insertion Angle 

Increasing the connector insertion angle increases both the strength and stiffness of the resulting 

system (Figure 9-10) because the inclined connector is arranged more efficiently to transfer 

longitudinal shear. This increase is generally not as substantial as those seen when changing 

connector spacing or diameter. The exception comes from the 60° BFRP connectors, which saw a 

large increase in ku (see Figure 9-12(c)) relative to the 45° cases. This increase is linked to failure 

mode as the 45° connector pulls out while the 60° connector ruptures. Rupture is more likely in 

the 60° connector as it has a longer embedment length, which increases the pullout resistance of 

the connector. 
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9.4.5 Impact of Insulation Foam Shear Stiffness 

For all parameters discussed so far, comparing the left and right hand sides of Figure 9-8 to 10 

clearly shows that the contribution of the insulation to both stiffness and strength is substantial. 

For instance, when comparing bonded and unbonded panels, κu increases by 2.4 times with the 

baseline steel connectors and 4.6 times with the baseline BFRP connectors.  This contribution 

decreases as ρv increases, showing that connectors take higher levels of the applied VL.  

The insulation bond also affects the panel failure mode. With BFRP connectors, increasing 

the insulation shear stiffness shifts the peak load from being controlled by connector failure to 

being controlled by flexure (Figure 9-11(b)). For both connector materials, increasing the 

insulation stiffness also makes failure by reinforcement rupture more likely than concrete 

crushing. The insulation bond contribution to composite action essentially increases linearly with 

Gin (Fig. 12(d)) until fully composite behaviour is achieved. 

The actual response of a panel in the long term is expected to fall somewhere between the 

fully bonded and fully unbonded cases. The unbonded case is conservative and assumes the 

insulation contributes nothing to shear resistance. Even if the foam is unbonded, some shear force 

will still transfer from friction between the concrete and insulation.  

9.5 Chapter Summary and Conclusions 

A numerical model was developed to predict the flexural response of partially composite precast 

concrete insulated panels. The model was verified against experimental data then used to conduct 

a parametric study focusing on the impact of different aspects of the shear connection system on 

panel response. The following conclusions are drawn from this study: 

1. The presented analytical model agrees well with experimental results in terms of panel’s 

strength and stiffness. For a given connectors design, the model is able to quantify the 
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degree of composite action of the panel. Alternatively, for a desired degree of composite 

action, the model can be used to design the connectors. 

2. Across the investigated parameters, peak loads of panels with BFRP connectors are 

governed by connector failure while peak loads of panels with steel connectors are 

governed by flexure, where the steel mesh ruptures after yielding of the connectors. 

3. Unlike steel connectors, which yield, failure in most of the BFRP connector cases studied 

is by pull-out, due to their inherently higher tensile strength. Increasing pullout resistance 

by increasing embedment length or providing addition anchorage is recommended. 

4. Increasing the shear connection reinforcement ratio by using larger diameter or more 

closely spaced connectors increases the panel’s strength and stiffness significantly. 

Increasing the shear connector insertion angle also increases strength and stiffness but not 

as effectively as spacing or diameter. 

5. The increase in strength and stiffness due to increasing the connectors’ diameter or 

reducing their spacing is much more pronounced when the insulation bond is inactive. 

6. Larger, further apart connectors provide higher stiffness than smaller, closer together 

connectors of the same reinforcement ratio, under linear-elastic conditions. Larger 

connectors are also less likely to have compound failure (i.e. multiple connectors fail 

immediately after the first connector pulls out or ruptures). 

7. At low shear connection reinforcement ratios, panels with BFRP connectors have brittle 

failure modes, by connector pullout or rupture. Increasing the connectors’ reinforcement 

ratio prompts a more ductile failure mode of yielding of the longitudinal steel 

reinforcement. 

8. Across the studied parameters, the insulation contribution is substantial and affects failure 

mode. The insulation contribution decreases as the shear connector reinforcement ratio 

increases.  
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9.6 Summary of Shear Connection Bond Slip Relationships 

Independent load-slip relationships were developed for the connectors and insulation, based on 

the processes outlined in Chapter 5, as follows: 

9.6.1 Insulation 

For panels constructed with EPS, the insulation shear resistance, Vin, (Figure 9-2(a)) was found 

using Eq. (9-13). 

,  (9-13) 
 

where Gin is the insulation shear modulus, X is the insulation thickness between the wythes, Ain is 

the area of foam subject to shear (equal to the panel width, b, times a user-defined section length, 

dx), and δs is the applied slip. Once Vin reaches fu,in Ain, where fu,in is the tensile strength of the 

insulation, the insulation fails by splitting and further contribution is ignored. Insulation 

contribution was ignored in panels constructed with XPS insulation, because of their well-known 

poor bond to concrete. 

9.6.2 Shear Connectors 

Connectors could be installed normal to the plane of the wythes or diagonally at a positive or 

negative angle, or a combination of these configurations, depending on the system.  The shear 

resistance from the connectors normal to wythes is only from dowel action, Vdw, (Figure 9-2(b)), 

while that from a diagonal connector Vax comes from both dowel Vdw plus truss Vtr, actions 

(Figure 9-2(c)). Dowel action was modeled assuming that connectors behave as a fixed-fixed 

beam with differential end displacement, equal to the slip δs. The Vdw is given by (Eq. 9-14). 12
 (9-14) 
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where Esc is the connector modulus of elasticity, and Isc is the connector moment of inertia. The 

maximum value of Vdw based on flexure of a circular section with diameter, φ, is represented by 

Eq. (9-15). 

, 4
 (9-15) 

 

where fy is the yield strength of steel. For FRP connector, it can be replaced by compressive 

strength of FRP, taken as 30% of its tensile strength (Mirmiran et al. 2001).   

For the diagonal connector, the contribution from truss action under a slip δs, is given by Eq. (9-

16). 

tan tan
 (9-16) 

 

Where εac is the axial strain in the connector, given by Eq. (9-17), and θ is the angle between the 

connector and the direction normal to the wythe. tan
 (9-17) 

 

where Lsc is the original angled connector length (Figure 9-2(c)), and Asc is the connector area. 

Connectors in compression were neglected. The dowel action contribution of the diagonal dowel 

is given by Eq. (9-18), where θ’ is the adjusted angle of connector under a slip of δs. 12 cos ′ (9-18) 
 

Diagonal connectors in compression are neglected. For diagonal connectors in tension, failure 

occurs when the yield stress of steel or the ultimate strength of FRP is reached. For steel, since 

elastic-plastic behaviour is assumed, the combined maximum contribution from truss and dowel 

actions (Vax = Vtr+Vdw) can be found from Eq. (9-19).  

, sin 4
 (9-19) 
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For FRP connectors, and for truss action contribution, the total tensile stress, ftr,T including 

combined bending (from dowel action) and axial (from truss action) is found with Eq. (9-20). If 

ftr,T exceeds the ultimate tensile strength fu,frp, for FRP bars, the connector ruptures.  

, tan 3
 (9-20) 

 

Unlike steel connectors which yield before pull-out, FRP connector were shown to be vulnerable 

to bond failure because of their high tensile strength. The peak stress at pullout, ftr,B was 

determined from ACI 440.1R-06 (Eq. 9-21). 

, 0.083 13.6 340  (9-21) 

where le is the embedment length of the angled connector, C is the concrete cover to the centre of 

the bar.  The lowest value from Eq. (9-20) and (9-21) controls the maximum contribution from 

truss action of diagonal FRP connector as follows: 

, min of ( and sin (9-22) 

The maximum total contribution, including dowel action, is then calculated as follows: 

, , 12 cos  (9-23) 
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Table 9-1: Comparison matrix for flexure tests 

Study/ 
Test 
ID 

Wythe 
Config
. (Fig.  
9-5) 

Span, 
mm 

fc’ 
MPa 

Reinforcement 
Properties 

 Shear Connection Properties 

E, 
GPa 

fy, 
MPa

fu, 
MPa Type Mtl. n Esc, 

GPa 
Asc, 
mm2

s, 
mm 

θsc, 
deg 

fu,sc, 
MPa 

Foam 
Type 

 Tomlinson and Fam, 2015 
SPF A 2640 58 196 600 680 Discrete Steel 2 196 32 600 0/45 680 EPS 
HPF A 2640 70 196 600 680 Discrete BFRP 2 70 28 600 0/45 1100 EPS 
BPF A 2640 61 70 -- 1100 Discrete BFRP 2 70 32 600 0/45 1100 EPS 
SSF A 2640 58 196 600 680 Discrete Steel 2 196 32 600 0/45 680 EPS 
SPSa B 2640 63 196 600 680 None -- - -- -- -- -- -- -- 
BPSa B 2640 69 70 -- 1100 None -- - -- -- -- -- -- -- 
SSSa B 2640 62 196 600 680 None -- - -- -- -- -- -- -- 
 Naito, 2011 
TS1d C 3600 34 200 481 739 Discrete GFRP 1 30 270 406 0 827 XPS 
TS2d D 3600 34 200 481 739 Discrete GFRP 1 30 51 406 0 827 XPS 

PCS3d E 3600 58 200 481 739 Grid CFRP 2 234 1.9 45 45 2000 EPS 
PCS7d F 3600 61 200 481 739 Discrete GFRP 1 30 270 45 0 827 XPS 
 Kim and You, 2015 

EPS0 G 3300 38 200 534 634 None -- 0 -- -- -- -- -- EPS 
EPS1 G 3300 38 200 534 634 Grid GFRP 1 40 6.2 50 45 1012 EPS 
EPS3 G 3300 38 200 534 634 Grid GFRP 3 40 6.2 50 45 1012 EPS 
EPS4 G 3300 38 200 534 634 Grid GFRP 4 40 6.2 50 45 1012 EPS 
 Benayoune et al., 2008 
P11 H 2000 22 215 250 250b Truss Steel 3 215 25 90 45 250b EPS 
P12 H 2000 22 215 250 250b Truss Steel 3 215 25 90 45 250b EPS 
 Einea, 1992 

1 I 2310 43 200 500 500b Truss GFRP 1 48 71 140 45 400 EPSc 
A1 I 2310 43 200 500 500b Truss GFRP 1 48 71 140 45 400 EPS 

 a – Panels consist of structural wythe only, no shear connection 
 b – ultimate strength not given, used yield strength 
 c – Foam bond broken with plastic sheet (insulation contribution set to zero in model) 
 d – Three panels tested 

Table 9-2: Model vs. test peak load comparison. 

Study Specimen Test Peak 
Load, kN 

Model Peak 
Load, kN Difference, % 

Tomlinson and 
Fam, 2015 

SPF 99.3 102.6 3.3 
HPF 88.9 94.3 6.1 
BPF 58.6 70.7 20.6 
SSF 72.7 65.1 -10.5 
SPSa 41.4 42.0 1.4 
BPSa 35.7 38.5 7.8 
SSSa 26.3 27.8 5.7 

Naito, 2011 TS1b 11.0 10.4 -6.1 
 8.34 10.4 19.8 
 10.9 10.4 -5.1 

TS2b 13.6 12.4 -9.7 
 13.9 12.4 -12.3 
 13.6 12.4 -9.7 

PCS3b 37.1 31.6 -17.4 
 40.1 31.6 -26.8 
 28.4 31.6 10.0 

PCS7b 31.6 27.7 -14.2 
 33.0 27.7 -19.2 
 26.4 27.7 4.8 

Kim and You, 
2015 

EPS0 74.5 55.4 -25.6 
EPS1 78.5 78.9 0.5 
EPS3 81.5 84.0 3.1 
EPS4 89.0 103 15.7 

Benayoune et al. 
2008 

P11 21.9 23.1 5.5 
P12 24.5 23.1 -5.7 

Einea 1992 1 32.6 39.4 20.1 
1A 40.8 45.7 12.0 

Average -1.0 
Standard Deviation 13.4 

a – Tests run on structural wythe only 
b – Peak values reported as moments in kNm (as test panels were uniformly loaded)  
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Figure 9-1: Constitutive relationships of materials 

 

Figure 9-2: Shear connection transfer mechanisms (a) through foam (b) shear of connectors 
(c) axial deformation of connectors. 

 

 
Figure 9-3: Strain profiles and force distribution for non-, full, and partially composite 

systems used to determine moment-curvature responses. 
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Figure 9-4: Flexural program methodology 
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Figure 9-5: Panel cross-sections from verification tests 

Naito 2011 

Benayoune et al., 2008 

Naito 2011 

Kim and You, 2015 Naito, 2011 

Einea, 1992 

Naito 2011 
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Figure 9-6: Comparison of test and model generated load-deflection curves along with FC 
and NC responses (Note: self-weight is included) 
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Figure 9-7: Parametric study panel (a) cross-section (based on Tomlinson et al. (2014)) and 
(b) elevation view showing parameters. 

 

Figure 9-8: Effect of connector diameter on flexural load-midspan deflection response (a) 
steel connectors, bonded insulation, (b) steel connectors, unbonded insulation, (c) BFRP 

connectors, bonded insulation, and (d) BFRP connectors, unbonded insulation. 
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Figure 9-9: Effect of connector spacing on flexural load-midspan deflection response (a) 
steel connectors, bonded insulation, (b) steel connectors, unbonded insulation, (c) BFRP 

connectors, bonded insulation, and (d) BFRP connectors, unbonded insulation. 
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Figure 9-10: Effect of conenctor insertion angle on flexural load-midspan deflection 
response (a) steel connectors, bonded insulation, (b) steel connectors, unbonded insulation, 
(c) BFRP connectors, bonded insulation, and (d) BFRP connectors, unbonded insulation. 
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Figure 9-11: Effect of insulation shear stiffness on flexural load-midspan deflection response 
(a) steel connectors, (b) BFRP connectors. Note that Gin = 0 is the same as the unbonded 

insulation case. 
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Figure 9-12: Parametric study effect on strength based composite action, ku, (a) Effect of 
connector area, (b) effect of connector spacing, (c) effect of connector insertion angle, (d) 

effect of insulation shear stiffness. 
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Figure 9-13: Shear transfer profile for panels with equal shear connector reinforcement 
ratios (a) panel with far apart large diameter connectors, (b) panel with close together small 

diameter connectors, (c) assumed linear slip profile, (d) resulting shear transfer through 
connectors showing the added contribution from larger diameter connectors (shaded area). 
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Appendix A  

Performance of Concrete Beams Reinforced With Basalt-FRP for 

Flexure and Shear8 

A.4 Introduction 

Fibre-reinforced polymer (FRP) bars have been used as internal concrete reinforcement in place 

of traditional steel bars for years. They are most common in applications such as parking garages 

and bridge decks subject to severe corrosion from deicing salts, or in hospital MRI units where 

non-ferromagnetic systems are required.  They have also been introduced in integrally insulated 

sandwich walls where low-thermal conductivity is desired.  In North America, the most common 

FRP rebar are made from glass (GFRP) and carbon (CFRP). Other types of FRP, such as basalt 

(BFRP) are not as common. BFRP Fibres lie between glass and carbon for both stiffness and 

strength and have seen application in concrete structures as internal reinforcement (Brik 2003) 

and for external strengthening (Sim et al. 2005). BFRP is similar in stiffness to aramid though 

with lower reported strengths (ACI 2006). It has gathered attention as a replacement for other 

FRPs due to its cost-effectiveness (Brik 1997, Sim et al. 2005), high temperature resistance (Sim 

et al. 2005, Brik 2003), freeze thaw performance (Wu et al. 2010, Shi et al. 2011), and ease of 

manufacture (Brik 1997, Sim et al. 2005). BFRP has also been shown to perform better in acidic 

environments than GFRP (Wei et al. 2010). However, like GFRP, BFRP has a low elastic 

modulus relative to steel and undergoes degradation from alkali solutions (Sim et al. 2005). 

                                                      

8 Published manuscript: Tomlinson, D. and Fam, A. (2015). “Performance of Concrete Beams Reinforced 
with Basalt FRP for Flexure and Shear”, Journal of Composites for Construction, 19(2). 
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There are numerous studies on flexural behaviour of FRP reinforced members with focus on 

varying reinforcement ratios, concrete strength, and FRP type (ACI 2006). Deflection-oriented 

studies have led to modified versions of Branson’s equation (Thériault and Benmokrane 1998, 

Toutanji and Saafi 2000) or different approaches (Bischoff 2005) being developed to account for 

the reduced tension stiffening in FRP reinforced beams. Beam stiffness is largely dependent on 

FRP axial rigidity rather than concrete strength and crack widths can be predicted using a 

modified Gergely-Lutz equation (Thériault and Benmokrane 1998, Toutanji and Saafi 2000) 

which accounts for the larger cracks seen with FRP reinforcement relative to steel. Crack width 

limitations are relaxed from steel RC values as corrosion no longer governs (ACI 2006).  

The ductility index used in steel-RC does not apply in FRP reinforced members (Kassem et 

al. 2011). A related concept known as deformability that relates ultimate to service conditions is 

used instead as it acknowledges that FRP members can dissipate large amounts of energy while 

remaining elastic (Thériault and Benmokrane 1998).  Various methods for quantifying 

deformability have been proposed but the ‘J-Factor’ used by the Canadian Highway Bridge 

Design Code (CHBDC) S6-10 is most common (Jaegar 1995, Thériault and Benmokrane 1998, 

Kassem et al. 2011). This method includes strength and curvature components with service 

conditions taken as when concrete strains are at 0.001, accepted as being where concrete becomes 

non-linear (Thériault and Benmokrane 1998). Other methods use strains at expected service loads 

(Newhook et al. 2002), energy methods (Grace et al. 1998), or FRP bond-slip interaction (Aiello 

and Ombres, 2000). 

Unlike flexure, FRP reinforced beams are weaker in shear than steel-RC with the same 

reinforcement ratio and some accepted techniques using steel-RC, namely assuming plastic 

behaviour which allows one to combine stirrup and concrete contributions to shear independently, 

do not apply with FRP (Guadagnini et al. 2006).  The overall shear carrying mechanism is similar 

to steel-RC, though dowel action within the longitudinal reinforcement is ignored as it is highly 
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dependent on the weak resin (Machial et al. 2012). Additionally, the lower axial stiffness of FRP 

longitudinal reinforcement increases crack width and decreases neutral axis depth which reduces 

resistance (Tureyen and Frosch 2002, Hoult et al. 2008).  Unlike flexure, there is large 

disagreement between design codes regarding the shear resistance of FRP-reinforced members. 

Shear resistance of beams without stirrups has been shown to vary by around 70% but these 

predictions were even worse (260%) for beams with FRP stirrups (El-Sayed and Soudki 2011). 

Approaches that factor in axial stiffness of the longitudinal reinforcement perform better (Machial 

et al. 2012, El-Sayed and Soudki 2011). Many analyses use large amounts of empirical data to 

compare various design codes and suggest revisions (Machial et al. 2012, Hoult et al. 2008, El-

Sayed and Soudki 2011). The CSA A23.3-04 code based on the Modified Compression Field 

Theory (MCFT) developed by Vecchio and Collins (1986) has been shown to give reasonable 

predictions, especially with 2nd order approximations (Hoult et al. 2008, Bentz et al. 2010).  

Beams with multiple layers of longitudinal reinforcement have lower stresses at stirrup bends and 

thus have increased capacity in members governed by FRP stirrup rupture (Bentz et al. 2010). 

Maximum allowable FRP stirrup strains have been proposed (0.004 in ACI440.1R-06 and 0.005 

in CSA S806-12).  

This appendix investigates RC beams with various BFRP flexural reinforcement ratios, 

combined with various shear reinforcement conditions, namely using BFRP stirrups, using steel 

stirrups and no shear reinforcement, to capture the various limit states and failure modes. Several 

design guides and models are also examined in light of the experimental results.  
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A.5 Experimental Program 

A.5.1 Test Matrix and Parameters 

Nine, 3100 mm long, concrete beams with a 150 × 300 mm rectangular cross-section and BFRP 

flexural reinforcement, were tested. Table A-1 provides a summary of the test matrix. Two major 

parameters, namely flexural reinforcement ratio and stirrup type, were studied and their impacts 

on strength, stiffness, deformability, and failure modes were investigated. The various flexural 

reinforcement ratios were selected to represent severely tension-controlled (VT), tension-

controlled (T), balanced (B), and compression-controlled (C) design conditions. The longitudinal 

BFRP reinforcement consisted of 10 mm, 8 mm, or 6 mm diameter BFRP bars with cross 

sectional areas of 71 mm2, 57 mm2
, and 28 mm2, respectively Figure A-1(a)). A spiral wound 

around the BFRP bars to provide additional bond to the concrete. 

Three beams used steel stirrups for shear reinforcement (S-Series), three used BFRP stirrups 

(F-series), and the remaining three had no shear reinforcement (N-series). The S-series beams 

were intended to achieve the full flexural capacity of the beams at all reinforcement ratios. As 

such, shear reinforcement was designed to insure that flexural failure governs. In this case steel 

stirrups were used and comprised of two C-shaped D8 bars (103 mm2
 for two legs) tied together 

and spaced at 100 mm (Figure A-1(b) and Figure A-2). The N-series was intended to examine the 

effect of BFRP flexural reinforcement ratio on the concrete contribution alone to shear resistance 

of beams without stirrups failing in shear (i.e. the effect on Vc). The F-series examined beams 

totally reinforced in flexure and shear by BFRP, such that BFRP stirrups have the same spacing 

and a comparable ultimate stirrup force as the steel stirrups in the S-series. In this case, BFRP 

spiral stirrups of 4mm diameter (25 mm2 for two legs) with a bend radius of 15 mm and nominal 

spacing of 100mm were used in the F-series beams (Figure A-1(b)). The resulting BFRP stirrups 
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exceeded the minimum FRP shear reinforcement specified in ACI 440.1R-06 by 38% but were 

designed to fail by rupture in shear, before flexural failure of the beam. 

For specimens FT, ST, and NT (Table A-1), two 10mm diameter BFRP bars were placed at a 

270mm depth, giving a reinforcement ratio (ρ) of 0.0039 (Figure A-2(a)). An 8mm bar was added 

for FB, SB, and NB, at the same depth (Figure A-2(a)) (ρ = 0.0051). For SVT, two 6mm diameter 

bars were used (ρ = 0.0014), while for the FC and NC two 10 mm bars were placed at 270 mm 

with another two at 230 mm (ρ = 0.0084) (Figure A-2(a)). 

The range of reinforcement ratios was selected to observe different potential failure modes. 

The lowest value, ρ = 0.0014, leads to an ultimate-to-cracking (Mr /Mcr) moment ratio of 2.5, 

which satisfies the minimum requirements of CSA S806-12 of 1.5, however, it is less than the 

minimum reinforcement ratio of ACI 440.1R-06 (ρmin = 0.0027).  The second value of ρ = 0.0039 

was chosen half way between the minimum and balanced ratios of ACI 440.1-06 (ρb = 0.005). 

The third value of ρb = 0.0051 is basically the balanced ratio based on the average of ACI and 

CSA requirements. Finally, the highest value, ρ = 0.0084, is within the compression-controlled 

region, which is set by ACI 440.1R-06, to occur when ρ > 1.4ρb. 

A.5.2 Materials 

A.5.2.1 Concrete  

The concrete used was a nominal 55 MPa high-early strength self-consolidating mix with a 

nominal maximum aggregate size of 19 mm. The exact concrete strength for each beam at the 

time of test is provided in Table A-1. 
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A.5.2.2 BFRP bars and stirrups 

The BFRP bars and stirrups have a specified strength and elastic modulus of 1100 MPa and 70 

GPa, respectively. Standard tension tests were also carried out on 6 mm diameter BFRP bars 

gripped used epoxy-filled steel pipes.  The tests showed strengths between 1132 and 1185 MPa 

with elastic moduli between 64.9 and 71.8 GPa (Figure A-3).  

A.5.2.3 Steel stirrups 

The steel stirrups had specified yield strength and modulus of 400 MPa and 200 GPa, but tension 

tests showed an actual yield strength of 485 MPa and elastic modulus of 195 GPa (Figure A-3).  

A.5.3 Test Setup and Instrumentation 

The beams were tested under four-point bending using stroke-control at 2mm/min. They were 

supported by 152 × 152 × 12.7 mm steel plates set on rollers at each end, giving a span of 2900 

mm (Figure A-4). The shear span and constant moment zone were 1100 mm and 700 mm, 

respectively.  This resulted in a shear span-to-depth (a/d) ratios from 4.0 to 4.3. A stiff spreader 

beam was used to apply the load through rollers resting on 100 × 150 mm wide steel plates placed 

such that the 150 mm side was along the width of the beam. 

Deflections at five points along the span were measured using 100 mm linear potentiometers 

(LPs) (Figure A-4).  Concrete strains at mid-span were measured using a 50 mm electric 

resistance strain gauge at the top of the beam while midspan FRP strains were measured using 

two 5 mm strain gauges mounted on the lowest reinforcement level.  

A.6 Experimental Results 

Test results focused on load-deflection and load-strain responses at mid-span (Figure A-5 and 

Figure A-6), cracking patterns (Figure A-7), deflected shape (Figure A-8), and failure modes 

(Figure A-9, Figure A-10 and Figure A-11). The test results are summarized in Table A-2 
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All nine beams behaved similarly until first cracking.  Their cracking loads and pre-cracked 

stiffness were essentially the same regardless of reinforcement ratio (Figure A-5).  Initial cracking 

occurred within the constant moment zone, and spread outward from mid-span into the shear 

spans as load increased. As reinforcement ratio increased, the post-cracking stiffness increased 

and the magnitude of load drops occurring at the crack formation decreased. Once the bulk of 

flexural cracks formed, the load-deflection behaviour became essentially linear within the service 

load range (service load range is defined here by an upper limit of deflection equal to span/180).  

Cracking was predominately flexural at service loads. As such, there was no noticeable impact of 

shear reinforcement on flexural stiffness.  At loads exceeding service level, beam behaviour was 

dictated by the shear reinforcement type as can be seen by the crack patterns in Figure A-7. The 

number of cracks at failure and the depth of the neutral axis tended to increase with reinforcement 

ratio, while the angle of shear cracks decreased.  

A.6.1 F-Series Beams  

Aside from their flexural stiffness, the three beams with BFRP stirrups showed similar 

behaviours. At loads beyond service, visible shear cracks appeared and the size and quantity of 

these cracks increased with load. It became evident near the peak load that shear failure would be 

expected as the eventual failure plane cracks began linking together and widened further. The 

overall load-deflection relationships of the beams were fairly linear.  As seen in Figure A-8, the 

deflected shapes of the beam were similar to what would be expected for flexure-governed 

deformation, showing that deflections were still predominately curvature based. However, there 

were larger deflections relative to expected in the shear zones immediately before failure. 

Beams FT and FB showed the same failure mode. A peak load was achieved and then almost 

immediately afterwards the BFRP stirrups ruptured near their corners (Figure A-9). FC was 

similar but the concrete in the compression zone of the shear crack crushed at the peak load first 
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(Figure A-9), causing a 19% reduction in load. FC maintained this load for a few more seconds 

until the stirrups ruptured. Rupture of the stirrups in all three tests was very violent and caused 

complete loss in load carrying capacity. 

A.6.2 S-Series Beams  

The S-series (SVT, ST, and SB) tests contained steel stirrups. Generally, the number of cracks at 

failure increased with reinforcement ratio. ST and SB showed evidence of bond slip via 

longitudinal cracks at the level of the reinforcement as the load increased but did not affect failure 

modes. Each beam showed deflected shapes and strains consistent with flexure-dominated 

deformation. At loads exceeding service, ST and SB behaved similarly to their F-series 

counterparts aside from shear-related cracks being less prevalent. There were no observed shear 

cracks in SVT as the overall section capacity was less than the expected load that would cause 

shear cracks to form.  

It can be seen in Figure A-10 that the failure mode of each S-series beam was different. SVT 

failed by BFRP rupture at mid-span. This was preempted by a series of snapping sounds until full 

rupture occurred.  There were few but large cracks in SVT, relative to those seen in ST and SB. 

Like SVT, ST failed by BFRP rupture but within the shear zone. This was due to added forces 

from the steel stirrup at the failure point of the longitudinal bar. This failure gave some warning 

as there was a 14 mm deflection plateau where the load was essentially constant after the initial 

9% load drop. Over the course of this plateau noticeable snapping noises telling of rupture were 

heard, until full rupture occurred.  Beam SB failed in compression at mid-span, which was very 

brittle, however, the capacity lost after failure, 41%, was less severe than ST and SVT. Because 

SB was designed to be theoretically balanced, the BFRP tensile strain (Figure A-6(a)) was very 

close to rupture (Figure A-3) when concrete crushed.  
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A.6.3 N-Series Beams 

As can be seen with the load-deflection, load-strain and deflected shape relationships, the N-

series beams differed greatly from the beams with shear reinforcement at loads exceeding service. 

A very large diagonal shear crack developed in all three tests when midspan deflections reached 

between 26 and 28 mm. The load at which this shear cracking occurred increased as BFRP 

flexural reinforcement ratio increased.   At this point a relative decrease in load of 10% in NC, 

22% in NB, and 42% in NT occurred; this relative decrease was inversely proportional to 

reinforcement ratio. As testing continued, the shear cracks continued to widen and few, if any, 

additional cracks formed. The deflected shapes began showing responses inconsistent with 

flexure-dominated beam and highlighted the contribution of shear crack to displacement. This 

was echoed in the midspan strain readings which, despite large increases in deflection, showed 

decreases in curvature each time the load dropped due to action within the shear zone. 

Beam NC failed at a load 13% greater than what caused the initial formation of the large 

shear crack (Figure A-11). Failure was initiated by the crushing of the compression zone at the 

top of the beam and was preempted by sounds of distress, large crack widths, and spalling. The 

load suddenly dropped 56% upon crushing. NT and NB showed different behaviour. Like in NC, 

the shear crack continued to open as deflections increased (Figure A-11). However, around the 

load that caused the initial failure, a second large shear crack opened up on the other side of the 

beams. As the beams deflected further, the compression zones on both sides failed without 

noticeably affecting the load and eventually new peak loads were achieved. NT and NB reached 

loads 27% and 19% higher, respectively, after the initial major shear cracking with even more 

substantial large increases in deflection. The N-series beams had fewer overall cracks than beams 

with shear reinforcement (Figure A-7) as loads in these beams were not high enough prior to the 

initial shear crack formation. In all three tests, splitting cracks at the reinforcement level were 

evident; directed from each shear crack towards the supports. 
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A.7 Discussion of Results and Analysis 

The discussion focuses primarily on the impact of the BFRP flexural reinforcement ratio and 

stirrup type on the ultimate load, serviceability, and failure modes. Comparisons to predicted 

values using ACI 440.1R-06, CSA S806-12, the 2nd-order fit to MCFT (Hoult et al. 2008), and to 

theoretical steel-reinforced RC beams are presented. Table A-3 provides a summary of the 

experimental and predicted ultimate strengths of all test beams using the various models. 

A.7.1 Ultimate Strength 

Figure A-12 shows the variation of experimental ultimate strength of all beams in the three series 

with their flexural reinforcement ratios.  Given that most beams in this study failed in shear the 

ultimate strength in Figure A-12 is presented in terms of the normalized shear at distance d from 

the loading points at the peak load, including self weight, as given by Equation A-1, where bw and 

d are the width and depth to flexural reinforcement of the section, respectively. 

 (A-1) 

A.7.1.1 Comparison to Control Steel-Reinforced Beams: 

Figure A-12 shows, as a reference, the variation of the theoretical ultimate strength of a 

hypothetical steel-reinforced beam in flexure with the steel reinforcement ratio, for a standard 400 

MPa yield strength (Table A-3). This curve was predicted using design codes ACI 318-08 and 

CSA A23.3-04 (which resulted in almost identical curves), starting from the respective minimum 

reinforcement ratio for each code. The entire curve for this control case was governed by flexural 

tension failure and shear failure did not occur, not even in absence of stirrups.  The F and S series 

had significantly higher strengths (2.6-3.5 times) than the control steel-reinforced cases, at the 

same reinforcement ratio ρ, in spite of the shear failure of the F-series.  The steel-reinforced 
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beams were heavily under reinforced over the investigated range of ρ, given that their balanced 

ratio ρb = 0.055, around ten times greater than ρb for the BFRP reinforced section.   

It is worth noting the following though: assuming that flexural failure did not govern in the 

steel-reinforced beams, their shear strength predictions, assuming no stirrups, made using the 

general method of CSA A23.3-04, would have shown 50-56% greater strengths than the N-series 

shear strengths, over the same range of ρ. On the other hand, similar shear strength predictions 

made using ACI 318-08 show 69-155% greater strength than the N-series. 

If the hypothetical steel-reinforced beams were designed to have the same nominal capacity 

as the BFRP beams the calculated reinforcement ratio for the steel beam would be between 2.5 

and 3.4 times that of the S-series BFRP beams with the ratio decreasing as the overall beam 

strength increases. Similar trends were seen in the other series but the ratio was lower (2.2 for the 

F-series and 1.2 for the N-series on average) due to the shear failure of the BFRP beams. 

For all cases, the equivalent steel beam would still fail in flexure and be under-reinforced. 

A.7.1.2 Effect of BFRP Flexural Reinforcement Ratio 

Figure A-12 show that for all three S-, F-, and N-series, the ultimate strength increased as 

ρ increased, regardless of failure mode or shear reinforcement.  It is also worth noting that the 

two beams in F-series with ρ = 0.0039 and 0.0051, although failed in shear, their flexural failure 

was likely quite imminent since their strength were very close to their counterparts in the S-series 

which failed in flexure.  The N-series, on the other hand, was significantly lower in strength due 

to its very low shear capacity.  Comparing the N- and F-series curves strongly highlights the 

significant contribution of the BFRP stirrups, despite the fact it did not prevent shear failure from 

occurring in the F-series. It is also worth noting the effect ρ on the ultimate strength of the N-

series without stirrups. Although all three beams failed in shear, increasing ρ from 0.0039 to 

0.0084 (i.e. by 2.15 times) increased the normalized shear strength by 54%. This may be 
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attributed to the increased rebar dowel contribution and also the increased aggregate interlock 

contribution as a result of the lower strain and hence smaller shear cracks, in beams with heavier 

flexural reinforcement. 

A.7.1.3 Predicted Ultimate Strengths 

The ultimate strengths of all beams in the three series were predicted using ACI440.1-06 and 

CSA S806-12 for both flexural and shear failure modes. Additionally, for shear failures the 2nd-

order MCFT approximation proposed by Hoult et al. (2008) was used. For these calculations, the 

specified modulus of elasticity of 70 GPa was used, the effective shear depth, dv, was taken as 

0.9d and the critical shear section was taken as acting a distance dv from the point load where the 

shear failures were observed during the tests. All predictions are provided in Table A-3 and 

shown in Figure A-13 in terms of the normalized strength versus reinforcement ratio.   

The F-series predictions in shear were made by summing the concrete contribution Vc and 

stirrup contribution Vf.  ACI predicted the same shear failure mode for all three F-series beams, 

with only a slight underestimation for FT, but the difference increased with reinforcement ratio 

for FB and FC, as shown in Figure A-13(a). Below a ρ of 0.0032, ACI predicts flexural tension 

failure.  CSA predicted flexural tension failure for FT (note that flexural failure was imminent for 

FT as discussed earlier), and up to ρ of 0.0045, but then predicts the correct shear failure beyond 

this ρ for FB and FC. Generally, CSA predicted values were closer to experimental ones, 

compared to ACI.  Predictions from the 2nd order MCFT fit were consistently slightly 

conservative for the F-series and best followed the test result trends.   

Figure A-13(b) shows the predictions for S-series beams, which were all flexural failure, like 

the experiments.  For SVT and ST, both CSA and ACI codes predicted flexural tension failure, 

while for SB, ACI predicted compression failure and CSA predicted a tension failure (note that 
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SB is around the balanced ρ, and that balanced point differs slightly in both codes. Nonetheless, 

both codes matched test results and each other quite well. 

Figure A-13(c) shows the predictions for the N-series.  All three methods predicted shear 

failure for the three beams. The CSA method overestimated the shear strengths, while the ACI 

underestimated them. The MCFT showed the closest predictions to the N-series tests with only a 

slight overestimation.  Below a ρ of 0.0024, CSA predicted flexural tension failure.   

A.7.2 Service Loads 

Figure A-14 shows the variation of maximum service load with reinforcement ratio ρ.  Two 

approaches may generally be considered to establish the maximum service live load.  The first is 

based on the load corresponding to maximum permissible deflection, which is L/180 for roof (or 

L/360 for floor). The second is based on the live load PL calculated from the formula: Pf = 1.25PD 

+ 1.5PL (NBC, 2008) by setting Pf as the ultimate load capacity of the test beam and PD as the 

self-weight of the beam (since it is the only dead load). The lowest load from the two approaches 

is considered the maximum permissible service load.  For the test beams in all three series, 

service loads were governed by the deflection limits rather than strength and these loads are 

plotted in Figure A-14 versus ρ. These service loads directly depend on ρ but are not noticeably 

affected by shear reinforcement. As ρ increased, the service load also increased due to the 

enhanced stiffness. Extending the trend of each series would appear to intercept the y-axis at a 

load corresponding to cracking load when ρ = 0, which is logical. 

The service load relative to the ultimate load was dependent primarily on failure mode rather 

than reinforcement ratio. For the N-series and F-series beams, the ultimate load was on average 

147% and 261% greater than the service loads respectively. The S-series saw a transition in these 

values from 199% in SVT to 313% in SB with the transition occurring with failure mode. This 

relationship is explored further in the deformability section. 
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A.7.2.1 Comparison to Control Steel-Reinforced Beams 

Figure A-14 also shows the variation of maximum service load for a control steel-reinforced 

beam with ρ, starting from the point of minimum steel reinforcement ratio of 0.004.  Unlike the 

BFRP-reinforced beams, service loads in this case were governed by the strength rather than 

deflection limits for the whole range of ρ since the steel section would yield prior to reaching the 

deflection limits.  The service load for the steel-reinforced beam is higher than that for the BFRP 

beams based on L/360 deflection limit and lower than that based on the L/180 limit.  It however 

follows a steeper trend of variation with ρ. 

For the hypothetical steel beams with the same nominal capacity as the tested BFRP flexure 

controlled members, the maximum service load is still governed by strength rather than 

deflection. The ratio of the maximum service load for these steel beams versus the S-series BFRP 

beams was between 1.61 and 2.76 if L/360 governed the BFRP beam deflection; this ratio 

increases with beam strength. Similar trends were observed if the deflection limit of L/180 

governs, though the ratio is lower (between 1.33 and 2.08) which is logical as the BFRP beams’ 

maximum service loads are higher while the steel beams’, governed by strength, remains the 

same. 

A.7.2.2 Predicted Service Loads 

The service loads were also predicted using ACI440.1-06 and CSA S806-12 at both deflection 

limits of L/180 and L/360 as shown in Figure A-14. For loads at L/360 deflection, ACI 

predictions were within ±10% of the averaged test values throughout the reinforcement ratio 

range, while at L/180, predictions were generally higher by up to 20% than test results. CSA 

predictions on the other hand gave lower service loads than ACI by 12-14% at L/180 and by 7-

10% for L/360.  As a result, ACI better predicted loads at L/360 while CSA better predicted 

service loads at L/180.   
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A.7.3 Deformability 

The deformability index for each beam is presented in Table A-2. These values were found using 

the J-Factor calculated using two different methods, represented by Equation A-2, which is 

moment-curvature based, and Equation A-3, which is energy-based.  In both approaches, 

conditions at ultimate are related to those when the concrete compressive strain εc equals 0.001: 

. .  (A-2) 

. .  (A-3) 

where ψ0.001 is the curvature when εc=0.001, ψn is the curvature at ultimate,  M0.001 is the moment 

when εc = 0.001, Mn is the ultimate moment, Un is the strain energy at ultimate (J), U0.001 is the 

strain energy when εc = 0.001 and δCL is the centreline deflection.  The curvatures were found 

from mid-span strain gauge readings.  Both methods gave similar trends for all three beam series 

though the energy method gave greater values for the most part. The differences in deformability 

based on the two methods (Table A-2) were found to be relatively small for the S-series beams 

failing in flexure. These differences, however, increase as shear-related deflections became larger 

in the F-series and were quite large in the N-series (Table A-2). In rectangular cross-sections, the 

minimum acceptable deformability level (J-index) is generally 4.0. Only five of the nine beams 

satisfy this limit based on the moment-curvature approach (Eq. A-2). The remaining four beams 

either have a small moment increase from service to ultimate (as in beam SVT) or had large non-

curvature related deformation (as in NT, NB, and NC), which were basically quite critical in 

shear.  In these three N-series beams that failed in shear, deformation occurred primarily through 

large shear cracks. The measured curvatures were much lower than expected from the observed 

deflections. If the energy method were used instead, all beams but NC would have satisfied the 

minimum deformability index of 4.0. It is concluded then that the method based on energy may 
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provide a high, or rather misleading, deformability index for shear-controlled members, which are 

inherently brittle due to their undesired shear failure.   

A.7.4 Comparisons to Other Research Programs 

There is currently little in the literature on BFRP-reinforced concrete beams but the flexure 

dominated beam tests by Brik performed similarly to the flexure governed tests (SVT, ST, and 

SB) in this investigation, as shown in the normalized moment-curvature relationship of these 

beams in Figure A-15. Brik used higher strength BFRP bars but lower strength concrete. Since 

Brik’s beams were designed to be tension controlled (same as the S-series tests with the exception 

of SB which was near balanced), the impact of the lower concrete strength is minimal though the 

greater reinforcement strength gives Brik a higher normalized moment, found using M/bd2. 

Curvature was found by rearranging the 4-point bending beam deflection to solve for M/EI, the 

curvature of the beam based on the effective moment of inertia. 

A.8  Conclusions and Recommendations 

Reinforced concrete beams with various BFRP flexural reinforcement ratios and including beams 

with BFRP or steel shear reinforcement as well as beams without any shear reinforcement were 

tested. The study was able to capture various potential failure modes, namely flexural tension, 

flexural compression, shear failure of beams without stirrups and shear failure by BFRP stirrup 

rupture.  Results were compared and evaluated in light of reference steel-reinforced beams and 

various design guide recommendations.  The following conclusions were reached: 

1. Ultimate capacities of the beams are directly related to flexural reinforcement ratio 

regardless of failure mode, whether flexural or shear. On the other hand, load-deflection 

responses within the service loads range were not noticeably affected by shear 

reinforcement type. 
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2. In beams without stirrups, the load at which major diagonal shear cracking occurred 

increased as BFRP flexural reinforcement ratio ρ increased. The load then dropped by 

various amounts inversely proportional to ρ, before it increased again to ultimate shear 

failure levels exceeding shear cracking load by percentages also inversely proportional to 

ρ. 

3. Beams with BFRP stirrups all failed in shear by stirrup rupture. The ultimate shear 

capacities increased as BFRP flexural reinforcement ratio increased.  

4. The beams with BFRP flexural reinforcement and BFRP or steel stirrups had significantly 

higher strengths (2.6 – 2.9 times) than control steel-reinforced counterparts having the 

same reinforcement ratio ρ. The strength increase in tension controlled BFRP was very 

similar to the ratio of the BFRP to steel ultimate strengths. In compression controlled 

sections, the ratio was lower as the FRP did not reach its ultimate strength. The steel-

reinforced beams consistently had a flexural tension failure. 

5. ACI 440.1R-06 and CSA S806-12 were adequate for predicting the flexural strength of 

beams with BFRP flexural reinforcement.  For beams failing in shear with BFRP flexural 

and shear reinforcement, or no stirrups, the 2nd order approximation of the Modified 

Compression Field Theory best predicted shear strength while ACI 440.1R-06 was too 

conservative.  In beams without stirrups, CSA S806-12 was non-conservative. The 

differences in shear predictions from ACI 440.1R-06 and CSA S806-12 echo those for 

other types of FRP-reinforced concrete beams tested by other researchers, such as El-Sayad 

and Soudki. This shows that even with the most recent CSA S806 code, the two codes do 

not accurately predict the shear capacity over the investigated reinforcement ratios. 

6. The calculated service loads using ACI 440.1R-06 and CSA S806-12 methods at 

deflections of L/360 and L/180 varied by 7 to 20% from measured values. 
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7. The method based on energy may provide a high, or rather misleading, deformability index 

for shear-controlled members, which are inherently brittle due to their undesired shear 

failure 

8. Fundamentally, the structural performance of BFRP reinforced beams is similar to GFRP 

and CFRP reinforced beams. 
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Table A-1: Test Matrix for BFRP reinforced beams 

Beam 
ID 

Stirrup 
Type 

Cylinder 
strength 

fc’ 
(MPa) 

Rebar area 
Afrp (mm2) 

(see Fig. A-
2 (a)) 

Depth 
d 

(mm) 

Flexural 
reinforcement 

ratio, ρ 

Relative to balanced ratio 
ρ/ρb calculated from: 

ACI 440 CSA S806 

FT 
BFRP 

51.0 157 270 0.0039 0.88 0.72 
FB 52.5 207 270 0.0051 1.13 0.93 
FC 52.1 314 245 0.0085 1.85 1.53 

SVT 
Steel  

57.2 57 270 0.0014 0.28 0.24 
ST 59.8 157 270 0.0039 0.75 0.64 
SB 55.4 207 270 0.0051 1.07 0.85 
NT 

None 
60.0 157 270 0.0039 0.75 0.64 

NB 59.9 207 270 0.0051 0.98 0.85 
NC 56.5 314 245 0.0085 1.71 1.45 

Note: ACI and CSA values for ρb differ mainly due to the difference in the two standard’s εcu. Additionally, all 
safety factors (Ce*, φc…) are set to unity. ρb found using fc’=55MPa 

 

Table A-2: Critical test results 

 
Beam 

ID 
ρ 

Ultimate 
Load 
(kN) 

Peak 
Normalized 

Shear (MPa) 
Vult/√fc'bd 

Midspan 
Deflection at 
Peak Load 

(mm) 

Load (kN) at: Cracking
Load 
(kN) 

Deformability Index 
Failure Mode 

l/360 l/180 J (S6-10) Energy 

FT 0.0039 72.70 0.121 59.82 20.20 28.80 15.18 6.38 7.14 Shear – Stirrup rupture 
FB 0.0051 89.70 0.150 67.90 22.77 32.98 15.65 8.57 9.69 Shear – Stirrup rupture 
FC 0.0084 106.88 0.193 61.61 27.64 41.46 15.35 5.82 7.69 Shear – Stirrup rupture 

SVT 0.0014 38.24 0.058 66.44 15.81 19.18 14.90 3.89 4.11 Flexure – FRP rupture 
ST 0.0039 79.63 0.126 71.10 21.42 28.58 14.22 9.91 9.55 Flexural-sheara 
SB 0.0051 96.88 0.166 75.76 23.44 30.99 14.44 6.78 8.09 Flexure – Concrete crushing 
NT 0.0039 41.79 0.063 95.79 22.46 27.74 11.32 3.95 9.38 Shear – Tension 
NB 0.0051 22.99 0.069 92.57 22.67 31.22 13.46 1.31 4.72 Shear – Tension 
NC 0.0084 58.39 0.097 40.66 30.12 40.29 12.19 1.65 2.38 Shear – Compression 

Notes: All loads include self weight, Peak normalized shear found at point d from the loading points. See deformability section 
regarding how those values were determined. 
a ST longitudinal BFRP bars ruptured at the first stirrup in the shear span due to added stresses from shear 

 

Table A-3: Experimental and predicted normalized ultimate strengths using different 
design codes and methods 

  FRP Design Codes and Theory  Equivalent Steel-Reinforced Beam
  ACI 440.1-06 CSA S806-12 MCFT 2nd Order  ACI 318-05 CSA A23.3-04 

Beam 
ID 

Test 
Result 
(MPa) 

Pred. 
(MPa) 

Test/ 
Pred. 

Pred. 
(MPa) 

Test/ 
Pred. 

Pred. 
(MPa) 

Test/ 
Pred.  Pred. 

(MPa) 
Test/ 
Pred. 

Pred. 
(MPa) 

Test/ 
Pred. 

FT 0.121 0.114 1.064 0.154 0.787 0.112 1.078  0.049 2.477 0.049 2.481 
FB 0.150 0.121 1.244 0.157 0.956 0.132 1.133  0.064 2.326 0.064 2.329 
FC 0.193 0.127 1.519 0.154 1.256 0.168 1.149  0.097 1.990 0.097 1.994 

SVT 0.058 0.051 1.146 0.061 0.948 N/Aa N/Aa  0.020 2.944 0.020 2.947 
ST 0.126 0.129 0.979 0.137 0.920 N/Aa N/Aa  0.049 2.588 0.049 2.593 
SB 0.166 0.170 0.976 0.180 0.925 N/Aa N/Aa  0.064 2.574 0.064 2.581 
NT 0.063 0.047 1.344 0.098 0.645 0.076 0.834  0.049 1.290 0.049 1.294 
NB 0.069 0.053 1.293 0.106 0.652 0.084 0.825  0.064 1.063 0.064 1.069 
NC 0.097 0.067 1.450 0.116 0.833 0.097 1.000  0.097 1.002 0.097 1.006 

Note: Values greater than 1.00 show conservative predictions 
a

MCFT S-series predictions not used as flexure dominated 
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Figure A-2: General beam reinforcement layouts (a) cross-sections and (b) elevations 
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Figure A-3: Material stress-strain curves for the BFRP and steel reinforcement 

 

 

Figure A-4: Test setup and instrumentation (all units in mm, 100 mm = 3.94 in) 
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Figure A-5: Load deflection curves at midspan for the various tests highlighting key points 
(a) F-Series, (b) N-Series, (c) S-Series 
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Figure A-6: Load-strain responses for (a) S-Series, (b) N-Series, and (c) F-Series beams 
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Figure A-7: Crack patterns and shear crack angles at end of tests. Vertical lines depict 
points located d away from the edge of the loading points. 
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Figure A-8: Deflected shape profiles at key test points for (a) ρ = 0.0038 and (b) ρ = 0.0051 
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Figure A-12: Variation of ultimate load in terms of normalized shear with flexural 
reinforcement ratio for all beams 

 
Figure A-13: Experimental and predicted normalized strengths vs. reinforcement ratio for 

(a) F-Series, (b) S-Series, and (c) N-Series beams 
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Figure A-14: Maximum service load versus reinforcement ratio for test results, steel, and 
theoretical 

 

 

Figure A-15: Normalized moment-curvature relationships comparing the S-Series tests to 
similar tests run by Brik (2003) 
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