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Abstract 

Brittle fracturing within low confinement environments is the dominant failure mechanism of hard 

rockmasses under high magnitude in situ stresses around underground excavations. With an emphasis on 

the behaviour of slightly to moderately jointed rockmasses, this body of research investigates the influence 

of pre-existing joints on the fracturing mechanisms occurring and the excavation induced damage 

surrounding an underground opening. To achieve this goal, advanced numerical approaches involving the 

generation of discontinuity networks and discontinuum analysis methods were employed. 

Discontinuity geometrical data obtained from laser scans of an unsupported tunnel served as input 

parameters for the generation of discrete fracture networks (DFNs), and the material properties of the 

massive granite encountered at the Canadian Underground Research Laboratory (URL) were used to 

develop a grain-based numerical model using the distinct element method (DEM) enriched with DFN 

geometries. The created synthetic rockmass models (SRM) were used to determine the effect of pre-existing 

structure on the driving failure mechanisms. Field observations from the URL were also used to calibrate a 

tunnel scale model by applying the finite-discrete element method (FDEM) to simulate the tunnel response 

within a massive rockmass, and serve as the reference model for subsequent analyses by integrating DFNs. 

SRM results provided useful insights and an S-shaped strength envelope derived from bi-axial tests 

revealed the role of low confinement in brittle fracturing. From the same tests, evaluation of the rockmass 

modulus resulted in a semi-empirical equation for estimating it based on discontinuity parameters. 

Following the validation of the ability of the FDEM method to capture brittle processes observed at the 

URL, results from the jointed models demonstrated the influence of discontinuities on the material response 

during an excavation. The strong impact of the joint network geometry and field stresses on the excavation 

induced damage and overall stability of an opening was revealed. Regarding strain bursting phenomena, 

the ability of discontinuities to dissipate and/or enhance them was examined. The capability of this approach 

to capture the complex energy storage and energy release, and fracturing mechanisms was demonstrated 

along with its potential practical application in engineering design. 
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Chapter 1 

Introduction 

1.1 Problem Scope 

As a result of the increasing needs of modern society in infrastructure, resources, disposal and 

management of hazardous waste, underground research facilities etc., the limits of underground 

development and technology are continuously pushed, resulting in deeper excavations within more 

competent, hard rockmasses under high magnitude stresses. 

 Depending on the material properties and the stress field characteristics, the construction 

of an underground opening may result in the disturbance of the surrounding ground due to the 

material loss and the occurring stress redistribution with the excavation face advancement. This 

occurring disturbance generates a zone of fractured material within the vicinity of the excavation 

contour, where the initial in situ mechanical and hydrogeological properties of the ground are 

altered. This altered material zone is usually referred to as the Excavation Damage Zone (EDZ) 

and it is formed by the generated stress-induced fractures, which may interact with pre-existing 

discontinuities if any are present. 

 According to specific project requirements, the manifested excavation-induced damage 

and the subsequent changes in the material properties of the surrounding ground may have a 

tremendous impact on the underground opening, both during its construction and its operation. For 

instance, in deep geologic repositories (DGRs) for the disposal and management of nuclear waste, 

interconnecting fractures may provide preferential pathways for the transport of radionuclides away 

from the DGR in a possible leakage scenario. In other deep excavations for mining or tunnelling 

purposes, the developed EDZ may cause problems for the stability of the opening during the 

construction process which may pose a threat to the personnel safety, the equipment integrity and 

the overall life (both short-term and long-term) of the project. 
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 The rockmass response during an underground excavation is mainly driven by the intact 

material properties, the degree of jointing and the in situ stress regime (magnitude and orientation), 

as demonstrated in Figure 1-1. Massive rockmasses (no or few pre-existing discontinuities present) 

under low magnitude stresses should be relative stable unless construction practices disrupt the 

rockmass integrity. However, under high magnitude in situ stresses, the rockmass may exhibit 

brittle behaviour during the loss of confinement due to an excavation, which manifests in the form 

of spalling or bursting. For blocky to very blocky rockmasses under low magnitude stress, wedge 

failure driven by the discontinuities may occur, while more jointed rockmasses may exhibit 

raveling ground behaviour. For very blocky to heavily jointed rockmasses and under a high stress 

regime, overstressing of the material results in large deformation and a “flowing” response 

(Vlachopoulos, 2009). 

 
Figure 1-1: Tunnel behaviour and associated failure types depending on the rockmass and in 

situ strength conditions (Modified after Marinos, 2007). 
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This work focuses on massive and moderately jointed rockmasses, with non-persistent 

discontinuities, at high magnitude stress regimes and their associated behaviour during the 

construction of an underground opening, as shown in Figure 1-1 for the brittle failure case. In 

particular, only “hard” rockmasses, such as unweathered granite and other crystalline rocks (Figure 

1-2), are considered as their mineral composition, grain interlocking, grain heterogeneity, internal 

structure and pre-existing flaws govern the brittle processes taking place due to the loss of 

confinement. 

 

 

Figure 1-2: Thin section of leucogranite under cross-polarized light showing the different 

mineral components of the rock and the overall grain heterogeneity at the micro-scale that 

can be encountered within crystalline rocks (1. Plagioclase feldspar; 2, 3, 4. Quart; 5. 

Hornblende; 6. Orthoclase feldspar and 7. Biotite mica). (Picture courtesy of T. Packulak). 

 

 Brittle failure occurring at deep excavations within hard rockmasses is mainly governed by 

the inherent tensile strength of the rockmass and the loss of confinement due to the advancing 

excavation face. In conventional analysis of such stress driven failure, the influence of the material 

tensile strength and the elevated sensitivity to low confining stresses are typically neglected, hence 

leading to erroneous predictions of rock yield (Diederichs, 2000). More specifically, under high 

magnitude tangential compressive stresses due to stress redistribution, underground openings 

exhibit extensile fracturing once the tensile strength of the material is exceeded (Figure 1-3a). This 

brittle rockmass response around deep excavations in hard rock may result in spalling or violent 



4 

 

material rupturing with storage and release of energy, such as rock bursting phenomena (Figure 1-

3b), and work by Diederichs (2000; 2003; 2007) showed that while the initiation of crack damage 

is relatively insensitive to confinement, crack propagation, an essential process for macroscopic 

brittle fracturing, is highly sensitive to low confinement conditions within the proximity of an 

excavation contour (Figure 1-3c). 

 

 

Figure 1-3: Stress driven instability associated with extensile fracturing. (a) Extensile 

cracking due to compression, (b) Boundary parallel spalling at an excavation scale, and (c) 

Crack accumulation versus crack propagation: Yield strength and confinement sensitivity 

(Diederichs, 2000). 

 

 Under such conditions, conventional failure criteria based on the shear strength of a 

rockmass and implemented into numerical techniques utilizing continuum mechanics are not 

adequate in order to capture these complex fracturing mechanisms. The inability to accurately 

model the excavation failure observed in the field, in terms of shape, depth and extent, has led to 

the application of modified continuum-based approaches or discontinuum techniques in order to 

simulate such phenomena. However, even by using these methods limitations do exist, especially 

when the rockmass structure has to be explicitly included in the simulation process. 
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 It is well documented that compressive damage and yield in hard rocks (e.g. granite) 

originates from tensile fracturing parallel to the direction of the developing major principal stresses 

σ1 due to extensile strain normal to σ1. Crack initiation is followed by fracture propagation parallel 

to σ1 which results in a lower rockmass strength observed in situ. These tensile failure mechanisms 

influence the damage evolution within hard rockmasses which is highly sensitive to loss of 

confinement due to the excavation advancement, free-boundary interaction, and tensile stress 

concentrations caused by material heterogeneity and irregularities of the excavation geometry. 

Especially in the case of rockmasses with pre-existing discontinuities of non-persistent nature, 

additional issues rise as a result of stress redistributions and localizations caused by the geometry 

of the discontinuity system surrounding the underground opening which affects the evolution of 

brittle damage, the manifested fracturing mechanisms, as well as the rockmass capacity for strain 

energy storage and rapid release. Following the work that has been conducted for deep excavations 

within massive rockmasses and recent advances in numerical modelling, this thesis investigates the 

impact of natural discontinuities on excavation induced damage and the associated brittle 

fracturing, and presents a framework for their assessment. 

1.2 Approach / Methodology 

The objective of this thesis is to investigate the impact of non-persistent discontinuities occurring 

naturally within hard rockmasses (such as granite and other crystalline rocks) on the short-term 

ground response during an underground excavation at high magnitude in situ stress regimes. Field 

observations and numerical tools were used with a particular focus on the developing fracturing 

mechanisms, the interaction between stress induced fractures and pre-existing discontinuities, the 

evolution of the excavation induced damage, and their influence on the manifested brittle failure 

including spalling and strain bursting. 

 Field observations from an unsupported railway tunnel located in Brockville, Ontario, 

Canada were initially used to obtain necessary geometrical data of a discontinuity network 
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consisting of non-persistent joints. The tunnel was excavated mainly within a metamorphic, 

crystalline rock (paragneiss) and LiDAR (Light Detection and Ranging) scanning was employed 

in order to acquire a three-dimensional (3D) representation of the exposed rockmass. The created 

3D model was used to “virtually” map discontinuity surfaces and traces intersecting the tunnel 

walls in order to obtain joint surface orientations, group the discontinuities into sets, and determine 

their intensity (density and persistence) per set; hence, allowing for the creation of a complete set 

of parameters defining the geometrical properties of a natural discontinuity network. Continuing, 

in situ observations and lab testing from the well-documented case of the Atomic Energy Canada 

Limited’s (AECL) Underground Research Laboratory (URL) Test Tunnel, which was excavated 

within the massive Lac du Bonnet (LdB) granite, were used in order to form the baseline of an 

actual tunnel excavated within a hard rockmass under high magnitude field stresses. 

 Based on the aforementioned field datasets, two numerical techniques were employed in 

order to examine the impact of pre-existing joints on the response of hard rock deep excavations. 

Initially, the discontinuity geometrical data collected from the Brockville Railway Tunnel served 

as input parameters for the generation of discrete fracture network (DFN) geometries, aiming to 

capture the discontinuity geometrical pattern of the rockmass in situ. Following the generation of 

a large number of DFN models in 3D, 2D cross-sections of the 3D joint network geometries were 

extracted and imported into a Voronoi-grain model by applying the distinct element method 

(DEM), which was calibrated appropriately in order to match the mechanical properties of the intact 

LdB granite. A synthetic rockmass (SRM) model was created by coupling the generated DFN 

geometries with the grain-based DEM model. The developed numerical models replicated 

laboratory testing configurations at large scales in order to investigate the mechanical properties of 

the rockmass under different loading conditions, and the subsequent impact of structure and 

confinement on them. This approach allowed for fracture initiation and growth due to external 

loading and the interaction between stress-induced and pre-existing fractures to be numerically 
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simulated in order to provide a better insight of the occurring fracturing mechanisms. Continuing, 

numerical simulations at a tunnel scale were conducted by utilizing the hybrid finite-discrete 

element method (FDEM), a numerical approach within which brittle fracture processes can be 

explicitly simulated by allowing a continuum to discontinuum transition of the simulated medium. 

The development of the tunnel numerical model, similar to the creation of the previously mentioned 

SRM model, was initially calibrated to the URL Test Tunnel in order to replicate the fracturing 

processes and damage observed in situ under specific stress conditions. The tunnel was excavated 

in an approximately fracture free massive rock and served as the baseline of the created numerical 

models. DFN geometries, with similar characteristics to the joint networks generated from the 

Brockville Tunnel data, were integrated into the base model in order to investigate the impact of 

pre-existing discontinuities at low confinement environments encountered along the excavation 

boundary of an unsupported tunnel. This modelling methodology was applied to obtain further 

insights into the damage evolution processes, the developing fracturing mechanisms and the 

influence of rockmass structure on brittle processes associated with spalling and strain bursting. 

1.3 Research Objectives 

This study aims to investigate the influence of pre-existing discontinuities of non-persistent nature 

on the response of deep excavations and the associated brittle damage processes. The primary 

objectives of this work are summarized as follows: 

1. Determine a workflow for discontinuity geometrical data collection by using LiDAR 3D 

surface modes of exposed rockmasses and virtual mapping in order to feed DFN generation 

algorithms. 

Based on previous work of discontinuity feature detection and identification using LiDAR 

data, a workflow is established in order to obtain discontinuity orientation and intensity 

based on the mapping of the rockmass structural features by using either automatic or 

manual techniques and examining their advantages and limitations (Chapter 3). 
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2. Generate and validate created DFN models in order to create joint network geometries 

corresponding to the field conditions. 

Specific regions from the DFN models are used to compare visually the generated joint 

geometries with the mapped discontinuities within the 3D surface model. This comparison 

was performed to properly calibrate the DFN model parameters associated with the applied 

numerical technique. Following the geometry calibration, the DFN model was validated by 

selecting random samples and creating fracture intensity distributions that were compared 

to the distributions derived from the in situ data. By employing an iterative process, it is 

ensured that the DFN model is representative of the rockmass conditions in the field 

(Chapter 3) 

 

3. Establish a method for determining the optimal number of DFN realizations and size 

required to ensure the validity of the generated joint network geometry at an acceptable 

computational cost. 

Following the generation of a large number of DFN models using the same input 

parameters, models were subjected to a random selection process. Based on the utilization 

of fracture intensity measures, a methodology to determine an accepted number of 

realizations was suggested. By generating models for different size bounding boxes, the 

same intensity measures were used to optimize the required model size in order to eliminate 

potential boundary effects (Chapter 3). 

 

4. Investigate the impact of pre-existing, non-persistent discontinuities on the rockmass 

mechanical properties under different loading conditions by eliminating associated scale 

effects. 

2D joint network geometries extracted from the 3D DFN models were integrated into 

Voronoi-DEM numerical models of large-scale laboratory test configurations in order to 
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allow for fracture initiation and growth. The scale dependency of the geometrical and 

mechanical properties of the created SRM models was addressed by examining the 

variation of obtained results in order to determine the representative elementary volume 

(REV) size. Once an REV size was established, the SRM specimens were tested for various 

loading conditions to examine the effect of joints on the rockmass strength and 

deformability (Chapter 4). 

 

5. Investigate the applicability of the FDEM method for capturing brittle failure in deep 

excavations within hard, massive rockmasses. 

Based on the well-documented case of the URL Test Tunnel, a numerical model using the 

FDEM method was created in order to numerically replicate the extensile fracturing, and 

the damage shape and extent observed at the tunnel. The unsupported tunnel model with 

the same geometrical features as the URL Tunnel was calibrated based on the in situ stress 

conditions. The strength properties adopted were established through an iterative process 

until the numerical results were in agreement with the field observations (Chapter 5). 

Additionally, the numerical analysis results were compared to well-established continuum 

approaches simulating brittle failure in order to further validate the acquired results 

(Appendix C). 

 

6. Assess the impact of pre-existing joints within hard rockmasses during an underground 

excavation under high magnitude field stresses on stress induced damage and brittle 

fracturing processes associated with low confinement encountered around an excavation 

boundary. 

Having established the base model for a deep tunnel excavation within a fracture free hard 

rockmass using the FDEM method (Chapter 5), the numerical model was enriched by 

integrating DFN geometries in order to explicitly simulate pre-existing discontinuities 
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during the analysis of the tunnel advance. The influence of the joints on the rockmass 

response was assessed for multiple joint network configurations, joint strength scenarios, 

and in situ stress conditions (Chapter 6). 

 

7. Evaluate the influence of pre-existing joints on strain bursting phenomena associated with 

deep excavations in highly interlocked rockmasses, and assess the strain energy storage 

and release mechanisms. 

This objective was addressed by examining generated FDEM models for the cases of both 

massive and jointed rockmasses. By investigating the excavation induced damage 

evolution and the ejected rockmass blocks for multiple scenarios, accumulated strain 

energy and released kinetic energy were assessed. Image processing of model contour 

screenshots, following the completion of the model analysis, allowed for the evaluation of 

the ejected block volume and the ejected block velocity. These quantities were used to 

calculate the released kinetic energy and results when compared to empirical methods for 

assessing bursting phenomena (Chapter 7). 

1.4 Thesis Overview 

Conventional practices and analysis methods do not have the ability to adequately capture the brittle 

response of hard rockmasses during a deep underground excavation. Modified continuum 

numerical approaches and discontinuum techniques have been adopted in order to simulate the 

brittle response of hard rock excavations under high magnitude stresses. However, issues arise 

when joints of non-persistent nature are present which require both the determination of the joint 

network geometry and the ability of the model to replicate the observed in situ brittle fracturing. 

As such, this thesis has incorporated all of the requisite components for investigating the response 

of hard rockmasses with pre-existing discontinuities during an underground excavation under high 
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magnitude stresses. The components forming the framework of this research are outlined in Figure 

1-4. 

 

 
Figure 1-4: Organization of thesis document, interrelated components and rationale. 
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 The thesis is organized into eight (8) chapters and four (4) appendices covering background 

materials on brittle failure of hard rocks, the numerical methods employed, the generation and use 

of DFN models, calibration and validation of the SRM and FDEM models, investigation of the 

influence of pre-existing joints on the response of deep hard rock excavations, and the appropriate 

use and practical applications of these advanced numerical tools. More specifically, the main 

portions of this work are contained in Chapters 3, 4, 5, 6 and 7 which include verbatim or with 

some small modifications the main material of six (6) journal paper contributions. Chapter 2 

provides a fundamental background on brittle failure and extensile fracturing in hard rocks, 

alternative approaches of simulating the behaviour of deep hard rock excavations, and an overview 

of relevant concepts that provide necessary information that tie the other chapters together. The 

original intent of this work was to provide a main framework within which a combination of 

advanced data collection and numerical techniques are blended together in order to simulate in a 

realistic way the behaviour of hard massive to moderately jointed rockmasses during the 

construction of a deep underground opening. This multidisciplinary approach consists of the early 

stages of data collection in which discontinuity geometrical data are obtained using remote sensing 

techniques and serve as input for the generation of multiple joint network geometries by applying 

a DFN modelling approach. The generated DFNs are then integrated into numerical discontinuum 

packages in order to investigate the influence of natural joints on the occurring fracturing 

mechanisms and damage evolution of hard rockmasses at low confinement environments, such as 

the ones encountered at underground openings. 

 The thesis document is composed of the following chapters: 

 

Chapter 1 - Introduction: This chapter serves as an overview of the research scope and objectives, 

and the main organization of the thesis document, as well as relevant concepts. 
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Chapter 2 - Strength of Hard Rockmasses at Low Confinement Environments: This chapter 

presents a literature review on the strength of rockmasses with an emphasis on hard rock materials 

and their behaviour under low confinement. The theoretical background on brittle fracturing and 

earlier work in the field are presented with the focus being on its numerical implementation and 

application in underground excavations. 

 

Chapter 3 – Published Journal Paper - Integration of Lidar-based Structural Input and Discrete 

Fracture Network Generation for Underground Applications: This chapter demonstrates an 

approach for establishing and validating discrete fracture networks (DFNs) for underground 

projects using LiDAR (Light Detection and Ranging) as the source data from an unsupported 

tunnel. By employing the representative elementary volume (REV) concept, the DFN models are 

used in order to examine the effect of the different joint sets on the estimated REV, and to introduce 

an approach of determining the required number of DFN realizations and the size of the DFN 

models. This chapter has been published in the Geotechnical and Geological Engineering (Vazaios, 

et al., 2017 - 10.1007/s10706-017-0240-x). 

 

Chapter 4 – Published Journal Papers x 2 - Determining the Strength and Deformability of 

Rockmasses with Non-Persistent Joints by applying a Synthetic Rockmass (SRM) Approach: This 

chapter presents a synthetic rock mass (SRM) approach coupling discrete fracture networks (DFNs) 

and a discrete element grain-based model (DEM) in order to characterize the mechanical properties 

of moderately jointed rockmasses under confined and unconfined conditions. Based on numerical 

modelling results of unconfined and confined compression tests, an S-shaped strength envelope is 

obtained for such rockmasses and a semi-empirical equation is proposed that relates the rock mass 

modulus to confinement as a function of the areal fracture intensity and joint stiffness. This chapter 

includes materials that have been published as two separate papers in the Journal of Rock 
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Mechanics and Geotechnical Engineering and in Computers and Geotechnics (Vazaios, et al., 

2018a - 10.1016/j.jrmge.2018.01.002; Farahmand, et al., 2018 - 10.1016/j.compgeo.2017.10.002). 

 

Chapter 5 – Published Journal Paper - The Mechanical Analysis and Interpretation of the EDZ 

Formation around Deep Tunnels within Massive Rockmasses Using a Hybrid Finite-Discrete 

Element Approach: This chapter numerically investigates the brittle behaviour of hard, massive 

rockmasses and the associated spalling failure mechanisms by applying the FDEM method. The 

generated numerical model was utilized in order to replicate field conditions based on the 

observations at the AECL-URL Test Tunnel located in Pinawa, Manitoba, Canada. The model 

results are compared to field observation data in order to explicitly demonstrate the suitability of 

the method. This chapter has been published in the Canadian Geotechnical Journal (Vazaios, et 

al., 2018b - 10.1139/cgj-2017-0578). 

 

Chapter 6 – Submitted Journal Paper - Assessing the Fracturing Mechanisms and Evolution of 

the Excavation Damage Zone of Tunnels in Interlocked Rockmasses at High Stresses by Applying 

a Finite-Discrete Element Approach: This chapter examines the influence of the pre-existing joints 

on the rockmass response during the excavation by integrating discrete fracture networks (DFNs) 

of various characteristics and under different in situ stresses into the calibrated numerical model of 

the excavation of the URL Test Tunnel. The obtained numerical analysis results highlight the great 

significance of the pre-existing discontinuities on the reduction of the in situ rockmass strength and 

the impact of the spatial distribution of the natural discontinuities on the stability of an underground 

opening. The in situ stress-joint network interaction is examined revealing the complex fracturing 

mechanisms that may lead to uncontrolled fracture propagation that compromise the overall 

stability of an underground excavation. This chapter has been submitted to the Journal of Rock 

Mechanics and Geotechnical Engineering (Vazaios, et al., 2019b - Submitted July 9th 2018 - 

JRMGE_2018_339). 
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Chapter 7 – Accepted Journal Paper - Assessment of Strain Bursting in Deep Tunnelling by Using 

the FDEM Method: This chapter illustrates a practical application of the FDEM method in deep 

hard rock excavations by investigating the mechanisms of energy storage and rapid release resulting 

in bursting, and assessing its potential utility as part of the design process. Following the calibration 

of the numerical model to simulate a hard, massive rock, discrete fracture network geometries are 

incorporated into it to examine the impact of structure on rockbursting under high stresses. 

Obtained results show the importance of explicitly simulating pre-existing joints affecting both the 

mobilized failure mechanisms and the intensity of strain bursting phenomena. This chapter has 

been accepted for publication in the Journal of Rock Mechanics and Geotechnical Engineering 

(Vazaios, et al., 2019a - Accepted June 10th 2018 - JRMGE_2018_146). 

 

Chapter 8 - Conclusions: This chapter summarizes the key findings of this research, the main 

contributions to the scientific and engineering communities, and provides recommendations for 

future investigation within this field. 

 

Appendix A - Discontinuum Numerical Modelling: In this appendix the theoretical background of 

the DEM and FDEM methods that were used in this work is provided. 

 

Appendix B - Discontinuum Analysis for Tunnelling Purposes: Procedure and Considerations for 

Creating 2D Models by Applying the FDEM Method: This appendix details the modelling 

assumptions, including considerations and limitations in order to assist with the setup of FDEM 

tunnel models in hard rockmasses and serve as a guide to the practicing engineer for tunnelling 

projects. The specifics associated with such a modelling methodology/strategy, model set-up, 

calibration and validation (and considerations at each stage) are the focus, with the appendix also 

summarizing in a systematic fashion, the subsequent checks required of a tunnel design engineer 

in order to gain confidence with the numerical model as well as the analysis process for an 
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underground tunnel excavation. A modified version of this appendix is included in the Proceedings 

of the Annual Conference of the Canadian Geotechnical Society (CGS) GeoEdmonton 2018, 

Edmonton, Canada, Sept. 23-26 2018 (Vlachopoulos & Vazaios, 2018a). 

 

Appendix C – Published Journal Paper - The numerical simulation of hard rocks for tunnelling 

purposes at great depths-A comparison between the hybrid FDEM method and continuous 

techniques: This appendix illustrates a comparison between the hybrid FDEM and approaches 

using the finite element method (FEM), in order to investigate the efficiency of these methods in 

simulating brittle fracturing. The numerical models are calibrated based on data and observations 

from the URL Test Tunnel. Additional analyses are performed by integrating DFN geometries in 

order to examine the effect of the explicit simulation of joints in brittle rockmasses. This appendix 

has been published in Advances in Civil Engineering (Vlachopoulos & Vazaios, 2018b - 

10.1155/2018/3868716) 

 

Appendix D - Computational Time of the Numerical Simulations: This appendix reports the 

computational time of selected DEM and FDEM models. 

 

 Being a manuscript thesis, the primary areas of research are captured within the six (6) 

journal papers that make up this document as well as the detailed rockmass strength and 

discontinuity network geometry frameworks that were studied as part of this investigation (covered 

in twelve (12) conference papers). The other chapters provide the background information and 

connect specific themes that are presented in each of the journal papers. 
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Chapter 2 

Strength of Hard Rockmasses at Low Confinement Environments: 

Background and Review 

2.1 Introduction 

In deep tunnelling excavations and underground mining operations at great depths within massive, 

highly interlocked rockmasses, the material response is controlled by confinement reduction and 

tensile damage occurring as the excavation face advances. Fracturing at a micro-scale, due to the 

decreasing confinement near underground excavations, leads to a failure process that is inconsistent 

with conventional shear-based failure criteria as a result of exceeding the tensile strength of the 

rock (Diederichs, 2003). The strength of a rockmass and the associated damage under such 

conditions are governed by fracture initiation and crack propagation mechanisms that are 

insensitive to confinement. The strength locus of brittle rockmasses can be represented by a 

multiphase linear failure envelope, as shown in Figure 2-1 (Diederichs, 2000; 2003; 2007), as a 

result of fracture accumulation and propagation due to the tensile failure, and the reduction of the 

yield surface to the damage initiation threshold as a result of the material deconfinement and 

relaxation of the confining stresses. 

 For principal stress combinations below a specific threshold at which fracturing initiates, 

the material remains undisturbed and does not experience damage. Once that threshold is exceeded, 

extensile fracturing occurs resulting in acoustic emission (AE) events. As soon as damage due to 

micro-crack accumulation reaches an upper limit of crack intensity for crack coalescence and 

interaction, shear failure at the macro-scale is manifested if confinement is adequate (for instance 

in triaxial compression tests of cylindrical rock samples). Due the advancing excavation face at 

great depths, the competent rock material transitions from a high in situ stress regime to a zone of 

low confining stresses, with the resulting stress path moving to the left-hand-side of Figure 2-1. 
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After reaching the damage initiation threshold, isolated fractures can propagate beyond the 

boundaries of the mineral grains comprising the rock resulting in macroscopic axial splitting with 

the fractures following the direction of the major principal stresses σ1 and normal to the trajectory 

of the minor principal stresses σ3. As a result of this, the macroscopic rockmass strength in the field 

is significantly lower than the strength predicted from laboratory testing, since less cracks can lead 

to yielding, with the sample failure under axisymmetric compression also being subjected to the 

geometrical constraints of the specimen. 

In the following sections, a brief review of traditional rockmass strength models used in 

practice will be discussed in order to highlight their limitations and inadequacy to capture the brittle 

nature of massive rockmasses under low confining stresses. Following that, the observed failure 

mechanisms of brittle fracturing within hard rocks will be addressed in detail in order to provide 

the associated theoretical background and a better insight of rockmass behaviour during an 

underground excavation at great depths. 

 

Figure 2-1: Schematic of a brittle failure envelope. Four zones of distinct rockmass failure 

mechanisms can be identified: no damage, unravelling, spalling, and shear failure. σc is the 

unconfined compressive strength (UCS) from laboratory tests (Diederichs, 2007). 
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2.2 Review of Rock Strength and Failure Models 

Constitutive models developed to simulate material strength are usually represented by a 

relationship similar to Equation 2-1: 

 f(σ , σ , σ , a, β, γ) = 0 [2-1] 

in which the rockmass strength is usually expressed as a function of the principal stress components 

σ1 (major), σ2 (intermediate), and σ3 (minor) in the three-dimensional (3D) principal stress space, 

with α, β and γ the direction cosines of each stress component respectively. For isotropic rocks or 

rockmasses, Equation 2-1 can be simplified to: 

 f(σ , σ , σ ) = 0 [2-2] 

Such an expression represents a surface for which stress combinations with f<0 lie below the 

surface with the material having an elastic behaviour. When f=0, the peak material strength has 

been achieved and the material transitions from the elastic region to the plastic region. For f>0, 

these stress combinations are unstable and cannot be sustained (Lubliner, 1990). 

 Among the most commonly used failure criteria for the modelling of geomaterials are the 

Mohr-Coulomb, Tresca, Von-Mises, Drucker-Prager etc. (Walton, 2014). While the 

aforementioned criteria have been successfully incorporated into analytical solutions and numerical 

continuum models, they have limitations in simulating the behaviour of a rockmass due to their 

inability of capturing the non-linear increase in strength with the incremental increase in hydro-

static stress, which becomes less significant for hydrostatic stresses of higher magnitude. 

Data acquired from laboratory testing for intact rock have shown that the yield surface is 

shaped as a pointed bullet with smoothly rounded triangular cross-sections (Hoek & Brown, 1980a; 

Lade, 1993), and one criterion that captures this material response is the Hoek-Brown (H-B) 

criterion (Hoek & Brown, 1980b; Hoek, et al., 2002). Developed based on laboratory test data, the 

H-B criterion was designed to be used for confined hard rock conditions surrounding underground 

excavations (Hoek & Marinos, 2007), with Equation 2-3 providing the most recent form of the 

criterion in order to estimate the strength of jointed rocks: 
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 σ = σ + σ m
σ
σ

+ s  

 
[2-3] 

σ1, σ3: Major and minor principal stresses respectively 

σci: Unconfined compressive strength of the intact rock 

mb: Reduced value of the material constant for the intact rock mi according to Equation 3-4: 

 

 m = m exp
GSI − 100
28 − 14D

 
 

[2-4] 

 

GSI: Geological Strength Index (Hoek & Marinos, 2000) 

D: A factor which depends on the degree of the ground disturbance to which the rockmass has been 

subjected by blast damage and stress relaxation 

 
s and α are constants for the rockmass given by Equations 2-5 and 2-6: 
 

 s = exp
GSI − 100

9 − 3D
 

 
[2-5] 

 a =
1
2

+
1
6

e / − e /  

 
[2-6] 

Similarly to the H-B criterion, other failure criteria such as the ones suggested by Fairhust (1964), 

Franklin (1971), Bieniawski (1974), Ramamurthy et al. (1985), Yoshida et al. (1990) etc. aimed to 

capture the non-linear rockmass response with increasing confinement (Table 2-1). 

 Such conventional rock strength criteria are based on curve fits to data obtained at low and 

high confining stresses, and in the process of such a generalized fit of finite order, the high 

sensitivity of hard rock strength to confining stresses close to and under zero (tension) is not 

adequately captured (Diederichs, 2000). Within massive and highly interlocked rockmasses, yield 

and fracturing are governed by the level of confinement, as shown in Figure 2-1. Under direct 

tension conditions the rock splits along a discrete planar or curviplanar surface in a catastrophic 

fashion. At approximately zero confining stresses compressive failure manifests in the form of 
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extensile fractures parallel to the direction of the high compressive stresses and as these cracks 

propagate shear fractures at high angles are formed from these coalescing extension cracks. 

Increase in confinement results in constraining the mechanisms forming extensile fractures and the 

development of moderate angle shear zones is promoted. These shear zones are comprised of short, 

closely spaced axial extension cracks. Finally, at high magnitude confining stresses (e.g. σ3>>> 

unconfined compressive strength, UCS) shear fracture initiation and development control the 

material behaviour at yielding (Diederichs, 2000). 

 This confinement magnitude behaviour is reflected in the curved strength locus of yield 

models similar to the H-B criterion. However, materials within which frictional slip is the 

governing mechanisms regardless of the confinement level is in contrast with the response of brittle 

rockmasses in which extensile fracturing is dominant. Conventional constitutive models do not 

have the ability to reflect the confinement dependency of their yield function due to non-frictional 

mechanisms such as extensile fracturing. A conceptual illustration of that contrast in behaviour is 

shown in Figure 2-2 by comparing the observed slip surfaces in frictional materials once yielded, 

with the near boundary extensile failure encountered in hard rock under high in situ stresses. 

 

Figure 2-2: Schematic failure modes for (a) continuum plastic shear, and (b) brittle spalling 

(Diederichs, 2000). 
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Table 2-1: Yield criteria used for modelling rock materials. 

σ1: Major principal stress σ3: Minor principal stress σc: unconfined compressive strength σt: tensile strength 

α, β, c and mi: curve fit constants (usually expressed as functions of σc and σt), τoct: octahedral shear stress 
  

Griffith (1924) ( − ) = 8 ∙ ∙ ( + ) 
  

Mohr-Coulomb, Bodonyi (1970) = + ∙  
  

Balmer (1952), Johnston (1985), Sheorey et al. 

(1989) 
= ∙ 1 +  

  

Fairhust (1964) ( − ) = + ∙ ( + ) 
  

Hobbs (1964) = + + ∙  
  

Murrel (1965) = + ∙  
  

Franklin (1971) = + ∙ ( + )  
  

Bieniawski (1974) = + ∙  

  

Hoek-Brown (1980b) = + ( ∙ ∙ + ) /  
  

Ramamurthy et al. (1985) = 1 + ∙  

  

Yoshida et al. (1990) = + ∙ ∙ +  

  

Mogi (2007) = + ∙
+
2

 

 

2.3 Brittle Fracturing Mechanisms in Hard Rocks 

The complex behaviour of rocks and rockmasses have presented paradoxes to rock engineers, one 

of which is the fracturing of seemingly strong, hard rocks under low stress confinement 

(Diederichs, 2003; Stacey & Yathavan, 2003; Diederichs, 2007; Stacey, et al., 2007; Wesseloo & 

Stacey, 2016), with these conditions often encountered within the vicinity of excavation 

boundaries. In an underground setting, the growth of microscopic damage due to excavation 

induced and redistributed stresses results in the formation of macroscopic fractures along the tunnel 
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circumference. The problem of brittle fracturing and associated damage in deep mining operations 

(Fairhust & Cook, 1966; Hoek, 1968; Hoek & Brown, 1980a; Martin, 1997; Martin, et al., 1997; 

Read, 2004) and deep tunnelling excavations (Lee, et al., 2004; Kaiser & McCreath, 1994; 

Diederichs et al., 2004, 2013; Diederichs, 2003, 2007) within massive and sparsely fractured 

rockmasses control the material response and usually result in spalling failure or rockbursting. 

 Spalling is the development of visible fractures due to extension under high compressive 

stresses, and while brittle in nature it does not have to be violent. Spalling processes control rock 

damage and the manifested failure in crystalline rocks within the vicinity of underground 

excavations where high magnitude tangential stresses compressive in nature are developed. 

Spalling fractures are tensile in nature and they are formed along the direction of the compressive 

loading (tangential stress concentrations-major principal stresses), hence following the excavation 

boundary. Being violent or non-violent, or even time dependent, in unsupported excavations and 

under highly anisotropic stress conditions, the process of spalling can form notch geometries 

(Diederichs, 2007), as shown in Figure 2-3. 

 

 
Figure 2-3: Compression-induced grain-scale spall damage around a 3.5 m diameter tunnel 

in massive granite (Diederichs, 2000). 
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 Strain bursting, on the other hand, is violent in nature and occurs due to the rupture of a 

volume of wall rock under high magnitude stresses (Figure 2-4). Strain bursting occurs as the result 

of the instability created (e.g. buckling) by the formation of parallel and thin spalls slabs that 

provides for the sudden energy release. 

In most cases of moderately extensive brittle spalling failure, the material beyond the 

spalling zone is relatively competent and the excavation is typically self-stable following the 

failure, given that the local stress state remains unchanged (Diederichs, 2007). 

 

 
Figure 2-4: Rockburst event at one of the tunnels of the Jinping II Hydropower Station, 

China. (a) Failed material boundary, (b) ejected fragments and pieces or rod, (c) rockbolts at 

the spandrel, and (d) shotcrete slabbing (Zhang, et al., 2012). 

 

 In the following sections, a brief overview on fracture initiation and propagation, factors 

affecting the in situ strength of competent rockmasses in underground excavations, and the 

modelling of the observed failure mechanisms are discussed. 
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2.3.1 Theoretical Fracture Initiation 

Griffith (1921) proposed that tensile failure in brittle materials, such as glass, initiates at the tips of 

pre-existing defects and flaws. By assuming that these defects can be represented as flat elliptical 

disks, his original work focused on material fracturing under tension and later he extended his 

findings for materials under biaxial compression (Griffith, 1924). The equation governing tensile 

failure initiation in a biaxial compressive stress state is given in Table 2-1. Figure 2-5 provides a 

schematic of tensile crack propagation from an inclined elliptical crack under biaxial compression. 

 

 
Figure 2-5: Tensile crack propagation from an inclined elliptical Griffith crack in a biaxial 

compressive stress field (Hoek & Martin, 2014). 

 

 McClintock and Walsh (1962) in order to account for closed cracks, since in the case of 

rocks most of the defects from which tensile cracks are formed are grain boundaries which are 

usually cemented and have to be considered closed, proposed that tensile fracture from closed 

Griffith cracks can be predicted on the basis of the conventional Mohr-Coulomb equation. The 

sliding crack model was a popular tool for explaining rock behaviour, however, experimental work 

in the literature failed to observe sliding micro-cracks in rock specimens under various loading 

conditions (Brace, et al., 1966; Wawersik & Brace, 1971; Hallbauer, et al., 1973; Tapponier & 
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Brace, 1976; Fonseka, et al., 1985; Reyes, 1991). On the contrary, experimental work by Brace et 

al. (1966) attributed inelastic pre-rupture dilation phenomena to axial (extension) micro-cracking. 

 Griffith’s theory and its extensions provide a solid foundation for understanding the basic 

mechanics; yet, an isolated crack in a semi-infinite plate is a model with significant limitations for 

rock fracturing as significant complexities of the grain-based network is what promotes tensile 

failure and fracture propagation in the intact parts of the rock (Figure 2-6). Fractures cannot initiate 

or propagate beyond several initial crack lengths without significant local inhomogeneity 

(Diederichs, 2000). Additionally, experimental work by Hoek (1965) in which flat open cracks 

were machined into glass plates and loaded biaxially confirmed the initiation of tensile cracks from 

near the tips of the original flaws. However, the length of the tensile cracks was limited depending 

on the provided confinement-loading ratio. Several researchers (Ashby & Hallam, 1986; Kemeny 

& Cook, 1987; Martin, 1997; Cai, et al., 1998) showed the importance of confinement in limiting 

the length of these tensile cracks from pre-existing defects in brittle materials when subjected to 

compressive loading. 

 

 
Figure 2-6: Crack path in a specimen of Witwatersrand Quartzite from a deep gold mine in 

South Africa, sectioned after unconfined compressive loading to about 75% of its unconfined 

compressive strength (UCS) (Hoek & Bieniawski, 1965). 
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2.3.2 Observations of Damage in Hard Rocks 

Based on the work of numerous researchers (Fairhust & Cook, 1966; Hallbauer, et al., 1973; 

Tapponier & Brace, 1976; Fonseka, et al., 1985; Martin, 1994), microcracks parallel to the direction 

of loading σ1 can be observed in unconfined and confined compression tests on hard rocks. These 

cracks initiate at a level of deviatoric stress of approximately 25% and 50% of the rock peak 

strength. At low stress levels, cracks initiate within or at the boundary of grains and propagate in 

the direction of the major principal stress σ1 until they reach the nearest boundary or defect. As σ1 

increases further, these cracks extend beyond the grain boundaries, they interact and coalesce, 

hence forming long axial cracks when confining stresses are low, or forming bands that rupture in 

shear. As shown in Figure 2-7, the material response is relatively linear as long as the imposed 

stress is relatively low and less than a critical crack damage stress (usually between 65% and 80% 

of the UCS). Once this critical stress is exceeded crack interaction takes place and the material is 

characterized by a non-linear behaviour until it reaches its ultimate strength and ruptures. 

 

 
Figure 2-7: Different stages of crack damage accumulation: The crack initiation (CI-U: 

Upper and L: Lower) and crack damage (CD) stress states are highlighted (Ghazvinian, 2015 

modified after Diederichs, 2000). 

 



28 

 

 Work by Diederichs (2000, 2003) showed that both spalling and macroscopic shear rupture 

seem to be the result of tensile damage initiation and accumulation, with microscopic shear 

initiation mechanisms only becoming dominant at very high confining stresses or at extremely low 

loading rates. On the contrary, at low to moderate confinement levels, shear band formation is the 

result of the interaction and coalescence of extensile cracks. Macroscopic or inter-granular friction 

is not a factor in the damage process until well after the peak strength has been exceeded and fully 

localized failure has developed (Diederichs, 2003). 

 The initiation of cracks at the weakest elements depends on the developed deviatoric stress 

and is relatively insensitive to confinement. In materials such as hard rocks within which crack 

accumulation is of stochastic nature due to the material inhomogeneity, yield is a function of a 

critical probability of crack interaction which is associated with a critical amount of accumulated 

lateral extension strain (normal to the major compression axis). Once a critical number of extensile 

fractures has been generated in the examined material, crack coalescence marks the onset of true 

yield. In laboratory tests this determines the upper bound for long-term, sample and geometry 

independent strength (Diederichs, 2003; 2007). However, crack interaction and yield can occur 

with fewer individual cracks initiated at lower compressive stress states, if the crack extension 

length is increased. 

 At an excavation scale, there are two practical issues associated with brittle fracturing and 

spalling processes: 

1. The identification of the conditions that will initiate fracturing, and 

2. Defining the extent and depth of damage inflicted on the surrounding rock due to the 

advancing excavation face. 

In underground excavations there are a number of mechanisms including scale effects, pre-existing 

fractures, excavation induced damage due to the employed construction method, crack-surface 

interaction and enhanced crack propagation, heterogeneity-induced localized etc.. While the crack 
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initiation threshold is not affected by these factors, their cumulative effect decreases the in situ 

yield strength within the vicinity of an excavation boundary. 

 Based on the well-documented case of the Underground Research Laboratory (URL) Test 

Tunnel in Manitoba, Canada (for more details the reader is referred to Chapter 5), Martin et al. 

(1997) described in detail the spalling processes that occurred within a massive granite at a depth 

of 420 m (Figure 2-8). The intent of the experiment was to study the excavation induced damage 

from stress redistribution. The excavation was conducted by using line drilling and rock splitters in 

order to avoid the potential for blasting-induced damage (Hoek & Martin, 2014). 

 

 
Figure 2-8: Spalling in the roof and floor of circular test tunnel in Underground Research 

Laboratory at Pinawa in Manitoba, Canada (Hoek & Martin, 2014). 

 

 The developed brittle failure manifested as a relatively gentle fracture process during the 

face advancement. Scaling and removal of unstable rock fragments revealed the full extent of the 
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damage on the surrounding ground. Upon the removal of these unstable blocks, minor amounts of 

new spalling were triggered, hence suggesting the critical role of even low confining stresses that 

govern spalling processes. As shown in Figure 2-8, for in situ stress ratios not equal to unity (K≠1), 

the failure geometry was notch shaped and the surrounding ground was self-stable after failure. In 

a similar fashion to laboratory tests, spalling is a process involving the development of fractures in 

a direction parallel to the maximum, tangential, compressive stresses and to the excavation 

boundary. The unstable growth and propagation of these fractures beyond the grain scale of the 

rock results in the failure mechanism shown in Figure 2-8 due to the low confining stresses at the 

boundary of the excavation. 

 The extensile crack initiation as a result of various internal heterogeneities and strain 

discontinuities within polycrystalline and clastic materials is the primary form of damage even 

under compression for hard rocks (Griffith, 1921; Tapponier & Brace, 1976; Stacey, 1981; Myer, 

et al., 1992; Lee & Haimson, 1993; Diederichs, 2000), and the fracturing process is controlled by 

the internal tensile strength (Diederichs, 2007) and extensile strain capacity of the material 

(Bridgman, 1912, Wesseloo & Stacey, 2016). Under the effect of low confining stresses, this 

extension (Mode I) (Figure 2-9) of cracks lead to the familiar spalling processes observed in low 

confinement compressive samples and around hard rock openings at depth (Diederichs, 

2003;2007). 

 

 
Figure 2-9: Basic modes of fracturing: Mode I is fracture opening in tension, Mode II is 

fracturing in shear in the in-plane direction, and Mode III is referred to cracks fracturing in 

shear in the out-of-plane direction (Dugdale, 1960). 
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2.4 Modelling Brittle Failure 

Classical strength models from plasticity based on shear failure are appropriate for the modelling 

of weaker rockmasses which also fail in shear. However, fracturing in brittle rockmasses is 

controlled by the tensile strength of the material and cannot be captured by these models. Paterson 

and Wong (2005) have noted that unless the physical mechanisms controlling more than one failure 

modes are the same, it cannot be assumed that one failure criterion will apply to more than one 

failure mode. For rock materials characterized by a high compressive strength to tensile strength 

ratio, failure in tension is more common (Paterson & Wong, 2005), and it is the determination of 

strength under compression at low confining stresses that presents a major issue in terms of how 

strength properties are fundamentally defined since it depends on processes of tensile fracturing 

(Walton, 2014). Based on field observations newer models for determining the strength of brittle 

rocks have been developed by various other researchers. These concepts are introduced in the 

following sections to highlight the efforts required to capture the physical mechanisms of spalling 

failure and extensile fracturing numerically. 

2.4.1 The Cohesion-Weakening-Friction-Strengthening Model 

Due to the inability of conventional shear strength-based criteria to capture the brittle failure 

processes that depend on the accumulation of tensile damage (Pelli, et al., 1991; Castro, et al., 1995; 

Martin, 1997; Martin, et al., 1999), alternative approaches were investigated. Shear failure criteria, 

such as the Mohr-Coulomb and Hoek-Brown criteria, tend to underestimate the extent of brittle 

failure resulting in an incorrect failure zone shape being predicted (Martin, et al., 1998) (the reader 

is referred to Appendix C). Hoek et al. (1995) suggested the use of an elastic-brittle-plastic strength 

model with greatly reduced H-B parameters for the residual strength to obtain model results 

approaching the in situ observations. By using a H-B constitutive model, near-zero values of the 

material constant m (Equation 2-3) need to be adopted, as well as a UCS value of approximately 
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40% of the peak UCS in the laboratory. As noted by Diederichs (2000), the use of low m values is 

consistent with the extensile mode of spalling damage. 

 Martin et al. (1999) proposed that the inability of conventional shear based failure criteria 

to capture the response of brittle rocks is due to the simultaneous mobilization of cohesion and 

friction which is not true in the case of brittle failure. On the contrary, cohesion governs the material 

behaviour until damage initiates, and once shear occurs along grain boundaries cohesion is lost. It 

is then that the frictional component of the strength is mobilized. It has to be noted that before peak 

frictional strength is attained, cohesion can decrease drastically and reach a low value, as shown by 

Martin and Chandler (1994) based on studies of the Lac du Bonnet (LdB) granite. Their study also 

revealed that after reaching a peak value, the friction angle gradually dropped until a residual value 

was achieved; a result consistent with studies performed in clay by Schmertmann and Osterberg 

(1960). 

In order to apply this concept in continuum based numerical models, Hajiabdolmajid et al. 

(2002) adopted a strain dependent cohesion weakening-frictional strengthening (CWFS) model 

where the residual cohesion and friction angle values are used in the model as a function of plastic 

strain. By employing this approach, they were able to capture the shape of the failed zone observed 

at the URL Test Tunnel. Diederichs (2007) used an instantaneous cohesion-weakening frictional 

strengthening model with the H-B parameters by developing the Damage Initiation Spalling Limit 

(DISL) model. The DISL model has been successfully implemented in the finite element code RS2 

(former Phase2-Rocscience, 2017) in order to simulate the observed failure zone of the URL Mine-

by-experiment tunnel within the massive LdB granite. The model is based on a set of “peak” 

strength parameters defined by the crack initiation (CI) threshold of the rock, and a “residual” set 

of parameters representing the spalling limit. This approach is similar but simpler than the 

methodology developed by Hajiabdolmajid et al. (2002) as the cohesive strength reduction and 

frictional mobilization are independent of the plastic strain magnitude. The reader is referred to 
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Appendix C for more information on the approach and a comparison with the Finite-Element-

Discrete-Element method (FDEM), which is discussed in more detail in Appendix A. 

An alternative approach is the so called improved unified constitutive model (IUCM) 

proposed by Vakili (2016). The suggested constitutive model employs the H-B criterion to 

determine the instantaneous Mohr-Coulomb parameters cohesion and friction angle at each level 

of confining stress. The IUCM follows a simple computation procedure that uses the initialized 

pre-mining or induced stresses to obtain both cohesion and friction angle. These instantaneous 

parameters are updated in real-time as the model runs and as new phases of confinement are formed 

from nearby damage or geometrical changes. In this methodology, the transition of the rockmass 

from its peak state to its residual state is expressed in terms of a critical plastic strain (Figure 2-10) 

which is used to replicate the strain softening behaviour within the model. Because of the non-

linear nature of the peak failure envelope and the instantaneous cohesion and friction angle, the 

strain-softening behaviour is calculated separately for each zone in the model based on its current 

confinement, cohesion, friction angle, and plastic shear strain. By using the URL Test Tunnel case 

for the validation of the model, it was shown that the suggested constitutive model replicates the 

observed failure mechanism relatively well (Figure 2-11). 

 



34 

 

 
Figure 2-10: Conceptual representation of the post peak rockmass behaviour as represented 

in the IUCM (Top) in the principal stress space, and (Bottom) in the stress-strain space 

(Vakili, 2016). 

 
Figure 2-11: Validation of the IUCM for modelling of a massive brittle rockmass using the 

URL Test Tunnel case: (Left) Volumetric strain contours, and (Right) yielded zones (Vakili, 

2016). 
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2.4.2 Modelling Spalling Processes using Discrete Element Methods 

In order to capture brittle fracturing in hard rock materials at an excavation scale, the Distinct 

Element Method (DEM) (Appendix A) has also been employed to simulate stress induced 

fracturing due to tunnelling in massive rockmasses, and especially for the case of the URL Test 

Tunnel. Potyondy and Cundall (2004) used the Particle Flow Code (PFC) in a two-dimensional 

model in order to capture the spalling processes at the URL. Initially they calibrated the model to 

the UCS of the intact LdB granite and it was observed that the induced failure could only be 

captured either by increasing the far field stresses imposed on the model or by reducing the strength 

properties of the contacts between the particles comprising the rockmass. After lowering the 

strength micro-properties of the model, the notch shaped failure observed in the field could be 

captured by the model, as shown in Figure 2-12. By using these calibrated micro-parameters the 

UCS of the simulated material was estimated at around 105 MPa, which was approximately 50% 

of the granite strength obtained from laboratory tests. 

 

 
Figure 2-12: (Left) PFC2D portion of coupled PFC2D-FLAC Mine-by model and (Right) 

damage patterns in the potential damage region of the Mine-by Model (Potyondy & Cundall, 

2004). 
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 By using a grain-based-model (GBM) approach (for more details the reader can refer to 

Chapter 4) in UDEC, Shin (2010) calibrated the contact parameters of a 2D UDEC-GBM model to 

the direct tensile strength, indirect (Brazilian) tensile strength and unconfined and confined 

compressive strengths of the LdB granite. The model was comprised of polygonal Voronoi blocks 

that represent the grains of the rock material with these grains being assumed non-fracturable 

(Figure 2-13a). These Voronoi grains allow for fracture initiation and propagation depending on 

the strength and stiffnesses of the contacts based on the imposed loads on the simulated material. 

For the simulation of the contacts between the grains Shin (2010) adopted a strain-dependent 

CWFS model, as previously discussed, which resulted in the prediction of a more realistic 

volumetric strain. Employing this technique, the fracturing processes and the v-shaped notch type 

failure (Figure 2-13b) was comparable to that observed at the URL Test Tunnel; with some 

assumptions for the used joint stiffness values to account for scale effects. A possible explanation 

for the differences between the field observations and the predictions of the model is that there was 

no material collapse and hence no removal of the damaged zone (added confinement). Accordingly, 

the resultant stress redistribution is not simulated accurately. 
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Figure 2-13: (a) Polygonal block assemblage for the Mine-by-experiment in UDEC and the 

locations of vertical and horizontal extensometers (Ext. 5 and 7), and (b) Development of 

cracks around the excavation based on a cohesion-loss friction-mobilized model (Shin, 2010). 
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2.5 Chapter Summary 

Underground excavations within massive highly interlocked rockmasses result in stress induced 

damage that is controlled by brittle fracturing processes due to the low confinement conditions 

encountered along the excavation boundary. Brittle fracturing of hard rocks under such conditions 

has been the focus of interest of various researchers. This chapter presents the basic theoretical 

background and a brief literature review to provide insight of the fracturing mechanisms of brittle 

rockmasses. The concepts presented covered both laboratory testing and field observations that 

have been incorporated into numerical models by adopting different methods for the simulation of 

the in situ rockmass strength in large scale excavations and to make reasonable estimates of both 

the damage mechanisms and damage extent under low confining stresses at great depths within 

hard rocks. 
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Chapter 3 

Integration of Lidar-based Structural Input and Discrete Fracture 

Network Generation for Underground Applications 

This chapter has been published in the journal Geotechnical and Geological Engineering: 
Vazaios, I., Vlachopoulos, N., and Diederichs, M.S. 2017. Integration of Lidar-based structural input and 
discrete fracture network generation for underground applications. Geotechnical and Geological 
Engineering, 35(5): 2227–2251, DOI: 10.1007/s10706-017-0240-x. 
 

A link to the published paper can be found at: 
https://doi.org/10.1007/s10706-017-0240-x  

 
 

3.1 Introduction 

The behaviour of a rockmass can be complex and it is strongly influenced by various geological 

structures at different scales, such as discontinuities, faults, foliation etc.. Therefore, identifying 

and characterizing these structures is important when evaluating and assessing a specific rockmass. 

While analysis of rock discontinuities includes the application of several techniques which are 

usually the state of practice (ISRM, 1978; Priest, 1993), manual geological data collection can be 

a difficult task, especially in underground projects in which the exposed rockmass can be limited 

and/or difficult to access. Further complications may occur with the integration of the geological 

survey in a construction active environment (Fekete, et al., 2010). 

Remote sensing techniques that can produce a detailed 3D geometric model, such as 

LiDAR (Light Detection and Ranging) and photogrammetry, have been proven valuable in the field 

of geotechnical and geological engineering with various applications. Given the difficulties in 

underground projects, their value as tools can be even greater as they can assist in the structural 

mapping of rockmasses based on 3D images. In this way discontinuity geometrical properties can 

be obtained in order to characterize the structures within a rockmass. 
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Moreover, the obtained discontinuity data can be used along with different numerical tools 

in order to assist in the evaluation and assessment of other rockmass properties, such as strength, 

deformability etc. (Kulatilake, et al., 2004; Esmaieli, et al., 2010; Farahmand, et al., 2015). 

However, obtaining actual 3D data from a rockmass in order to conduct an accurate simulation is 

difficult even with the availability of scanning tools such as LiDAR. The observational biases in 

data obtained from a 3D tunnel model obtained from scanning can often lead to a misrepresentation 

of the near-tunnel internal rockmass structure if only observed discontinuities are discretely 

modeled (Fekete & Diederichs, 2012). The initial development of Discrete Fracture Networks 

(DFN) helped in filling that gap by creating stochastic models based on in-situ observations. The 

methodology presented in this study uses a modelling approach in which the stochastically 

generated fractures are enhanced by the creation of deterministic ones, based on mapped fracture 

traces. In this way the variability of the geometrical features of the rock discontinuities can be 

investigated and therefore a better insight of the examined rockmass can be gained. However, it is 

quite crucial that both the selected input parameters, the chosen modelling options and the process 

for model generation are geologically sound and representative of a given rockmass.  

For the purposes of this study, 3D images from laser scanning of the Brockville Tunnel, 

located in Ontario, Canada were used to create a 3D surface model of a 10 m section of it. Structural 

features of the rockmass were mapped explicitly within the LiDAR derived data and a dataset of 

geometrical discontinuity properties was created to be used as input for the generation of stochastic 

DFN models. The generated models were used to assess the rockmass using the geometrical 

Representative Elementary Volume (REV) concept. An approach to determine the required number 

of DFN realizations and DFN size is introduced. 
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3.2 The Brockville Railway Tunnel and the Geological Conditions 

The Brockville Railway Tunnel located in Ontario, Canada (Figure 3-1) was built between 1854 

and 1860, and as part of Canada’s national heritage, is its oldest railway tunnel. With a total length 

of 520 m, it connected the main national rail line with the industrial waterfront of the town. For the 

excavation of the tunnel three different techniques were employed in order to deal with the variable 

geological conditions, including (a) A cut-and-cover brick arch in the south portion for a 180 m 

section, (b) an unsupported rock span in the middle section for 120 m through Precambrian 

paragneiss, and (c) a top-heading-and-bench through lodgment till with masonry lining for 220 m 

at the northern section. 

The tunnel profile is primarily arch-shaped with a width of approximately 4.25m and a 

height of 4.50m. A Precambrian quartzite (paragneiss) is the dominant rockmass type in the tunnel, 

with the presence of a granitic gneiss or a syenite also possible, as the tunnel sits in a folded regime 

with these three lithologies. The presence of flatly bedded Ordovician sedimentary rocks 

(calcareous sandstones, dolomites and limestones) lying unconformably above the tunnel or nearby 

to the east is also possible. These sedimentary rocks present are possibly the source of the calcium 

and magnesium deposits in the tunnel, as the drainage gradient is likely southwest (Figure 3-1d). 

The general rock quality observed in the tunnel can be characterized as fair, with local areas of 

lower quality material where structures intersect the tunnel. The rockmass behaviour is dominated 

by pervasive joint sets parallel to the tunnel. The dominant natural fracture patterns found in the 

rockmass are three, two of which are approximately subvertical and a strong horizontal joint set 

found mostly in the roof of the tunnel. The combination of these leads to the squaring of the tunnel 

profile at specific locations (Diederichs, et al., 2013). 
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Figure 3-1: (a) Location of the city of Brockville, Ontario, Canada (Google Maps, 2016); (b) 

South portal with the City Hall of Brockville in background; (c) South brick-section looking 

towards the portal; (d) Queen's engineering students visiting the tunnel and, viewing calcite 

and magnesium formations resulting from the leaching of Nepean sedimentary rocks 

(Diederichs, et al., 2013). (e) Middle section, of unsupported gneiss, investigated in this study. 

The width and height of the tunnel are approximately 4.25 m and 4.50 m respectively. 

 

3.3 LiDAR Data and Generated 3D Surface Model 

For the collection of the data from the Brockville Tunnel the Leica HDS 6000 laser scanner was 

used. The total length of the tunnel was scanned in high resolution, with a single three-dimensional 

scan consisting of millions of positioned points relative to a single tripod setup (Figure 3-2a). The 

tunnel was scanned at 5 m intervals (approximately equal to the average tunnel diameter) with a 

3,600 rotation. The scanning was performed in such a fashion in order to secure sufficient overlap 

between the independent scans (Figure 3-2b) and minimize the angular occlusion, as a large number 

of them typically leads to low-quality point-clouds (Lato, et al., 2010). For the entire tunnel 110 

scans were taken in total. The scans which were obtained through this process were aligned and 

stitched together by using the overlap between them and by identifying structural features of the 
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rockmass shared between the scans. The alignment process between the scans was employed in the 

Polyworks software (Innovemtrics, 2016), which is a general-purpose package for range-image 

processing. For more information, Fekete et al. (2010) have described the aforementioned process 

in detail. The result of this process is a unified point-cloud of the entire tunnel (Figure 3-3). 

However, the final point-cloud is several gigabytes which can render data management a rather 

computationally-costly and difficult task. Therefore, and for the purposes of this study, the point-

cloud was divided into separate sections which combine multiple scans in order to capture a high 

level of detail within the examined rockmass and reduce the angular occlusion, as mentioned 

earlier. 

The generation of a meshed or surface model is also an important step in managing large 

data sets and preparing the data for analysis, such as the structural assessment of a rockmass that 

has been scanned. The creation of such a model reduces the size of the dataset by assigning triangles 

to adjacent, co-planar points which have their own unique centroid, area, vertices and normal 

vector. This process usually improves the interpretation of the data by enhancing the visualization 

of the data, and is required for any analysis demanding continuous surface information (Fekete, et 

al., 2010). 

 

 

Figure 3-2: (a) The Leica Scanner and the tripod-scanner configuration (Diederichs, et al., 

2013); (b) 3D image in perspective generated from point-clouds of 13 consecutive scans of the 

middle section of the Brockville Tunnel. The circles visible at the bottom of the tunnel are the 

scanner locations and the distance between their centres is the 5 m interval between the 

consecutive scans. 
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3.4 Structural Mapping Using LiDAR Data in Tunnels 

The measurement of the structural features of a rockmass by applying remote sensing technologies 

(laser scanning, photogrammetry etc.) has become a state-of-practice engineering evaluation tool. 

The analysis of data obtained to characterize structural discontinuities offers various advantages 

when compared to traditional measurement techniques (Feng & Roshoff, 2004; Bonnaffe, et al., 

2007; Haneberg, 2008; Sturzenegger & Stead, 2009; Lato & Voge, 2012; Lato, et al., 2010; Cacciari 

& Futai, 2016; Fekete & Diederichs, 2012). The main advantages of the application of remote 

sensing techniques over manual field techniques include the increased accuracy of individual 

measurements, safety of the engineer or geologist performing the mapping, easy access to all 

regions of the scanned outcrop, reduced bias in the measurement selection, and a vehicle for 

subsequent checks and discussions of the results with other expert individuals who need not be in 

the tunnel at the time of data acquisition (Voge, et al., 2013). 

LiDAR scanning uses a transmitted and reflected laser beam resulting in the recording of 

millions of points of high accuracy in space (x, y, z), also known as ‘point-cloud’. While raw ‘point-

clouds’ can be used for visualization, further data processing leads to the creation of 3D surface 

models which improves the interpretation of the obtained data and is necessary to analyze data 

requiring continuous surface information. This process is well documented in the literature (Lato 

& Voge, 2012; Voge, et al., 2013; Fekete, et al., 2010; Sturzenegger & Stead, 2009). Such models 

can also be created by using high resolution photogrammetry (Haneberg, 2008; Sturzenegger & 

Stead, 2009; Lato, et al., 2012; Sturzenegger & Stead, 2009) and photogrammetric methods have 

been employed in underground applications (Lett & Emmi, 2010). However, photogrammetry 

involves capturing photographs meaning that an external source of light has to be present, while 

LiDAR is not subjected to this limitation which makes it more suitable for underground operations 

which usually take place in a darker environment. 
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Figure 3-3: The full 520m tunnel scan integrated from 110 stationary scans (centre). Upper 

left image shows detail of roof (view of scan from above). Upper right image shows detail of 

west wall (inside cutaway view) (LiDAR scanning data from Diederichs, et al., 2013). 

 

3.4.1 Discontinuity Orientation Measurements 

After processing the ‘raw’ point-cloud obtained from LiDAR scanning, the structural features of 

the rockmass can be assessed. Discontinuity surface extraction and orientation measurements can 

either be done interactively or automatically by fitting planes on selected areas where the 

discontinuity surfaces lay, and can be detected and identified in the 3D surface model. The 

orientation of a discontinuity in space is described by the dip and direction derived from the 

direction cosines of these planes (Sturzenegger & Stead, 2009; Fekete, et al., 2010; Voge, et al., 

2013; Lato & Voge, 2012; Fekete & Diederichs, 2012). In Figure 3-4, the aforementioned process 
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is illustrated by using the polygonal model of the Brockville Railway Tunnel, which is unsupported, 

and therefore the structural features of the rockmass can be mapped and assessed. 

 

 

Figure 3-4: Discontinuity surface characterization of 3-D surface models. (a) Polygonal model 

of the Brockville Railway Tunnel generated from TLS point cloud data, (b) 'Virtual' mapping 

of discontinuity surfaces within the polygonal model, using the best-fit planes for conducting 

orientation measurements. 

 

While discontinuity surface identification within a point-cloud or a 3D surface model is 

less tedious than field mapping, it can still be a rather time-consuming process. This led to the 

development of semi-automatic detection algorithms, as aforementioned. While these algorithms 

work at some extent and have been proven useful, specific rockmass conditions may not allow them 

to work properly; hence affecting the discontinuity orientation measurements. Therefore, the 

specific rockmass conditions for a given site have to be taken under consideration and a good 

understanding of them is important. In such cases, manual mapping of discontinuity surfaces within 

the LiDAR data can be more reliable. In order to highlight that, a 10 m section of the Brockville 

Railway Tunnel (Figure 3-5) was examined by applying the rectangular window mapping 
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technique for the manual “virtual mapping”, while the algorithms Plane Detect (Lato & Voge, 

2012) and the Facets plugin (Dewez, et al., 2016) in Cloud Compare (CloudCompare, 2016) were 

used in order to detect and identify the discontinuity surfaces within the LiDAR data. 

 

 

Figure 3-5: (a) A 45 m section of the Brockville Tunnel Eastern Wall, comprising of 5 

independent 3D surface models; (b) Detail of the 10 m section that was used in order to 

determine discontinuity orientation and fracture trace lengths. Three discontinuity sets can 

be identified: Set 1 coloured red, Set 2 coloured blue and Set 3 coloured yellow. 

 

For the purposes of this study, the equal angle projection, lower hemisphere stereonet 

analysis is employed by using DIPS (Rocscience, 2006) and the results are illustrated in Figure 3-

6. The results of the analyses demonstrate that for the manual “virtual mapping” technique three 

different joint sets were detected and identified, as illustrated in Figure 3-6a. These are Set 1, which 

is sub-vertical (red) and runs approximately parallel with the tunnel axis (light blue); Set 2, which 

is relatively “shallow” (approximately horizontal) (blue); and Set 3, which is sub-vertical (green) 

and intersects the tunnel at an angle. These results are in agreement with the in-situ observations 

(Diederichs, et al., 2013) and the characteristics of the identified discontinuity sets are summarized 

in Table 3-1. When these results are compared to the ones from Plane Detect (Figure 3-6b), it can 
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be inferred that for Sets 1 and 3, the estimated dip and dip direction are approximately the same 

(Table 3-1). Only small deviations can be observed, which are not more than 10% for the dip and 

less than 1% for the dip direction, when compared to the values determined from the manual 

mapping. However, for Set 2 it is shown that both the dip and dip direction are a lot different in the 

two cases. More specifically, for the dip the deviation is approximately 70% and for the dip 

direction is approximately 110%. Proportionally to the number of entries used in both cases 

(manual mapping: 101 entries out of 262, Plane Detect: 78 entries out of 220), approximately the 

same number of poles has been used. However, due to the nature of Set 2, it is quite possible that 

joint surfaces on the roof are more likely to be sampled in the case of Plane Detect, while the 

angular occlusion makes it more difficult for the algorithm to detect surfaces when going closer to 

the bottom of the tunnel. On the contrary, with manual mapping this problem is more likely to be 

overcome, as joint surfaces may be detected and identified even when there are not many points on 

this kind of surfaces. Additionally, the discontinuities closer to the roof are affected by the blasting 

as the shape of the tunnel is given its final form. Regarding Set 3, while it is less likely to be 

subjected to angular occlusion, it can be observed in Table 3-1 that it is significantly under-sampled 

in Plane Detect when compared to manual “virtual mapping”, which is probably the effect of the 

detection criteria of the algorithm employed when detecting and identifying surfaces. 

The results of the analysis using the Facets plugin of CloudCompare are also demonstrated 

in Figure 3-6c and summarized Table 3-1. In Figure 3-6c it can be observed that the clustering of 

the poles, unlike the manual “virtual mapping” data and the data from Plane Detect, denotes the 

presence of two joints sets instead of three. More specifically, only five poles potentially belonging 

to Set 3, as determined earlier, can be identified in that specific stereonet. However, this number of 

poles is not adequate in order to identify a joint set, and the stereonet analysis conducted in this 

way can be quite misleading when trying to assess the rockmass and determine the discontinuity 

geometrical properties. Regarding the other two joint sets present in the rockmass, Set 1 is well 
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defined in the stereonet and the analysis results in approximately the same dip and dip direction as 

the other two analysis techniques (Table 3-1). Set 2 can also be observed within the stereonet, 

however, the analysis denotes that its mean plane is a lot steeper than the one resulting from the 

manually collected data, but striking almost the same way. The deviation of the dip is 

approximately 108% and the dip direction deviation is almost 23%. As in the case of Plane Detect, 

angular occlusion is more likely to create this problem related to Set 2. The most serious issues 

however seem to rise for Set 3, as the detection and identification of its surfaces is almost absent.  

Having examined the differences resulting from the different mapping techniques using 

LiDAR data for the detection and identification, another problem encountered in underground 

works is the orientation of the structural features of a rockmass relative to the orientation of the 

tunnel alignment. In order to take that into account the Terzaghi correction (1965) is usually 

employed, as previously mentioned. However, under specific conditions, the Terzaghi correction 

may not be the appropriate tool to use. The stereonet analysis results demonstrated in Figure 3-6 

are processed further by employing the Terzaghi correction, and the “weighted” results are also 

illustrated in Figure 3-6d,e and f. Since Set 1 is the discontinuity set which is approximately parallel 

to the tunnel axis, by employing the Terzaghi correction, more weight is given to the poles for it. 

While this happens in order to counter balance the orientation bias of that specific joint set, it has 

a negative impact on the either joint sets present and at the same time it does not improve the results 

of the analysis for Set 1 as well. More specifically, for Set 1 dip and dip direction remain almost 

the same without significant deviations, regardless of the mapping technique employed (Table 3-

1). For the other two sets though, despite the dip and dip direction values remaining the same (Table 

3-1), the negative impact of the Terzaghi correction can be confirmed visually by observing the 

respective contours. For Set 2 manual “virtual mapping” and Plane Detect produce the same results 

and stereonet plots, but for the Facets plugin of CloudCompare the change is more evident in the 

pole contours. In all three cases, Set 2 can still be identified as a joint set. However, for Set 3 that 
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is not the case. As observed in Figure 3-6e, by giving more weight to the poles of Set 1, Set 3 cannot 

be visually identified anymore. Since Plane Detect under-samples the discontinuity surfaces of Set 

3 (19 entries vs 58 when mapping manually, Table 3-1), the Terzaghi correction in this case creates 

additional problems in identifying this specific set within the stereonet analysis. 

 

Table 3-1: Characteristics of the identified discontinuity sets by employing three different 

virtual mapping techniques. The subscript w denotes that the Terzaghi correction has been 

applied. 

Mapping 

Technique 
Set 

No of 

entries 
Dip (0) 

Dip 

Direction 

(0) 

K 

(Fisher) 
Dipw (0) 

Dip 

Directionw 

(0) 

Kw 

(Fisher) 

Manual 

1 103 88 285 86.50 88 285 90.23 

2 101 12 077 43.55 12 077 43.24 

3 58 77 207 48.58 77 207 48.40 

Total 262/402  

Plane 

Detect 

1 123 85 283 79.51 85 282 91.62 

2 78 04 161 52.10 04 161 51.63 

3 19 69 206 48.46 70 207 47.58 

Total 220/296  

Facets 

1 87 89 100 47.44 89 099 49.90 

2 45 25 095 40.58 26 095 40.25 

3 0 N/A N/A N/A N/A N/A N/A 

Total 132/258  
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Figure 3-6: Stereonet projection for the estimation of the discontinuity surface orientation of 

a 10 m section of the Eastern wall of the Brockville Tunnel when employing (a) manual 

"virtual mapping" in Polyworks(402 entries); (b) the Plane Detect algorithm (296 entries); 

and (c) the Facets plugin of CloudCompare (258 entries). Set 1 (red), Set 2 (blue), Set 3 (green) 

and the orientation of the tunnel axis (light blue) are highlighted in the stereonets. Stereonet 

projection using the Terzaghi correction for the estimation of the discontinuity surface 

orientation of a 10 m section of the Eastern wall of the Brockville Tunnel when employing (d) 

manual "virtual mapping" in Polyworks(402 entries); (e) the Plane Detect algorithm (296 

entries); and (f) the Facets plugin of CloudCompare (258 entries). Set 1 (red), Set 2 (blue), Set 

3 (green) and the orientation of the tunnel axis (light blue) are highlighted in the stereonets. 
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3.4.2 Fracture Trace Length Measurements 

Another important structural feature of discontinuities is their traces when they intersect the walls 

of a tunnel or another rock face which is the mapping surface, hence creating a line on the mapping 

area. Discontinuities are three dimensional features of a rockmass and estimating their size and 

shape is rendered a challenging task as in most cases direct measurements are rather difficult if not 

impossible to conduct. Therefore, since only traces can be identified and measured on rockmass 

exposures, fracture size and shape are estimated indirectly based on the fracture trace 

measurements. However, discontinuity trace mapping is subjected to various biases such as 

censoring, truncation and length bias, that have to be accounted for and various researchers have 

discussed about them (Cruden, 1977; Baecher, 1980; Pahl, 1981; Kulatilake & Wu, 1984; Priest, 

1993; Mauldon, 1998; Zhang & Einstein, 1998). 

Similarly to the mapping discontinuity surfaces, fracture traces can also be identified and 

mapped explicitly within the LiDAR data, either manually (Cacciari & Futai, 2016) or 

automatically (Umili, et al., 2013, Bolkas, et al., 2018). From the extracted data useful fracture 

trace properties can be derived, including trace intensity, trace density and the mean trace length. 

Trace intensity is defined as the mean total trace length of fractures per unit area (m/m2). Summing 

visible lengths within the area of exposure that can be mapped and dividing by that area yields a 

direct unbiased estimate of trace intensity, unlike the trace density and the mean trace length 

(Mauldon, et al., 2001). 

For the purposes of this study, the focus will be on determining the fracture intensity of the 

10 m section of the Brockville Tunnel by mapping the fracture traces within the mapping area 

(Figure 3-5). As illustrated in Figure 3-7, the fracture traces are mapped by fitting manually 

polylines along them within the LiDAR data in Polyworks, and are coloured based on the 

discontinuity set that they belong to. At this point it has to be noted that the mapping of the fracture 

traces was only performed manually. The polylines can be then extracted and further processed in 

order to measure the observed fracture trace length. 
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Figure 3-7: Manual virtual mapping of fracture traces within the LiDAR data of the 10 m 

section of the Brockville Tunnel. Set 2 (blue) and Set 3 (yellow) fracture traces are 

highlighted. 

 

After the number and length of the fracture traces have been determined per set for the 10 

m section of the Brockville Tunnel, a fracture trace length distribution can be created (Figure 3-8), 

as suggested by Srivastava (2006). This methodology is based on a cumulative length distribution 

for specific length thresholds, and for each one of them the cumulative number of discontinuities 

is specified. It has to be noted that due to the nature of Set 1, which is parallel to the tunnel axis, 

the mapping of its fracture traces on the wall of the examined 10 m section does not provide any 

useful information, unlike for Sets 2 and 3. On the contrary, meaningful information can be 

obtained when mapping the roof of the tunnel along the specific section instead of the tunnel wall. 

Therefore, the fracture traces of Set 1 were mapped within the data obtained from the roof of the 

respective section by following the same methodology. 

The resulting distributions for each one of the respective discontinuity sets in this specific 

case, in a logarithmic plot, can be represented by exponential functions of the form of f(x)=aebx, 
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where x is the length of the fracture traces, with the coefficient of determination (R2) being over 

0.90 for all three respective sets, and therefore an acceptable regression fit. Furthermore, the areal 

fracture intensity P21, which is defined by Dershowitz and Herda (1992) as the fracture total length 

per area, was measured for every one of the discontinuity sets respectively (Table 3-2). By 

integrating the regression functions for each cumulative length distribution curves (Figure 3-8), it 

can be observed that these curves serve as an indirect means of determining fracture intensity within 

the examined section, based on Equation 3-1. 

 P = l /A = f(x)dx [3-1]

where 

P21: is the areal fracture intensity (m/m2) 

li: the length of a single fracture trace (m) 

n: total number of fracture traces 

A: the mapping area (m2) 

max l and min l: the maximum and minimum fracture trace lengths respectively (m) 

f(x): the best-fit function of the cumulative length distribution curve 
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Figure 3-8: Cumulative length distribution curves based on the measured fracture traces 

mapped in the 10 m section of the Brockville Tunnel. Set 1 (red), Set 2 (blue) and Set 3 (yellow) 

along with the respective best fit curves are demonstrated. 

 

Table 3-2: Fracture trace measurements within the LiDAR data for the 10 m section of the 

Brockville Tunnel and derived DFN modelling parameters. 

Set 

Mapping 

area A 

(m2) 

No of 

fractures 

Total 

length 

ltot (m) 

Fracture 

intensity 

P21 

(m/m2) 

( )  
Deviation 

(%) 

A B 

X Y X Y 

1 60 65 71.03 1.18 1.13 4.18 0.4 1.0 3.0 0.1 

2 54 83 91.61 1.70 1.64 3.44 0.6 1.0 2.0 0.2 

3 54 71 62.93 1.17 1.20 2.30 0.5 1.0 2.2 0.1 

 

Except for the fracture intensity based on the measured trace lengths and the number of 

mapped fracture traces, “virtual mapping” of them within the LiDAR data can also provide an 

insight of how the fractures were formed in nature and interacted with one another. Cracks in nature 

propagate because of the applied stresses within the material due to the in-situ stress regime, but 

their propagation may be interrupted as a result of the elimination of this applied stress or the 

existence of a weak interface that arrests the propagating crack, such as a pre-existing joint (Mandl, 
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2005). Intersections and terminations of fracture traces (Figure 3-7) can be detected and identified 

within the LiDAR data, and a discontinuity truncation matrix, such as the one in Table 3-3, can 

created. The values of the truncation matrix were determined as the ratio of the terminations of the 

fracture traces of each discontinuity set on the other sets to the number of intersections between the 

two sets and expressed as a percentage. 

 

Table 3-3: Fracture truncation matrix for the 10 m section of the Brockville Tunnel. The 

columns indicate the percentage of a discontinuity terminated on another discontinuity set. 

Set 1 2 3 

1 0.1 0.9 0.9 

2 0.1 0.1 0.5 

3 0.1 0.1 0.1 

 

3.5 DFN Modelling of the Brockville Tunnel Site 

The stochastic modelling of fracture networks and its applications in rock engineering has been the 

topic of study of various researchers (Baecher, 1983; Dershowitz & Einstein, 1988; Dowd, et al., 

2007; Xu & Dowd, 2010; Davy, et al., 2013; Xu & Dowd, 2014) and the general approach is that 

discontinuity properties, such as fracture size (persistence), orientation, aperture etc. (ISRM, 1978; 

Priest, 1993), and their location are treated as random variables which follow a probability 

distribution, usually derived from data obtained from in-situ measurements. Fractures in nature can 

have various sizes and shapes, which are dictated by the stress regime and the geometry of pre-

existing discontinuities. This can lead to the creation of rather complex conditions, therefore in 

order to reduce this inherent complexity simpler geometries are assumed in modelling. For most 

applications DFNs in two dimensions are treated as straight lines, and in three dimensions the 

fractures are treated as circular or elliptical disks, with the meso-macro undulation being ignored 

and the exclusion of other fracture shapes that are possible. 
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Collecting discontinuity data and deriving input parameters for the modelling process is 

the initial step for the generation of DFNs. Scanlines, window surveys and core logging from 

boreholes are some of the most typical techniques applied in geological and geotechnical 

engineering. Furthermore, other techniques, such as the use of LiDAR and the concept of “virtual 

mapping” as described in the previous sections, can also be applied in order to derive the required 

DFN input parameters. Similarly to other modelling processes in rock and geological engineering, 

it is common practice in DFN modelling to divide the joints into sets based on the conducted 

orientation measurements, since discontinuities formed by the same geological activity are more 

likely to have similar preferential orientations, and similar properties in general (Xu & Dowd, 

2010). 

In this particular study, the DFN generator MoFrac (Mirarco, 2016) was used. In the 

previous section, the major discontinuity sets, their orientation and fracture trace length distribution 

for the case of the Brockville Tunnel were derived by using LiDAR data and serve for the 

generation of the DFN models. 

3.5.1 Input Parameters of the DFN Model and Modelling Process 

The discontinuity geometrical properties based on the conducted LiDAR scanning were used to 

determine the required input parameters for the employed DFN algorithm, which has the capability 

of using a normal (Gaussian) distribution or the Fisher distribution in order to simulate the 

variability of the generated plane orientation. In this particular case, the orientation measurements 

from the manual “virtual mapping” were assumed to be more reliable, with the orientations of the 

mean planes summarized in Table 3-1, without employing the Terzaghi correction. Additionally, 

for the conducted DFN analysis it was assumed that the orientations of the three joint sets present 

follow the Fisher distribution and their respective K values were derived from the stereonet analysis 

performed (Table 3-1). 
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Fracture size and location are also among important factors affecting the generation 

process, as they control the persistence and the density of the network, and the termination of 

discontinuities. Therefore, the mapping of fracture traces and the resulting trace intensity for each 

set serve as input parameters for the DFN generation process. MoFrac uses the mapped 

discontinuity traces to “seed” a fracture propagation algorithm based indirectly on the areal fracture 

intensity of each discontinuity set respectively through their cumulative distribution curves (Figure 

3-8), in order to control the location and size of the fractures. However, the algorithm does not use 

the best-fit curves deriving from the cumulative distribution curves. Instead, it uses the tangent of 

each one of these curves which is defined by two points A and B, as shown in Table 3-2, where X 

is the length trace (X axis of Figure 3-8) and Y is the cumulative number of fractures per area (Y 

axis of Figure 3-8). Furthermore, the algorithm uses a truncation matrix (Table 3-3) in order to 

terminate fractures that intersect one another. Furthermore, fracture traces that have been mapped 

explicitly within the LiDAR data (Figure 3-9a) are used in order to create deterministic 

discontinuities for the examined section (Figure 3-9b). 

More specifically, having determined the required input parameters than can be acquired 

from mapped discontinuities (discontinuity orientation and trace length distribution), MoFrac uses 

them to create a fracture network within the designated domain (volume of interest). The modelling 

procedure initializes with creating deterministic fractures and small (“point”) fractures, both of 

which have tips that can grow. The locations of the deterministic fractures are defined explicitly by 

using the mapped traces, while the rest of the fractures fill the volume of interest using the fracture 

length distribution. Once the volume of interest has been populated by the deterministic and 

stochastic fractures, a statistical model of spatial continuity (variogram) of fracture orientation is 

created. Continuing, an iterative process initiates in order to determine the fracture size in 3D. By 

employing a Gaussian simulation scheme, the direction of fracture growth is estimated based on 

the surrounding fractures and conditioning information. This process is repeated by propagating 



59 

 

the crack tips until the target fracture length distribution, and hence the areal fracture intensity, is 

achieved. In order to allow the cracks to grow, the discontinuity surfaces consist of smaller 

triangles, hence creating 3D triangulated areas which are not necessary to have a specific shape. 

The main advantage of this modelling process is that more conditions can be added (use of 

additional data coming from various locations and from different techniques such as wells, 

exploratory boreholes etc.) to the model in order to restrain the crack growth and obtain more 

representative results. 

3.5.2 Calibration and Validation of the DFN Model 

In the previous section, discontinuity data obtained from LiDAR was used in order to derive the 

required input parameters for DFN modelling. However, the employed algorithm utilizes additional 

input parameters which cannot be derived straight from discontinuity data, as they are part of the 

modelling procedure. In order to establish these additional parameters to produce representative 

DFN models for the Brockville site based on the obtained data from the 10 m section of the tunnel, 

the DFN model was calibrated based on the fracture traces that were mapped within the 3D surface 

model. The DFN model calibration, which is an iterative process, is comprised from the following 

steps: (a) Generation of a deterministic DFN based on the discontinuity input parameters derived 

from the LiDAR data (Figure 3-9b), (b) creation of cross-section on a plane that is the same as the 

area which was mapped in order to obtain the discontinuity trace data, (c) visual inspection of the 

mapped fracture traces and the fracture traces from the deterministic DFN model (Figure 3-9c), and 

(d) if fit is not achieved steps a to c are repeated until a satisfying fit is achieved. Once the additional 

required parameters have been determined, the DFN model can be expanded by adding 

stochastically generated discontinuities depending on the application and/or the project examined. 

The volume chosen for this specific study was a cube of 60 m × 60 m × 60 m, as to eliminate the 

effects of the bounding box similar to the boundary effects in other numerical analysis methods. 
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One of the realizations of the stochastic DFN model of the Brockville site is illustrated in Figure 3-

9d. 

 

 

Figure 3-9: Calibration and generation of a DFN model of the Brockville Tunnel for Set 1. (a) 

“Virtual mapping” of the fracture traces on the roof of the tunnel for the examined 10 m 

section; (b) Deterministic discontinuities generated using MoFrac for Set 1; (c) Fracture 

traces derived from the DFN model (red) overlap the mapped fracture traces (black); (d) 

Stochastic DFN model of the Brockville site (Set 1-red, Set 2-blue, Set 3-Yellow). 

 

However, a fundamental concern is whether or not the generated DFN is representative of 

the fracture network in-situ. Due to the limited available field data, the quantification of this is 

rendered difficult, and sampling the generated DFN by applying mapping areas with similar 

orientations to the conducted “virtual mapping” can assist in overcoming the associated difficulties. 

For the determination of the orientation, a stereonet analysis was conducted for the discontinuities 

of the DFN model. The results of the analysis for one DFN model (Table 3-4) show that the mean 
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planes and the Fisher constants K for each of the three joint sets are similar to the ones measured 

within the LiDAR data for the given rockmass. 

 

Table 3-4: Orientation measurements based on the "virtual mapping" of the Brockville 

Tunnel section vs measurements from a generated DFN model. 

Set 

10 m section of the Brockville Tunnel-

LiDAR data 
DFN model of the Brockville Site 

Dip (0) 
Dip Direction 

(0) 
K (Fisher) Dip (0) 

Dip Direction 

(0) 
K (Fisher) 

1 88 285 86.50 88 285 86.71 

2 12 077 43.55 12 077 44.65 

3 77 207 48.58 77 207 48.49 

 

Furthermore, in order to secure that the fracture intensity measured within the LiDAR data 

(input) and the DFN models (output) are compatible, ten virtual mapping windows from different 

locations within the DFN model were examined using Polyworks. Based on the results obtained 

from one the DFN models that have been generated for this study, the cumulative distribution trace 

length curves from the same DFN model are demonstrated in Figure 3-10 for each set respectively. 

By averaging the acquired results, a “mean” distribution of the mapped trace lengths of the 

simulated fractures is created for each set respectively. By performing a regression fit, it can be 

observed that despite not getting identical functions as the ones derived from the “virtual mapping” 

data, they are quite similar to one another. The integration of them and summation of the resulting 

quantities for the whole rockmass also results in similar fracture intensity values (Table 3-5). 

Deviations in the results obtained occur because the distribution of the fracture intensity 

calculations is assumed to be linear as previously mentioned, which introduces a bias to the 

generated DFN models. Additionally, because of the computational cost added by having a great 

number of smaller fractures, a minimum fracture size threshold is specified and the smaller 

fractures are eliminated from the model, which also contributes to the difference between the 
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observed and simulated data. While these differences are notable, for the overall rockmass this can 

be considered satisfying given the magnitude of uncertainty governing rock materials (Langford & 

Diederichs, 2015). This process can also be integrated into the calibration process of the DFN. 

 

 

Figure 3-10: Cumulative length distribution curves based on the measured fracture traces 

mapped in the 10 m section of the Brockville Tunnel and one of the generated DFN models. 

(a) Set 1 (red), (b) Set 2 (blue) and (c) Set 3 (yellow) along with the respective best fit curves 

are demonstrated for the observed fracture traces. For the simulated fractures 10 sections 

were mapped in total and the mean cumulative distribution curves (black) were derived along 

with their best-fit curves. 
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Table 3-5: Best-fit curve functions derived from the LiDAR and DFN data obtained from 

fracture trace length measurements. The fracture intensity P21 values are derived from 

integrating the respective functions for each discontinuity set. 

Discontinuity Set LiDAR data DFN model 

Best-fit curve P21 (m/m2) Best-fit curve P21 (m/m2) 

1 1.0519e-0.846x 1.13 0.8245e-0.583x 1.28 

2 2.3939e-1.273x 1.64 1.5721e-1.128x 1.24 

3 2.8492e-1.952x 1.20 1.3215e-1.546x 0.72 

Overall rockmass Sum 3.97 Sum 3.23 

 

3.5.3 Sampling of the DFN Model, Determination of a Geometrical REV and the 

Fracture Intensity for the Brockville Site through DFN Analysis 

The concept of the representative elementary volume (REV) (Bear, 1972) has been introduced in 

order to quantify the scale dependency of a rockmass, and it is the volume at which the size of the 

tested sample contains an adequate number of inhomogeneities so that the average value of an 

examined property converges to an approximately single value which is reasonably consistent 

under repeated testing (Hudson & Harrison, 1997). Within a rockmass, different examined 

properties, including mechanical, hydraulic, thermal, geometrical etc., can have a different REV. 

Additionally, in anisotropic rockmasses the orientation during the sampling process can influence 

the determined REV size (Esmaieli, et al., 2010). The concept of the REV has been applied by 

various researchers in order to make estimates for different rockmass properties, since the 

discontinuity density and persistence governs the behaviour of a fractured medium (Kulatilake , et 

al., 2004; Olofsson & Fredriksson, 2005; Esmaieli, et al., 2010; Farahmand, et al., 2015). By 

following a similar approach, the REV concept can be proven to be particularly useful when 

investigating the effect of the selected modelling options when generating a DFN model. 
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3.5.3.1 Sampling of the DFN Model 

After validating the DFN model, samples of various size can be extracted from it in order to 

investigate the geometrical properties of it. The DFN models generated in MoFrac were exported 

as a vtk file and imported into Paraview (Ahrens, et al., 2005) for further processing. In order to 

eliminate biases due to the generated number of the models, the number of the sampled areas and 

the number of the samples investigated were a total number of 30 models, 27 independent and not 

overlapping locations per model, and 20 sample sizes (Table 3-6) per location resulting to 16,200 

specimens for the overall rockmass. The sampling of the DFN models was performed by using 

spheres (Figure 3-11) in order to eliminate potential directional biases, as the sample size increases 

uniformly in all directions by increasing the radius of the sphere. 

 

 
Figure 3-11: Rockmass samples (in which R is the radius of the sphere and V the resulting 

volume) extracted from the stochastic DFN model (not to scale). Set 1 (red), Set 2 (blue) and 

Set 3 (yellow) are highlighted within the volume of interest and two different sample size 

specimens of a spherical shape. 
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Table 3-6: Sampling process of the generated DFN models and the resulting data. The 

determination of the measured volumes is derived from rectangular specimen dimensions 

with a height to width ratio h/w=2, and then the equivalent radius of the sampling sphere is 

calculated. The sampling process is repeated for 27 not-overlapping locations and the 

volumetric fracture intensity P32 is estimated based on the total fracture area per volume 

within a sample in Paraview. 

Rectangular 

Specimen 

Height H (m) 

Sample 

Volume V (m3) 

Equivalent 

Sphere Radius 

R (m) 

Location 1 

P32 (m2/m3) 

Location i 

P32 (m2/m3) 

Location 27 

P32 (m2/m3) 

1.00 0.25 0.39 0.00 P321 0.71 

2.00 0.78 0.78 1.32 P322 0.79 

n Vn Rn P32n P32n P32n 

n+1 Vn+1 Rn+1 P32n+1 P32n+1 P32n+1 

20.00 2000.00 7.82 2537.80 P3220 2616.40 

 

3.5.3.2  Determining the Geometrical REV and the Volumetric Fracture Intensity P32 

As mentioned earlier, within a rockmass the number of discontinuities intersecting a sample 

increases with increasing the sample size. Furthermore, the discontinuity orientation, persistence 

and spacing influences the fracture area enclosed in the volume of a specimen. Except for the areal 

fracture intensity P21, which was introduced in the previous sections, another way to quantify 

fracture intensity is by measuring the fracture area within a volume of interest, and therefore the 

volumetric fracture intensity P32 (Dershowitz & Herda, 1992). P32 does not depend on the fracture 

orientation and size distribution, and as long as it is representative of the fracture network it is also 

independent of the sampled region (Zhang & Einstein, 2000). For the purposes of this study, the 

volumetric fracture intensity was used as a measure to evaluate and assess the rockmass at the 

Brockville Site by employing DFN modelling. Initially, the P32 was determined for every 

discontinuity set present in the rockmass, and then for the overall rockmass as a whole. Following 

the determination of the P32 of all three joint sets, both separately and as a whole, the geometrical 

REV for the given rockmass was estimated. 
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In order to estimate the REV and the volumetric fracture intensity P32 for every set and for 

the whole rockmass, two different approaches were employed with both of them using statistical 

tools. The first one utilizes the coefficient of variation (CoV) of P32 since it converges to a specific 

value when the sample volume increases for a given rockmass. Therefore, it can be determined 

based on a variation that is considered acceptable and can be used as a threshold (Min & Jing, 

2003). For the purposes of this study an acceptable CoV was 20%, as suggested by other researchers 

(Esmaieli, et al., 2010), based on 30 different DFN realizations and 20 different sampled volumes. 

It has to be noted that the mean and CoV values of P32 were obtained by processing data from 27 

locations within each realization in order to eliminate potential biases due to the selection of 

specific locations. In Figure 3-12 the calculated CoVs for all of them respectively are illustrated in 

order to determine the geometrical REV for all three different joint sets separately and for the whole 

rockmass. In Figure 3-13 the conducted P32 measurements are illustrated for all three different 

joints sets and for the rockmass as a whole in order to determine a representative value for all of 

them respectively. The results are summarized in Table 3-7. 

 
Figure 3-12: Estimation of the geometrical REV (black, dashed line) based on the coefficient 

of variance of P32 for a threshold of 20% (red, dashed line) for (a) Set 1, (b) Set 2, (c) Set 3, 

and (d) the rockmass as whole for 30 different realizations. 
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Figure 3-13: Determination of the representative mean of P32 (red, dashed line) based on the 

estimated REV (black, dashed line) for (a) Set 1, (b) Set 2, (c) Set 3, and (d) the rockmass as 

whole for 30 different realizations. 

 

The second statistical approach that was applied in order to estimate the REV was the use 

of the T-test (Student Test) and F-Test respectively based on P32. The T-test assesses whether the 

means of two groups are statistically different from each other, while the F-test is used to test if the 

variances of two populations are equal. In this study, the mean P32 value for the V=2,000 m3 

volume, for each of the 30 realizations, was compared with the means of the smaller examined 

volumes. For the T-test, the null hypothesis is that the data obtained from the compared sample 

sizes are independent random samples following the normal distribution with their means being 

equal but with their variances being unknown. The alternative hypothesis is that the means are not 

equal. For the F-test, the null hypothesis was to investigate whether the variance in P32 of the 

various sample sizes is statistically different from the 2,000 m3 volume, and validate the null 

hypothesis that two independent volumes follow a normal distribution with the same variance. The 

alternative is that they come from normal distributions but have different variances. 
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The results of the statistical analysis by applying these two specific tests are demonstrated 

in Figure 3-14. All the calculations were based on a maximum significant level of 5%. The 

acceptance or rejection of the null hypothesis was based on the derived P-value for both statistical 

tests. When the P-value is higher than 5%, the null hypothesis is accepted. On the contrary, if the 

P-value is lower than 5%, the null hypothesis is rejected in each case respectively. The number of 

the realizations for which the null hypothesis was accepted for every volume size can be observed 

in Figure 3-14. In order to estimate the REV based on the performed statistical tests, all 30 models 

for a specific volume size were required to have been accepted based on the null hypothesis. In 

order to investigate the large difference between the volumes determined, the distribution of all the 

sampled volumes (all locations and all realizations which makes a total of 810 samples per volume 

size) was examined and the results are illustrated in Figure 3-15. From the 20 different volume 

sizes examined only 6 have been selected and demonstrated in order to highlight how the 

distribution of P32 varies depending of the size of the sampled volume. It can be observed that as 

the volume size increases, the P32 measurements seem to follow a normal distribution, while for 

smaller volumes the obtained data do not seem to be normally distributed. This reflects on the F-

test results showing its sensitivity to non-normality. The results are summarized in Table 3-7. 
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Figure 3-14: Estimation of the geometrical REV based on the T and F tests for (a) Set 1, (b) 

Set 2, (c) Set 3, and (d) the whole rockmass. 30 different realizations were used. 

 

 

Figure 3-15: Volumetric fracture intensity P32 distributions. The obtained data come from 30 

DFN realizations, from 27 locations (810 samples in total) within the volume of interest for 

(a) Set 1, (b) Set 2, (c) Set 3, and (d) the whole rockmass. 
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Table 3-7: Determination of the geometrical REV and the mean fracture volumetric intensity 

P32 for the Brockville site based on DFN modelling for all three discontinuity sets present 

separately and for the overall rockmass by employing the CoV approach, the T-test approach 

and the F-test approach. 

Discontinuity 

Set 

REV CoV 

(m3) 

REV T-Test 

(m3) 

REV F-Test 

(m3) 

P32 (m2/m3) 

1 332.75 332.75 1228.25 1.26 

2 250.00 6.75 1458.00 1.30 

3 686.00 6.75 1458.00 0.80 

All 182.25 182.25 843.75 3.36 

 

3.5.4 Effect of Modelling Options on the Generation of DFNs 

In the previous sections, the data collection using LiDAR scanning in underground projects, and 

the determination of a geometrical REV and a representative volumetric fracture intensity (P32) 

value was presented. In order to eliminate potential biases or limit their influence on the performed 

analysis, including both the data collection and the DFN generation processes, a number of steps 

was followed. Regarding the DFN generation process, in order to secure that, a large volume of 

interest was selected (60 m × 60 m × 60 m) and 30 different realizations were created and analysed. 

Furthermore, a great number of specimens of various sizes and locations was processed. However, 

like any other numerical analysis technique, DFN modelling is subjected to its own limitations, 

such as the required number of realizations in order to take into account the variability of stochastic 

processes, and the size of the volume of interest in order to eliminate the effect of boundary effects. 

In this section, these issues will be discussed. 

3.5.4.1 Determining the Number of the Required Realizations 

DFN generators usually rely on a range of data and through probabilistic simulations a multiple 

number of DFN realizations is created in order to provide a range of outputs and to make a 

reasonable estimate of a representative model. While the use of DFNs in the engineering practice 

has been already started becoming more extensive, there is not extended literature or documentation 
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indicating a standard practice or a recommended number of realizations. Usually it is assumed that 

10 realizations are adequate for most applications (Palleske, 2014), but usually more DFN 

realizations are generated in order to secure that the variability of the different parameters will be 

taken into account for the modelling process. 

While a great number of realizations is usually recommended in order to reduce the effect 

of the variability of the different input parameters, the generation process can be rather time 

consuming, especially for larger volumes of interest. Therefore, the number of realizations needs 

to be optimized in order to avoid creating a great number of models, which could be time-

consuming and computationally challenging. However, capturing the rockmass variability needs to 

be secured. In order to achieve this, the 30 DFN realizations that were generated using the data 

obtained from the laser scanning of the 10 m section Brockville Tunnel were further processed with 

the analysis of it performed for each discontinuity set separately and for the overall rockmass. 

Furthermore, all models were generated having the same volume of interest, as variability because 

of the dimensions of the models had to be minimized. Therefore, potential variability between the 

different realizations only occurred because of the stochastic processes taking place during the 

generation of the DFNs and the number of realizations used in every case. 

The 30 DFN models that were generated form a pool of models to be used in different 

combinations each time. Each combination consists of 2, 4, 6, 8, 9, 10, 11, 12, 13, 14, 15, 16, 17, 

18, 19, 20, 22, 24, 26, 28 and 30 models. However, it can be observed that the number of 

combinations that can be achieved for a specific number of realizations is quite large. At the same 

time it has to be secured that each model for each combination will be used only one time. For 

example, if the examined number of realizations is 2, then combinations such as DFN1-DFN1, 

DFN23-DFN23 etc. are not acceptable, as the same realization is used multiple times. Furthermore, 

for combinations of models of greater number of realizations need to be based on the selection of 

random, unique models in order to secure that a preferential bias by picking specific realizations 
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will not affect the analysis results. Therefore, for the performed analysis the following criteria for 

the used DFN models were set: 

i. Same volume of interest and input parameters for the generation process. 

ii. Realizations are selected randomly for each combination of used realizations. 

iii. Specific realizations that are selected are unique for each combination, meaning that 

if a DFN model has been selected for a specific combination of models, it cannot be 

picked again as it is excluded from the data pool. 

iv. Multiple combinations of models (maximum 500 in total) are examined in order to 

take variability because of the number of realizations into account at its full extent. 

The variability originating from the number of realizations is examined by calculating the 

average volumetric fracture intensity P32 for every volume. This average is produced by the 

different number of realizations used for a single combination for multiple combinations. After a 

multiple number of runs has been achieved for a specific number of realizations, the average P32 

per volume for a number of realizations and the CoV of these average values of P32 are calculated. 

These quantities can assist in evaluating the variability of the volumetric fracture intensity as a 

result of the number of realizations used. This is done by calculating the mean value of the P32 

averages for every sampled volume and the mean value of the CoV of the average values of P32. 

As illustrated in Figure 3-16, the mean value of the P32 averages is independent of the 

number of realizations and it has a constant value which only varies depending on the discontinuity 

set. This is quite important as it is a quantity that characterizes a specific DFN system which 

remains constant, yet affected by the variability added by the number of realizations as the mean 

CoV of these average values is a function of the number of realizations. More specifically, it can 

be observed that the best-fit curves in all four cases have the form of: 

 f(x)=a×ln(x)+b [3-2]

where x is the number of realizations. 
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However, as it can be observed the resulting average CoV values are quite small, and 

therefore determining which number of realizations is the optimal is not conclusive. In order to 

overcome this, the best-fit function f(χ) can be differentiated two times. The second derivative of 

this function indicates the rate of change in the tangent of the function f(x). From Figure 3-17, it 

can be inferred that there is a slight change in variability when the number of realizations becomes 

less than 8 and greater than 6. Moreover, this change becomes greater as the number of realizations 

becomes less than 6 with the greatest change observed when less than 4 realizations are used, 

regardless of the discontinuity examined or the overall rockmass in this case. 

 

 
Figure 3-16: The mean value of the averages of the volumetric fracture intensity P32 and the 

mean value of the average coefficient of variance (CoV) of the mean volumetric fracture 

intensity P32 as a function of the number of realizations for (a) Set 1, (b) Set 2, (c) Set 3, and 

(d) the whole rockmass. 
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Figure 3-17: The second derivative of the best-fit curve of the CoV function (red dashed line) 

in Figure 3-16 for (a) Set 1, (b) Set 2, (c) Set 3, and (d) the whole rockmass. 

 

3.5.4.2 Determining the Size of the Volume of Interest 

DFN modelling, similarly to other numerical techniques, requires the determination of a model size 

that is to be employed in order to minimize boundary effects. This can be evaluated in terms of the 

minimum model dimensions that can capture the behaviour of the examined rockmass for large-

scale problems, or in terms of the scale of the problem, which may impact the relevant scale of the 

modelling (Palleske, 2014). Larger models are in general better in capturing the “true” behaviour 

of the rockmass. However, when combined with the generation of multiple models, the 

computational cost and processing time required increase significantly. Therefore, the dimensions 

of the generated DFNs, as in the case of the required number of realizations, need to be optimized. 

In order to examine the effect of the dimensions of the volume of interest on the generated 

DFNs, four different volumes of interest, 10 m, 20 m, 30 m and 60 m cubes, were examined and 

20 different realizations were generated for each of these volumes. For each realization the centre 
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of the DFN was picked and samples of various sizes, the same as the ones presented in Table 6, 

having their centre at this location were extracted. Finally, the average value of P32 for all 

realizations and for each sampled volume respectively were calculated. In order to secure that only 

the effect of the size of the cubical bounding box would affect the results in this case, a minimum 

of 20 realizations was selected to reduce the effect of the variability occurring from the employed 

stochastic processes. The analysis was conducted for each discontinuity set separately and for the 

overall rockmass as well. The obtained results are demonstrated in Figure 3-18. 

 

 

Figure 3-18: Average volumetric fracture intensity curves P32 for 10 m, 20 m, 30 m, and 60 m 

bounding boxes for (a) Set 1, (b) Set 2, (c) Set 3., and (d) the overall rockmass. 20 DFN 

realizations were generated and compared to the average results of the 30 60 m × 60 m × 60 

m DFN realizations (B’ curve-blue) which were considered as representative for each case 

respectively. 
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3.6 Discussion 

The generation of Discrete Fracture Networks (DFN) for specific rockmasses is an arduous process 

which consists of various steps including discontinuity data collection, determination of the input 

parameters for the numerical simulation, generation of the DFN models and processing of the data 

obtained from them for various applications, such as rockmass evaluation and assessment, the 

creation of synthetic rockmass models when the DFNs are used along with other numerical 

techniques etc.. 

High accuracy 3D surface models created from laser scanning are used to map rockmass 

structural features, such as discontinuity surfaces, fracture traces etc., by employing manual or 

automated techniques. The data obtained from the performed “visual mapping” can be processed 

further to derive parameters that can be used as an input for DFN generation processes. However, 

each technique may be subjected to specific limitations, which affect the derived input parameters, 

especially when connected to the nature of a specific joint set. Specific discontinuity sets can be 

adequately captured regardless of the employed technique and lead to approximately the same 

orientation measurements. However, other discontinuity surfaces are more difficult to capture, 

resulting in misinterpretations which may be misleading for the engineer. More specifically, in the 

case of the Brockville Tunnel, Set 1 has been easy to capture with all the three applied techniques. 

Large and clearly visible joint surfaces within the 3D models can be easily identified both manually 

and automatically, and accurate measurements can be acquired. For Set 2 however, it can be 

observed that manual “mapping” results in different mean orientation estimates and a different 

number of surface entries (Table 3-1). Between the manual method and the Facets method in 

CloudCompare, and the use of Plane Detect the difference lays within the examined data. Plane 

Detect was used while the whole cross-section (roof, left wall and right wall) was examined. This 

resulted in capturing a lot of approximately horizontal surfaces on the roof of the tunnel which were 

created by the excavation process. The applied technique in this case cannot differentiate between 
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these surfaces and the natural discontinuity planes. By splitting the tunnel cross-section into 

different parts (roof, left wall, right wall) leads to orientation measurements that are closer, such as 

the ones obtained from manual “mapping” and the Facets plugin. However, differences still exist 

and the deviation between the orientation measurements become more significant for Set 3. From 

Table 3-1, it can be observed that for all mapping techniques, Set 3 is the discontinuity set with the 

least identified surfaces. The first factor affecting this is inherent to the in-situ conditions. Visual 

inspection of the 3D surface model denotes that due to the way the rock has been fractured, only 

relatively small joint surfaces belonging to Set 3 can be detected. Manual mapping, while tedious 

and time-consuming, in general is more versatile and even small surfaces can be captured by the 

user if detailed mapping takes place. On the contrary, automated techniques are at disadvantage 

when that is the case. Due to the constraints of the mathematical model imposed for surface 

detection and identification, small surfaces may be under-sampled (Plane Detect) or even excluded 

(Facets Plugin), hence creating a gap in the obtained data. Plane Detect detects and identifies 

discontinuity surfaces based on an algorithm that first performs edge masking. Edge masking 

examines each node of the 3D model and its neighboring nodes to determine if the node is near an 

edge, and if so removes it from the mask. This secures that sharp edges are excluded from the mask, 

but all other regions remain. Following this, blast-damage regions are removed from the masked 

planar nodes. The result of the blast-damage mask is the separation of the 3D model into nodes that 

represent possible discontinuity surfaces and everything else. Finally, the algorithm determines if 

a masked region should be classified as a discontinuity surface or disregarded. This is determined 

based on the area of the masked region, which needs to be over a specific threshold, and the overall 

surface orientation variability, which needs to be less than a specified value (Voge, et al., 2013). 

Both constraints are defined by the user, and therefore selection of these parameters is crucial. From 

the examined case of the Brockville Tunnel, it can be inferred that Set 3 is under-sampled as a result 

from adopting a surface threshold greater than the discontinuity surfaces present in the 3D model. 
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Continuing, 3D cloud segmentation of the Facets Plugin in Cloud Compare resides in dividing 3D 

space into the smallest possible entity which presents planar behaviour, within the roughness 

criterion defined by the user. Space division is implemented either regularly (Fast Marching) or 

irregularly (Kd-Tree) (Dewez, et al., 2016). For the present study, the Fast-Marching approach was 

used. The algorithm in this case uses regular lattice subdivision specified by an octree structure. 

Because of the octree algorithmic choice, facets cannot be smaller than the selected step, and it is 

important to select a step corresponding to the field observations. A selection of a larger step in this 

study, led the algorithm to miss the small surfaces created by Set 3, hence highlighting the 

importance of selecting the appropriate input parameters when such algorithms are used. Moreover, 

data abundancy is another major factor affecting both orientation measurements and fracture trace 

length measurements. The length of the examined section changes both the mean values and the 

variability of the measured quantities as more data adds to the existent pool. Vazaios et al. (2015; 

2016) discuss about that issue, however, this is out of the purposes of this study and the selected 

10 m section was used to demonstrate the applied mapping techniques without investigating the 

effect of increasing or decreasing the examined tunnel section on the measured quantities. 

Furthermore, specific analytical tools, for example the Terzaghi correction, may not be appropriate 

to be applied under specific circumstances and they highly depend on the specific properties of a 

given site. For example, by applying the Terzaghi correction, Set 1 was enhanced. However, this 

resulted in Set 3 to be completely excluded from the obtained data because of the limited number 

of identified surfaces. Hence, the use of such tools has to be employed with caution, as they can 

lead to the determination of input parameters which are not representative for the examined 

rockmass. 

Having estimated the input parameters to feed the generation DFN algorithm, the created 

model has to be initially calibrated in order to determine modelling parameters which cannot be 

directly estimated from the “in-situ” collected data for a given rockmass. The calibration process 
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is done by using mapped traces which feed the generation algorithm and deterministic fractures are 

created in the 3D space. The traces of the simulated fractures are then compared to the actual traces 

until a good agreement is reached through an iterative process (Figure 3-9). Once a representative 

deterministic DFN has been created, through a validation process which compares the areal fracture 

intensity of the simulated fractures and the actual ones a multiple number of stochastic realizations 

can be generated in order to create a data pool for the assessment of a given rockmass. 

Preliminary rockmass assessment by using DFNs can be done by estimating the 

geometrical REV and its corresponding fracture intensity P32. While the geometrical REV and P32 

are usually estimated for the overall rockmass, processing of the DFN models based on data from 

the Brockville Tunnel, showed that it is rather important to take into account each discontinuity set 

separately as well. As illustrated in Figures 3-12 and 3-14, and shown in Table 3-7, the REV for 

each joint set independently and for the overall rockmass, revealed that fractures with low intensity 

values, such as Set 3, require larger volumes in order to capture adequately the amount of structure 

that can be found within a rockmass volume. On the contrary, sets such as Sets 1 and 2 with higher 

intensity values, require smaller volumes that are representative for them. Furthermore, since the 

fracture intensity of the overall rockmass is the cumulative coming from all three sets, the estimated 

REV was the smallest. However, this may be deceiving as an adequate number of structures of the 

different joints present may not be captured when just the overall rockmass is examined. 

However, managing data from DFN models can be a rather time consuming and exhausting 

process depending on the number and the dimensions of the different realizations. This leads to the 

need of creating an approach that can act as a guideline to determine the optimal number of 

realizations and size of the generated models. In order to estimate the required number of 

realizations, the mean values of the average P32 values and the CoV of the average P32 values were 

calculated for each different joint set and for the overall rockmass. As illustrated in Figures 3-16 

and 3-17, when the two examined quantities are expressed as a function of the performed number 
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of realizations, it can be seen that the mean of the average P32 values can be considered a constant 

for the generated models. On the contrary, the mean CoV of the average P32 values is different for 

a different number of realizations used, and thus it is affected by the variability added because of 

that number. However, the derived values are quite small and cannot be used to determine exactly 

the required number of realizations. In order to overcome this fitting a curve to the derived data 

and by differentiating twice, the rate of change of the tangent of the best-fit curve can provide an 

indication of the realizations required at which the level of variability can be acceptable. Regarding 

the size of the volume of interest of the DFN models, by using the REV concept and by creating a 

multiple number of realizations, it can be inferred that as in the case of the REV, the volume of 

interest depends on the nature of the joint sets present. As illustrated in Figure 3-18, a minimum 

volume of interest can be used in order to produce similar results as with a larger volume. It can be 

observed that P32-versus-the-sample size distributions are approximately the same once a volume 

of interest of a 30 m size has been employed for the cases of Set 2, Set 3 and the overall rockmass. 

However, for Set 1 the effect of the boundaries on the generated models is not eliminated until a 

40 m bounding box is employed. Therefore, it can be inferred that for the dataset of the Brockville 

Tunnel case, the minimum size of the volume of interest that could have been employed is 40 m in 

order to accommodate for all discontinuity sets present, with this specific size being the maximum 

among the determined minimum size bounding boxes. Therefore, an acceptable volume of interest 

may vary between the different discontinuity sets, and this has to be taken into account during the 

modelling process. 

While the data used come from a specific site and the performed calculations correspond 

to a given rockmass, the same approach can be applied to various datasets and different rockmasses, 

and it can be integrated into a more general concept or methodology which is summarized in Figure 

3-19. This approach includes four different steps starting from the collection of data using LiDAR, 

determining the input parameters for the DFN modelling, generating the DFNs, and processing the 
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simulated data. The two last steps are further involved into an iterative process in order to secure 

that an acceptable size and number of realizations has been achieved. 

 

 

Figure 3-19: Establishing DFNs based on laser scanning data. While four steps can be defined, 

the connection between Steps 3 and 4 is an interactive one, and results are only established 

after several iterations in order to create DFN models representative of a given rockmass. 

 

3.7 Conclusions 

In this study a complete procedure of establishing DFNs for underground projects using LiDAR 

data was presented by using actual data from the Brockville Tunnel located in Ontario, Canada. 

Following the conducted laser scanning of the tunnel, discontinuity data was collected by 

employing both manual and automated mapping techniques in a 10 m section of the Brockville 

Tunnel in order to derive input parameters for the generation of DFN models. Different biases and 
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limitations of the applied techniques for the collection and processing of the discontinuity data were 

discussed in detail in order to obtain representative values for the required DFN algorithm inputs. 

Following the determination of the DFN input parameters which are derived directly from 

observed data within the 3D surface model, the rest of the DFN modelling parameters were 

estimated through the calibration of a deterministic DFN based on the comparison of actual and 

simulated fracture traces. Once the deterministic model was established, a multiple number of 

stochastic realizations was generated. Data obtained from the DFN models were further processed 

in order to estimate the geometrical REV and volumetric fracture intensity P32 for each 

discontinuity set separately and for the overall rockmass. By using the estimated values, an 

approach for determining an acceptable number of DFN realizations and the size of the DFN 

models was introduced. The same procedure was used for each independent discontinuity set and 

for the overall rockmass as well in order to investigate the impact of each one and all of them 

together. As shown, the nature of each set is quite significant and therefore before determining an 

overall REV, number of realizations and model size, separate investigations should be conducted. 
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Chapter 4 

Determining the Strength and Deformability of Rockmasses with Non-

Persistent Joints by applying a Synthetic Rockmass (SRM) Approach 

Materials of this chapter have been part of collaborative research conducted by the author of this thesis and 
Dr. Kiarash Farahmand from Golder Associates Ltd., and have been published in two journal papers, one in 
the Journal of Rock Mechanics and Geotechnical Engineering and one in Computers and Geotechnics: 
Vazaios, I., Farahmand, K., Vlachopoulos, N., and Diederichs, M.S. 2018a. Effects of confinement on rock 
mass modulus: A synthetic rock mass modelling (SRM) study. Journal of Rock Mechanics and Geotechnical 
Engineering, 10(3): 436-456, DOI: 10.1016/j.jrmge.2018.01.002. 
 

A link to the published paper can be found at: 
https://doi.org/10.1016/j.jrmge.2018.01.002 

 
 

Farahmand, K., Vazaios, I., Diederichs, M.S., and Vlachopoulos, N. 2018. Investigating the scale-
dependency of the geometrical and mechanical properties of a moderately jointed rock using a synthetic rock 
mass (SRM) approach. Computers and Geotechnics, 95: 162–179, DOI: 10.1016/j.compgeo.2017.10.002. 
 

A link to the published paper can be found at: 
https://doi.org/10.1016/j.compgeo.2017.10.002 

 
 

4.1 Introduction 

Design of modern structures built within or on hard rock masses has become more challenging, as 

the rock-related construction, such as open pit and underground mining, is increasingly getting 

larger and excavating deeper. As such, the stresses as well as the ensuing stress paths become higher 

and more complex in nature. Given the fact that such deep excavations are under complex in situ 

conditions, the development and application of advanced numerical models are essential in order 

to adequately predict the short- and long-term responses of the rock mass to perturbations caused 

by engineered alterations. Development of such advanced models requires the introduction to 

constitutive models with the capability of representing the reality of rock behaviour under different 

loading paths and deformation states. In terms of continuum-based models (e.g. finite element 
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method models), the deformability and strength of the jointed rock control the material behaviour. 

In these types of numerical codes, the values of rock mass deformability and strength under 

different loading conditions (i.e. various confinement and loading/unloading cycles) are defined 

via constitutive models. It is well-documented (Hutchinson & Diederichs, 1996; Martin, 1997; Min 

& Jing, 2004; Arzúa, et al., 2014) that the values of these two parameters for a given jointed rock 

are highly dependent on the magnitude of the confining stress acting on the rock. Therefore, the 

confinement-dependency of such parameters needs to be accounted for in the implementation of 

the constitutive model. 

 In this chapter, the material strength and deformability of rockmasses with non-persistent 

joints, and their associated scale-dependency and confinement-dependency are characterized using 

a so-called synthetic rock mass modelling (SRM) approach in which the intact part of the rock and 

discontinuities are represented respectively by a collection of DEM-Voronoi grains, and discrete 

fracture network (DFN) joints. In order to create such constructs, firstly the appropriateness of an 

SRM model to estimate the unconfined rock mass strength and deformability needs to be examined. 

The determination of the mechanical properties of the representative sample is undertaken at a 

representative volume considering the scale-dependency of the rock mass properties. In order to 

achieve this, a representative rock mass volume based on the concept of the “representative 

elementary volume (REV)” is established (Bear, 1972; Hudson & Harrison, 1997). The 

determination of the REV size for the studied rock mass is achieved by analyzing the geometrical 

characteristics of the discontinuities (e.g. rock quality designation (RQD), joint spacing, and block 

volume measurements). Next, the quantified degree of blockiness is used to calculate a range of 

values for the geological strength index (GSI) (Hoek, et al., 1998). By knowing the intact rock 

strength properties and the rock mass GSI value, the unconfined compressive strength (UCS) and 

deformability modulus (Erm) of the rock mass are estimated respectively by the empirical Hoek-

Brown criterion (Hoek, et al., 2002) and the Hoek-Diederichs formula (Hoek & Diederichs, 2006) 
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and compared to those obtained from the SRM results at the REV size. Secondly, a series of biaxial 

compression tests was simulated under various confining stresses in order to investigate the 

confinement dependency of such rockmasses in terms of their strength and deformability. Based 

on the numerical modelling results of unconfined and confined compression tests, an S-shaped 

strength envelope is obtained and a semi-empirical equation is proposed that relates the rock mass 

modulus to confinement as a function of the areal fracture intensity and joint stiffness. 

 To generate and calibrate the SRM models, a systematic procedure (Figure 4-1) is 

employed. Following the explained calibration steps is critical to assure that the model is able to 

reproduce a reasonable rock mass behaviour. To construct the DFN models, the initial rock mass 

geometrical information was acquired from a LiDAR three-dimensional (3D) surface model of the 

Brockville Tunnel located in Ontario, Canada, as shown in Chapter 3. This information was then 

used as input in order to feed a DFN generation algorithm and create stochastic joints representing 

the geometries of pre-existing discontinuities mapped at the tunnel site. 

In the next step of the process, the geometries of the stochastic joints are imported into the 

UDEC code (Itasca, 2014) in order to build the SRM specimens. The intact parts of the model are 

simulated through a dense pack of polygonal-shaped grains forming a grain-based model (GBM) 

(Farahmand, 2017). In this method, the grains are bounded and interact with one another at their 

contacts. Hence, material fracturing can be simulated by breakage of the contacts cohering two 

adjacent grains. The detachment of grains along their interfaces occurs when the stress level at 

contacts exceeds the pre-defined threshold values either in extension or in shear. The mechanical 

characteristics of a well-established granitic rock (Lac du Bonnet granite) reported by Martin 

(1997) are used to generate and calibrate the intact parts of the SRM samples. 
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Figure 4-1: Flowchart illustrating the calibration procedure for the combined DFN-grain 

based models. 

 

4.2 Generation of the Discrete Fracture Network (DFN) model 

In several engineering applications, the evaluation and assessment of a rock mass can be 

challenging tasks due to its limited exposure and/or restricted and difficult access to it. However, a 

solid understanding of the structural features of a rock mass, with a view of understanding its 

overall behaviour, is necessary in the geotechnical and geological engineering design and 

construction processes. In order to overcome such limitations, various techniques have been 

developed and provide a better insight of the expected rock mass behaviour by using multiple 

scenarios and explore its variability. One of these techniques is the stochastic modelling of fracture 
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networks, which has been the topic of study by various researchers, as discussed in Chapter 3. In 

this technique, joint features, such as orientation, size, density and aperture (ISRM, 1978), and their 

locations are commonly treated as random variables following a probability distribution. These 

distributions are usually derived from the collected discontinuity data. Discontinuities found in 

nature have variable shapes and sizes depending on the geometry of pre-existing local and/or 

regional structures (joints, faults, etc.) and the imposed stress regime. This leads to the creation of 

rather complex conditions. This inherent complexity is reduced (and idealized) by adopting simpler 

geometries. Following this approach, it is common practice to treat DFNs in two dimensions as 

straight lines, while in three dimensions, the joints are considered to be circular or elliptical disks. 

DFN modelling relies on collecting joint data which can be further processed in order to derive the 

necessary input parameters for the generation process. According to the DFN modelling branch of 

the flowchart in Figure 4-1, in order to obtain discontinuity data for the purposes of this study, the 

polygonal model of a 10-m section of the Brockville Tunnel was used, and the discontinuity data 

collection and generation of the DFN model were performed as discussed in Chapter 3. 

4.3 Generation of the Grain-Based Model 

An assembly of polygonal Voronoi grains forms the intact part of the SRM model (Farahmand, 

2017). As a result, the fracturing of the intact rock can be simulated by cracks generated along the 

grain boundaries. For the purposes of this study, the well-studied properties of the Lac du Bonnet 

(LdB) granite sampled from the 240 m level of the underground Research Laboratory in Pinawa, 

Manitoba, Canada (Martin, et al., 1999), are used to capture the behaviour of the intact part of the 

SRM model that forms intact rock bridges between the pre-existing joints. The deformability 

characteristics, the density and other properties of the common minerals composing the intact rock 

are listed in Table 4-1. In order to introduce the grain-scale material heterogeneity of the granite 

into the numerical model, four material grain types are distributed in the model domain based on 

the abundance of each mineral in the composition of the actual rock (as given in Table 4-1). An 
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average grain size of 3 cm was selected to generate the models to minimize the effect of the Voronoi 

block topology on the generated, stress induced fracture pattern. The histogram in Figure 4-2 

compares the distribution of various mineral phases in both real granite and the intact SRM model. 

 

Table 4-1: Micro-material properties for different minerals of Lac du Bonnet (Farahmand, 

2017). 

Mineral phase Abundance Grain size 
(mm) 

Density 
ρ  

(Kg/m ) 

Elastic modulus 
E  

(GPa) 

Poisson’s 
ratio 
ν  
(-) 

Mode I 
fracture 

toughness 
K  

(MPa.√mm) 
Alkali-feldspar 40% 3 2560 96.8 0.28 4.18±0.09 

P-feldspar 20% 3.5 2630 88.1 0.26 4.18±0.09 
Quartz 30% 1.5 2650 94.5 0.08 8.68±0.18 
Biotite 10% 0.75 3050 33.8 0.36 3.21±0.05 

P-feldspar refers to plagioclase feldspar. 
Values of Young’s modulus for different minerals are given from Bass (1995). 
Values of Young’s modulus, density and Poisson’s ratio for Quartz are given from Mavko et al. (2009). 
Values of K  for different minerals are given from Mahabadi et al. (2012a). 

 

 
Figure 4-2: Model configurations for (a) intact SRM specimen (Farahmand, 2017) and (b) 

jointed SRM specimen. 
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A cohesive crack model, as developed by Farahmand (2017), is implemented into UDEC 

to define the force-displacement relationship of the contacts in opening, sliding, and mixed 

opening-sliding modes (GBM modelling Steps 2-5 in Figure 4-1). This constitutive model controls 

the contact bonding stress based on the grains’ relative displacements in the normal and tangential 

directions. In both opening and sliding conditions (Figure 4-3), the stress-displacement curves are 

composed of two branches with a hardening section representing the response of a contact prior to 

yielding and a softening section defining the post-peak behaviour of the yielded contact. The 

response of the model in opening mode (tension) depends on the initial normal stiffness k(n0,c), the 

tensile strength Tc, and the Mode I fracture energy release rate GIc. In sliding mode (shear), the 

initial shear stiffness k(sh0,c), the shear strength fsh, and the Mode II fracture energy release rate GIIc 

control the behaviour. The peak shear strength is governed by 

 
|f | =  C + σ tan φ                 (σ < σ ,  )   
|f | =  C , + σ tan φ ,    (σ ≥ σ ,  )               [4-1] 

where  and ,  are the contact primary and secondary cohesions, respectively;  and ,  

are the contact primary and secondary friction angles, respectively;  is the normal stress acting 

across the contact length; and ,   is the normal stress at which the slope of the 

shear failure envelope transits from a steeper to a shallower slope. Results of laboratory testing on 

various types of rocks (Backers, 2005) suggest that the transition from steep to shallow slope occurs 

at about 30 MPa. For the case of the Ӓspo diorite that has similar mechanical properties (UCS = 

219 MPa,  = 15 MPa,  = 68 GPa,   = 0.24) to the LdB granite, the transition from a steep to 

shallow slope occurs at about 30 MPa with the friction angle  = 70 for < 30 MPa and ,  

= 18 for < 30 MPa. The estimated friction angles for the two regimes suggest a ratio of 

/ ,  equal to approximately 4 (Backers, 2005). After shear yielding, the contact strength 

drops to its residual value , . For more information the reader can refer to Farahmand (2017). 
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Figure 4-3: Cohesive crack model. Stress-displacement behaviour of the cohesive contact 

model in (a) Mode I, (b) Mode II, and (c) mixed-Mode I and II. (d) Bilinear failure criterion 

with residual strength and tension cut-off to define the strength properties of the contacts in 

shear and tension (Farahmand, 2017). 

 

According to the cohesive model adopted in this study, the contacts between the grains are 

able to break in tension (Mode I), shear (Mode II), or a Mixed Mode I-II as a result of the generated 

local stresses and the relative contact displacements. UDEC built-in contact models, such the 

Coulomb slip and the continuous yielding model, are used to simulate the damage of contacts under 

shear. While these models are able to capture and are used for the simulation of joint behaviour, 

they are not well suited for capturing hard rock fracturing. On the contrary, the nonlinearity of the 

employed cohesive crack model both in the pre-peak and post-peak regions is able to capture both 

the decay of stiffness in the pre-failure state, due to the damage progression on the contact interface, 

and the post-peak softening of the material, as a result of damage accumulation and energy 

dissipation. Such a model is able to capture realistically the complex fracturing mechanisms of hard 

rocks. 
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In this study, a systematic calibration procedure (GBM model work flow), as outlined in 

the flowchart presented in Fig. 4-1, was followed. This calibration procedure is an iterative process 

that involves running a series of Brazilian, UCS, and biaxial simulations to find a set of input 

parameters that yields the correct macro-mechanical response of the tested rock. The step-by-step 

calibration process is discussed in detail in Farahmand and Diederichs (2015). Since the models 

are composed of four different mineral phases, 10 contact types need to be calibrated and the reader 

can refer to Farahmand (2017) for the specifics of the conducted calibration process. The obtained 

macro-mechanical properties of the SRM model are compared to mechanical properties of the LdB 

granite in Table 4-2. 

 

Table 4-2: Comparison between experimental and simulation results for the LdB granite 

(experimental data are given from Martin, 1993 and numerical data from Farahmand, 2017). 

 Experimental value Model result 

Young’s modulus (E ) (GPa) 69±5.8 70.4 

Poisson’s ratio (ν ) 0.22±0.04 0.22 

Crack initiation stress (CI) (MPa) 90 (41% of UCS ) 92 (42% of UCS ) 

Crack damage stress (CD) (MPa) 172 (86% of UCS ) 160 (73% of UCS ) 

Uniaxial comp. strength UCS  (MPa) 221 (201±22) 220 

Tensile strength (T ) (MPa) 9.3±1.3 10 

Cohesion (C ) (MPa) 30 27.5 

Friction angle (φ ) (°) 59 58 

m  (-) 28-30 29 

 

The material properties of the joints were assigned according to Table 4-3 (Nirex, 1997). 

A Coulomb slip with residual strength is used to control the behaviour of joints in shearing with 

the loss of cohesion and friction at the onset of shear yielding simulating the displacement-

weakening of the joints at residual strength. In this study, the joints are considered to have a purely 
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frictional behaviour and are open with an initial aperture being assigned to them. During the 

simulation and under different stress states developing in the specimen, as a result of the applied 

compressive load, the joint openings are able to close until the assigned value for a residual aperture 

has been achieved. For more information, the reader can refer to Farahmand (2017). 

 

Table 4-3: Joints properties assigned to the pre-existing joint of the SRM models. 

Normal stiffness  

Jkn  

(GPa/m) 

Shear stiffness  

Jks  

(GPa/m) 

Friction angle  

Jφ  

(0) 

Dilation angle  

Jω  

(0) 

Initial 

aperture u0 

(μm) 

Residual 

aperture ur  

(μm) 

434 434 25 5 30 5 

 

4.4 Deriving Input Parameters for Rockmass Classification Systems Based on the 

Geometrical Analysis of the DFNs 

The collection and analysis of qualitative and quantitative data are indispensable parts of the rock 

mass characterization process in order to determine a means for estimating the geometrical and 

mechanical properties of a rock mass. Rock mass classification schemes have been created to 

classify rock masses and provide quick and reasonable estimates of their mechanical properties, 

quantitative data for support estimation, and enable the communication between the site 

investigation, the design and construction processes. Among the most popular proposed 

classification systems, including the RQD (Deere, 1968), rock mass rating (RMR) (Bieniawski, 

1976), Q (Barton, et al., 1974), GSI (Hoek, et al., 1998) and RMi (Palmstrom, 1996), the GSI 

system seems to be more flexible because it can provide a complete suite of input parameters for 

numerical analysis which can be a great asset during the design process (Cai, et al., 2004). 

 However, two main issues may be encountered when employing the GSI system for the 

rock mass assessment: (1) determination of a reliable value for the index itself due to the qualitative 

nature of its determination, and (2) the amount of exposure and access to the rock mass for a reliable 
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estimate (depending on the in situ conditions and project specifications). The original GSI was 

meant to be used by qualified and experienced geologists or geological engineers. In many 

situations, however, the data are not collected by individuals with adequate and specific geological 

knowledge of a particular site resulting in estimation of GSI values that are not indicative of the 

rock mass strength. This led researchers to focus on the quantification of the original qualitative 

descriptions by using well-established indices, such as the RQD (Hoek, et al., 2013), or joint 

spacing/block volume (Cai, et al., 2004). The issue regarding the availability of sufficient rock 

exposure solely depends on the site-specific conditions and the project requirements. In tunnelling, 

specifically, the initial estimates are based on primarily surficial geology (in addition to borehole 

data) that may not be indicative of the conditions at depth. 

 In such cases, DFN modelling can be proven to be a valuable tool in order to evaluate the 

rock mass condition. This can be achieved by creating a number of DFN models considering 

various scenarios (within the context of a parametric study) for joint network geometries, resulting 

in a better understanding of the possible range of the GSI. Moreover, DFN models can also be 

combined with sophisticated numerical methods in order to create SRM models. These models can 

be used to make estimates for the strength and deformability of the rock mass under investigation. 

In this paper, the stochastic joint geometries were firstly used to derive the RQD, joint spacing, and 

block volume for the studied rock mass (within the methodology as shown in Figure 4-1). These 

geometrical indices, which define the degree of blockiness, were used to quantify the GSI. 

Furthermore, the DFNs were introduced to the UDEC-Voronoi model, in order to compare the 

mechanical properties derived from the numerical models with the properties obtained from the 

empirical methods. 

Additionally, it should be noted that the geometrical and mechanical properties of the rock 

mass are a function of the scale at which the rock mass is being examined (Bear, 1972; Hudson & 

Harrison, 1997). In order to address the scale-dependency of the rock mass properties, and to reduce 
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associated effects, the variabilities of the strength and deformability with respect to the size of the 

specimen are required to be investigated. Within this context, the geometrical REV is established 

for the DFN models based on the analysis of the measured RQD, areal fracture intensity (P21), and 

block volumes. This process leads to the determination of a specimen size which includes a 

sufficiently large number of structures and that specific size can be considered representative for 

the overall rock mass conditions. 

4.4.1 RQD and Discontinuity Spacing Measurements 

RQD is typically assessed by examining retrieved cores from boreholes and in a similar fashion, 

“virtual” boreholes were created vertically and horizontally within the DFN model, as illustrated 

in Figure 4-4a. In Figure 4-4b, the average RQD values (obtained from 2,975 “virtual” boreholes) 

are plotted versus the borehole length in order to investigate the effect of the sampling size via the 

length of the boreholes. As illustrated, most RQD measurements are within the range of 95%-100%. 

This infers that RQD is not sensitive to the borehole sampling length. However, it can be seen that 

the measurements tend to be more scattered for lengths less than 6 m. 

Furthermore, the spacing between the discontinuities was evaluated from the “retrieved” 

core. Figure 4-5 demonstrates the spacing distribution based on 1,352 measurements from the DFN 

model and a mean joint spacing of approximately Sa = 0.6 m was derived. Since more than one 

joint sets are present, the calculated average spacing, Sa, is used to make an preliminary estimate 

for the average block volume size Vb using the formula Vb=Sa
3 (Palmstrom, 2005). Based on this 

formula, the average block volume is approximately 0.24 m3. Snow (1968) suggested that the REV 

size for a given rock mass is approximately 10-20 times the mean spacing of joints. Schultz (1995) 

suggested that the REV size is approximately 5-10 times the joint spacing. Given the mean spacing 

of 0.6 m for the Brockville rock mass, the REV sizes of 6-11 m and 3-6 m were determined based 

on Snow (1968) and Schultz (1995), respectively. 
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4.4.2 Areal Fracture Intensity Measurements 

Next, within the context of the overall methodology, the areal fracture intensity P21 was measured 

and the influence of the size of the sampled area was assessed by using 121 2D rectangular mapping 

windows of various sizes with a height-to-width ratio equal to 2.5 (Figure 4-6). In order to select 

the appropriate REV size for a specific property, the coefficient of variance (CoV), defined as the 

ratio of the standard deviation to the mean value, was used. As shown in Figure 4-6, the CoV of 

P21 for the sample sizes smaller than 7 m is more than 20%. This indicates that the number of joints 

included within the specimens smaller than 7 m is not representative for the overall rock mass. On 

the contrary, for specimen sizes larger than 7 m, the CoV drops below 20% (Esmaieli, et al., 2010), 

indicating that the population of structural entities within the specimens are sufficient to be 

representative for the rock mass conditions. Therefore, a geometrical REV of 7 m is established 

and the P21 within the range of 2-3 m/m2 is achieved for the specimen sizes larger than the REV 

size. 

 

 

Figure 4-4: (a) Schematic showing a 2D rectangular mapping window and the extracted 

virtual drill core sample from the DFN model to measure the RQD of the rock mass. The 

RQD is estimated by measuring the length of “intact core” between the intersection points of 

the joints with the borehole axis denoted as x1, x2, …, xn. (b) Evaluated RQD from the 

“virtual” rock cores extracted from boreholes of various lengths. 
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Figure 4-5: Histogram showing the distribution of joint spacing measurements from the DFN 

model. 

 

 
Figure 4-6: Influence of the size of the sampling area on the areal fracture intensity P21. 
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4.4.3 Block Volume measurements 

After performing the linear and areal measurements, more detailed block volume measurements 

were conducted in order to verify the preliminary block volume assessment. The 3DEC code 

(Itasca, 2013) was used to evaluate the volume of the blocks forming between DFN joints. In order 

to conduct this analysis, the DFN geometries of various sizes (height/width = 2.5) are imported into 

the code, as shown in Figure 4-7. It should be noted that only discontinuities forming complete 

blocks are taken into account. Hence, smaller discontinuities are deleted as they fail to form blocks, 

resulting in slightly larger blocks than the actual rock mass condition. Additionally, it can be 

observed in Figure 4-7 that smaller size samples have less blocks forming within their boundaries 

than the larger samples, which shows the scale-dependency of the block volume measurements 

conducted for different sample sizes. 

 In Figure 4-8, the obtained block volume distributions are illustrated for three different 

random locations within the master-volume DFN model of size 60 m × 60 m × 60 m. It can be 

observed that the genetic algorithm used for the generation of the DFN results in areas with a 

presence of less joints (Figure 4-8a-Location 1) than other areas (Figure 4-8b and c-Locations 2 

and 3, respectively), hence favoring the formation of larger blocks at specific locations. More 

specifically, from Fig. 4-9a, it can be observed that for Locations 1, 2 and 3, the block volume 

corresponding to 50% passing (D50) is approximately 2.3 m3, 0.77 m3 and 0.25 m3, respectively, 

hence showing that the variation in the joint conditions simulated influences the size of the blocks 

created. This is in agreement with the fracture intensity measurements in Figure 4-6, in which it 

can be observed that the fracture intensity does not have a constant value. On the contrary, the 

fracture intensity has a range indicating that there are locations where the rock mass is more 

fractured than other locations, and therefore blocks can be smaller than those in other locations 

where sparser joints form larger blocks. 

 By examining the volume of the 50% passing (D50) relative to the size of the sampled 

specimens, it can be inferred that for samples greater than 6 m, the block volume becomes 
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approximately constant with only small fluctuations (Figure 4-9a). Furthermore, the coefficients of 

uniformity (D60/D10) and gradation (D30
2/(D60D10)) (Figure 4-9b and c, respectively) show that the 

block volume distributions per location have approximately the same characteristics for sample 

sizes greater than 7 m, while for smaller sample sizes, they do not maintain a specific value and the 

deviations between each examined size are significant, showing that a representative value for the 

rock mass cannot be obtained. The established geometrical REV size is consistent with the block 

volume measurements. Therefore, a 7 m sample is considered representative of the whole rock 

mass. Blocks formed have an average range of volumes from 0.23 m3 to 2.3 m3. Moreover, the 

lowest end of the volume range is in agreement with the estimated block volume value obtained 

from Vb=Sa
3 (Palmstrom, 2005), while it underestimates the average block volume estimated in this 

section. 

 

Figure 4-7: Example of rectangular samples of four different sizes (1 m, 4 m, 7 m and 10 m) 

created in 3DEC after importing the DFN geometry. The number of joints included within a 

specimen and the joint geometry pattern captured within a specific domain are a direct 

function of the specimen size. 
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Figure 4-8: Block volume distributions for (a) slightly, (b) moderately, and (c) more-jointed 

rock masses based on the DFN model extracted from three random locations. The 1 m, 2 m 

and 3 m sample size volume curves have been highlighted in order to show the effect of the 

sample size (scale-dependency) and how it moves the volume distribution to the right as the 

sample size increases. 
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Figure 4-9: (a) Average block volume based on the 50% passing (D50), (b) uniformity 

coefficient (D60/D10), and (c) gradation coefficient (D30
2/(D60D10)) for various sample sizes 

extracted from three random locations. 
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4.5 Appropriateness of the SRM Approach to Estimate Rockmass Mechanical 

Properties and Numerical Results 

The SRM approach and empirical GSI system are used to estimate the mechanical properties of the 

rock mass and their associated scale-dependency. The SRM estimations for the strength and 

deformability are compared herein with those properties obtained from the empirical method in 

order to investigate whether the SRM results match the empirical method estimations. To do so, 

the quantified degree of blockiness, as evaluated earlier, is used to calculate a range of values for 

the GSI (Hoek, et al., 1998). Having obtained the intact rock strength properties and the rock mass 

GSI value, the UCS and deformability modulus (Erm) of the rock mass were estimated respectively 

by using the empirical Hoek-Brown criterion (Hoek, et al., 2002) and the Hoek-Diederichs formula 

(Hoek & Diederichs, 2006), and were compared to those obtained from the SRM results. 

 In order to have an estimate of the strength and deformability based on an empirical 

approach, the GSI was evaluated from the observed structural features of the Brockville rock mass 

and the joint surface condition based on well-established data in the literature from the Sellafield 

site (Nirex, 1997). In order to quantify the degree of blockiness of the rock mass, three parameters 

including RQD, joint spacing, and block volume are considered (Cai, et al., 2004; Hoek, et al., 

2013), based on measurements presented in the previous section. This provides a more objective 

quantitative index of the structure of the rock mass. It is assumed that the joint condition is fair with 

the smooth, moderately weathered and altered joint surface which corresponds to the third column 

of the GSI chart (Figure 4-10) according to data reported in Nirex (1997). 

 According to the empirical correlation (Equation 4-2) proposed by Hoek et al. (2013), the 

RQD measured from the DFN model using “virtual” boreholes (Figure 4-4) is used as an input to 

measure a range for GSI. The predicted GSI range is approximately 66-67 as illustrated in Figure 

4-10 (left). 
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 GSI =
RQD

2
+ 1.5JCOND  [4-2] 

where JCOND89 is the Joint Condition rating defined by Bieniawski (1989).  

The second approach involves the estimation of the GSI based on the measured spacing and block 

volume. For an approximate spacing range between 0.5-1 m (Figure 4-5) and for block volumes 

between 0.23-2.3 m3 (Figure 4-8), the estimated GSI ranges from approximately 50 to 65 and 50 to 

67, respectively, as illustrated in Figure 4-10 (right). 

 

 
Figure 4-10: The range of the GSI estimated for the Brockville rock mass based on the GSI 

charts proposed by Hoek et al. (2013) (left), and Cai et al. (2004) (right). Coloured regions in 

the charts indicate the range of the estimated GSI. (Left) The green ellipse indicates the range 

of GSI estimated from RQD value and joint condition of the synthesized rock mass. (Right) 

The estimated ranges of GSI based on mean joint spacing and block volume are shown with 

blue box and red box, respectively. 

 

The estimated unconfined rockmass strengths obtained from the generalized Hoek-Brown 

criterion with strength parameters determined using RQD, joint-spacing, and block-volume-based 

GSI are estimated using Equation 4-3: 
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UCS = UCS ∙ s  

 
 

[4-3] 

where UCS  and UCS  are the unconfined strength of the jointed rockmass and the unconfined 

strength of the intact rock, respectively. The s and a are parameters which depend on the 

characteristics or quality of the jointed rockmass, and can be calculated using Equations 4-4 and 

4-5, respectively: 

s = exp
GSI − 100

9 − 3D
 

 
 

[4-4] 

a = 0.5 +
1
6

e − e  

 
 

[4-5] 

A disturbance factor of D=0 was considered in order to perform the calculations in this study.The 

Young’s modulus of the rock mass was also estimated based on the acquired GSI values from the 

assessment of the geometrical properties of the rock mass. For the estimation of the rock mass 

modulus, the Hoek-Diederichs formula (Equation 4-6) (Hoek & Diederichs, 2006) was used. 

 

E = E 0.02 +
1 − D

2

1 + e(( ) )
 

 
 

[4-6] 

 

In order to investigate the influence of specimen size on the mechanical properties of SRM 

samples, a series of compression tests under unconfined conditions were simulated including 60 

UCS specimens with a constant height to width ratio of 2.5, and heights ranging from 1 m to 10 m. 

The change in degree of variability of the unconfined strength (UCSrm) and modulus (Erm) of the 

SRM models was utilized to determine the mechanical REV size. The SRM sample is loaded 

axially under unconfined conditions and is subjected to a constant displacement rate to induce 

stresses until failure is achieved. In order to achieve this, the rockmass sample is placed between 
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two stiff platens. In order to generate the induced compressive stresses at the two ends of the rock 

sample, the upper and lower platens move toward each other with constant velocities. 

 The axial stress-axial strain behaviour is monitored during testing by using user-defined 

FISH functions embedded in UDEC (Farahmand, 2017), with the compressive stresses being 

measured in the upper platens and within three domains located in the sample. Axial strain is 

calculated based on the measured displacement of the two points at the very top and bottom of the 

specimens during the compression test. In addition, 14 sets of measuring points along the external 

lateral sides of the sample are selected to monitor the lateral strain, and the average of the lateral 

strain in the monitoring points represents the overall lateral strain of the rock sample under 

compression (Figure 4-11). 

 

 
Figure 4-11: (a) Samples of various sizes for the development of the SRM models (white 

dotted rectangles) extracted from the DFN model, and (b) a 10 m × 4 m SRM specimen 

comprising the DFN joint and the intact material represented by the DEM Voronoi grains. 

(c) Configuration of the measuring points and zones for monitoring the stress and strain 

within the sample. Black dots indicate the monitoring points for the strain measurements. 

The stresses are monitored within the Domains 1 (black box), 2 (green dashed box), and 3 

(red dashed box). 
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In Figure 4-12, the results of the estimated unconfined compressive strength (UCS ) from 

multiple SRM models at different sizes are illustrated. The variance of the UCS decreases as the 

specimen size increases, and the UCS  values are within an approximately constant range after a 

certain sample size. For smaller specimen sizes, the data have a significant scatter depending on 

the population, orientation, and persistence of the pre-existing joints in the model. This implies that 

at this size the model cannot be described as statistically homogeneous since a stable range of the 

properties cannot be achieved. However, for larger sample sizes, the scattering of results narrows 

down to an average UCS  of approximately 51 MPa. The value of the CoV for the 7 m high 

specimen is approximately 19%, which is lower than the acceptable CoV value of 20% for 

establishing the REV size in this study. The CoV of specimens higher than 7 m is also consistently 

lower than 20%; hence establishing the REV at 7 m. The mean strength of the models at REV size 

of 7 m × 2.8 m is approximately 23% of the granite intact strength which is approximately 51 MPa. 

 

 
Figure 4-12: UCS obtained from different GSI values based on the assessment of the 

geometrical features of the investigated rock mass. The suggested empirical thresholds are 

compared with the numerical results based on the conducted SRM for 7 m samples based on 

the determined REV size. 
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Based on the obtained GSI values, the UCS of the examined rock mass is estimated and 

the strength thresholds are illustrated in Figure 4-12, as well. The RQD-based GSI approach leads 

to UCS values of rock mass closer to those for the SRM specimens at the REV size of 7 m. Using 

the joint spacing and block volume to estimate the GSI results in strength values between 13 MPa 

and 40 MPa, which are lower than the UCS values obtained from the SRM simulation. The analysis 

of different geometrical features of the rock mass with an emphasis to the RQD in this case can 

provide a good first estimate of the UCS of rock mass. In general, the SRM strength prediction 

matches reasonably well with the results obtained from the Hoek-Brown criterion, given that the 

input GSI value has been determined correctly and represents the reality of the rock mass 

conditions. 

Continuing, when the Young’s modulus is expressed as a function of the model size, the 

modelling results have a significant variation. As illustrated in Figure 4-13, as the specimen size 

increases, the variation of the Young’s modulus decreases. In general, the scattered values of the 

modulus are within a range that decreases with increasing the sample size, due to the larger samples 

containing a larger population of joints. The range of the values is notably wider for specimen 

heights of less than 3 m. However, the range of the emergent modulus values narrows down 

significantly for sample sizes larger than 7 m. Therefore, a minimum REV of 7 m can be justified 

based on the obtained deformability values. The value of the CoV for the 7 m high specimen is 

approximately 15%, which is lower than the acceptable CoV value of 20% for establishing the REV 

size. The CoV of specimens higher than 7 m is also lower than 20%; hence the minimum REV size 

based on the estimated Erm is 7 m. The rockmass Young’s modulus (Erm) at the REV size varies 

between 50% to 72% of the intact Young’s modulus of the granite with the mean value of Erm = 40 

GPa. 
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Figure 4-13: Rock mass modulus obtained from different GSI values based on the assessment 

of the geometrical features of the investigated rock mass. The suggested stiffness thresholds 

are compared with the numerical results based on the SRM conducted for 7 m samples based 

on the determined REV size. 

 

 As illustrated in Figure 4-13, the GSI estimate based on the RQD values results in a larger 

value for the modulus of the given rock mass when compared to the case in which the discontinuity 

spacing and the block volumes are used to determine the GSI. More specifically, the estimated 

range is from 50 GPa to 60 GPa. The RQD-based GSI results in a larger stiffness for the rock mass, 

however, the spacing and volume based GSI values yield a closer approximation to the Young’s 

modulus resulted from the SRM simulations with its range being between 21 GPa and 50 GPa. 

Note that Equation 4-6 tends to overestimate the Young’s modulus of the moderately jointed 

rockmasses (GSI>65), whereas it underestimates the modulus of highly jointed rocks (GSI<30). 

 Table 4-4 summarizes the achieved REVs for the rock mass properties. As it is presented, 

an ultimate REV of 7 m is established according to the results of scale-dependency investigation 

of the geometrical and mechanical properties. 
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Table 4-4: Summary of the Representative Elementary Volume (REV) determination. 

 Property Mean Value REV Size (m) 
Geometrical Areal Fracture Intensity, P21 (m/m2) 2.5 7.0 

Mechanical Young’s Modulus, Erm (GPa) 40 7.0 
Unconfined Comp. Strength, UCSrm (MPa) 56 7.0 

Minimum REV size  7.0 
 

 Figure 4-14 demonstrates the final fracture patterns for the UCS  for different model 

configurations. Accumulation of damage in the direction sub-parallel to the applied loading axis 

within the 1 m high sample creates macroscopic fracture patterns in the form of axial splitting 

(Figure 4-14b) with most of the propagated micro-cracks being isolated cracks. These are not 

initiated from the tips of the pre-existing joints and it is the coalescence of these cracks resulting in 

failure of the specimens. The observed failure mechanism of this specimen size is very similar to 

the failure of the intact granite reported in Diederichs and Martin (2010). However, for larger 

specimens, stress concentrations located at the tips of the discontinuous features cause the 

propagation and the formation of wing cracks (Figure 4-14a). These wing cracks grow further in 

the direction of the major principal stress (maximum external load) and as the number of stress 

induced cracks increases by increasing the applied load, cracks coalescence and crack interaction 

begin. Within experimental results discussed in Bobet and Einstein (1998), Diederichs (2000), and 

Wong and Einstein (2009), two types of cracks, namely primary and secondary cracks, were 

observed during uniaxial loading of brittle rocks. Primary (or wing) cracks appear first. These 

observations are in agreement with the numerical results The wing cracks appearing are tensile 

fractures that initiate at the tips of the flaws and propagate in a curvilinear path as the external load 

increases. Wing cracks grow in a stable manner since an increase in load is required for them to 

extend and eventually align with the direction of the highest compressive load. Secondary cracks, 

which initiate due to shear fracturing, appear at later stages and result in sample failure. These shear 

cracks in most cases initiate in a direction coplanar to the flaw. The accumulated stress induced 

cracks demonstrate that in their majority are tensile in nature. 
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Figure 4-14: Comparison between fracture patterns of SRM specimens and those observed 

in experimental tests. (a) Fracture patterns in UCS specimens of different sizes at their peak 

strength, and (b) Isolated micro-cracks observed in a 10 mm thin section of LdB granite 

compared with the isolated micro-crack geometries formed parallel to the direction of 

maximum principal stress in the numerically testes intact sample. (c) Comparison between 

the induced fractures that occurred during uniaxial loading of marble samples with two pre-

fabricated flaws (Amadei, 1996) and a 7 m tall SRM model. Note that the two coalescence 

cracks in marble are marked by a pair of horizontal arrows. 
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4.6 Anisotropy of Rockmass Strength and Deformability 

The mechanical properties of intact and jointed rocks can be highly anisotropic in nature (Amadei, 

1996). In the case of rockmasses with pre-existing joints, it is the presence of those discontinuous 

features and their spatial distribution that cause the material to behave differently depending on the 

imposed loading direction. In this section, the anisotropy of the rockmass deformability and 

strength under unconfined conditions is investigated. A number UCS specimens with a height of 7 

m and a height to width ratio of 2.5 that have been rotated were extracted from the master DFN 

model at three different sampling orientations (Plane 1-(00), Plane 2-(450) and Plane 3-(900) 

clockwise relative to the alignment of the Brockville Tunnel). The unconfined strength and 

rockmass modulus values are illustrated in polar diagrams in Figure 4-15. In the case of Figure 4-

15a, the plot indicates that the unconfined strength reaches its peak and lower values in the 0° and 

450 directions, respectively, with their magnitude being approximately 55 MPa and 4 MPa. 

Similarly, in Figure 4-15b the rockmass modulus has its highest and lowest values of 42 GPa and 

15 GPa respectively at 135° and 0° angles. The very low UCSrm values obtained from the 450 rotated 

samples is due to the pre-existing joints, which propagate relatively throughout the model at a 

critical orientation with respect to the direction of the imposed load. The shear slip along these 

planes of weakness causes the samples to fail prematurely. 
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Figure 4-15: Anisotropy of the rockmass properties with respect to direction of loading for 

three different sampling planes; (a) polar plot of UCSrm values for the rotated specimens; (b) 

the resultant estimates of the rockmass modulus as a function of the direction of loading in 

degrees. 
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4.7 Degree of Jointing and its Effects on the Rockmass Mechanical Properties 

In this section, the impact of the severity of jointing on the resultant UCS and deformability of rock 

mass is investigated, with the degree of jointing in the specimen being represented by the areal 

fracture intensity (P21). Figure 4-16 compiles the UCS for granitic rocks. The plotted data for the 

UCS of the intact LdB granite (P21=0 m/m2) are taken from laboratory testing results (black dots) 

reported by Martin (1997). The UCS data demonstrating the strength of the Brockville SRM models 

at the REV size of 7 m (DFN model used illustrated in Figure 4-17a) with P21=2.5 m/m2 are plotted 

with red dots. The strength data for the case of highly jointed granite with P21 equal to 

approximately 18 m/m2 are also shown in Figure 4-16. Noorian Bidgoli et al. (2013) generated 

DFN specimens (as shown in Figure 4-17b) based on the joint geometrical information collected 

from a site characterization program at the Sellafield area, Cumbria, UK of the Sellafield site as 

reported in Nirex (1997). A number of DEM simulations were carried out on the DFN specimens 

at REV of 10 m × 10 m with a view to estimate the UCS of rock mass. It should be noted that the 

same mechanical properties, as listed in Table 4-3, are assigned to the joints of both Brockville and 

Sellafield models. The mechanical properties assigned to the intact blocks of the Brockville model 

(Ei=69 GPa, UCSi=220 MPa, vi=0.22) and the Sellafield model (Ei=84 GPa, UCSi=157 MPa, 

vi=0.24) are close, so that the estimated UCS results could be used in order to investigate the effect 

of jointing on the rock mass strength. An exponential function is fitted to the strength data plotted 

in Figure 4-16. Numerical studies reported by Hamdi et al. (2015) suggest a similar exponential 

relationship between the degree of microcrack damage in the intact LdB granite and the simulated 

UCS. 
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Figure 4-16: The effect of areal fracture intensity P21 on the UCS of fractured rockmasses. 

The effect of large scale structures within the rock is highlighted by using UCS data of the 

LdB granite representing the peak strength of the rock, UCS results obtained from the SRM 

of the fracturing conditions of the Brockville site, and DEM results for a highly fractured 

rock as reported in Noorian Bidgoli, et al., (2013). The effect of microcracks in granitic rocks 

based on numerical modelling by Hamdi, et al., (2015) is provided for comparison as a 

rockmass analogue. 

 

 
Figure 4-17: The DFN models generated based on field data from (a) the Brockville Tunnel 

(this study) with three intersecting joint sets (Set 1-red, Set 2-blue, and Set 3-yellow), and (b) 

the Sellafield site, Cumbria, UK (Figure 4-17b from Farahmand, et al., 2015). 
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 A similar analysis is performed to assess the unconfined rock mass modulus of jointed 

rocks. Similarly to the UCS case, an exponential function is fitted to the data presented in Figure 

4-18. The rock mass modulus data for the case of the highly jointed rock mass (P21 = 18 m/m2) are 

obtained from the numerical simulations of the DEM-DFN specimens representing the Sellafield 

rock mass, as reported in Min and Jing (2004). 

 

 

Figure 4-18: The effect of areal fracture intensity P21 on the unconfined rock mass modulus 

of fractured rock masses. The effect of large-scale structures within the rock is highlighted 

by using unconfined compression data of the LdB granite representing the peak modulus of 

the rock, modulus results obtained from the SRM of the joint conditions of the Brockville 

site, and DEM results for a highly fractured rock as reported in Min & Jing (2004). 

 

4.8 Determining the Failure Envelope for Moderately Jointed Rockmasses 

The inability of shear failure based strength criteria, such as the Moh-Coulomb and Hoek-Brown, 

to provide estimates of the excavation induced damage and the onset of brittle fracturing in hard 

rocks is reported in the literature (Peli, et al., 1991; Castro, et al, 1995; Martin, et al., 1999; 

Diederichs, 2000). Both constitutive models cannot capture the breakout shape and depth of 
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spalling as they fail to incorporate a brittle damage mechanism. Field observations (e.g. the 

ONKALO rock characterization facility (Siren, et al., 2015a), and the Niagara Falls Tunnel Project 

(Perras, 2009)) indicate that progressive slabbing of the material within the vicinity of the 

excavation boundary is responsible for the formation of V-shaped notches, and more specifically 

in the areas around the tunnel contour with the highest, compressive, tangential stresses. It has been 

reported that spalling failure initiates along the tunnel circumference where low confinement 

conditions allow the cracks to freely propagate resulting in the formation of parallel slabs. The 

onset of spalling corresponds to a range between 30% and 40% of the UCSi (crack initiation stress 

CI threshold) of the intact rock as acquired from physical laboratory tests. When the notch geometry 

provides sufficient confinement to stabilize the process zone formed at the notch tip, the rockmass 

yielding and the corresponding growth of the notch stops. On the other hand adjacent to the 

excavation, the cracks are free to propagate where confinement is relatively low. However, further 

crack propagation will be suppressed beyond a certain depth away from the excavation due to the 

decrease in deviatoric stresses at the tip of the cracks. Based on that, the rapid increase in the in situ 

rockmass strength when confinement increases can be attributed to the limited ability of stress 

induced cracks to propagate under high normal stresses acting on their surfaces. From a continuum 

mechanics point of view, this phenomenon can be interpreted as a strength envelope with a shallow-

slope first branch which indicates a low friction angle under low confinement. A second branch 

with higher friction angle (steeper slope) is demonstrating the influence of confinement which 

results in an abrupt increase in the material strength. 

 Based on observations of brittle failure coming from laboratory testing and field 

monitoring, Diederichs (2007) developed a brittle Damage Initiation Spalling Limit (DISL) 

constitutive model to predict, with a mechanistic reasoning, the shape and depth of the excavation 

induced damage zones observed in situ. The proposed model is defined by a bilinear failure 

envelope to capture the rockmass strength (Figure 4-19). The primary branch of the strength 
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envelope is aiming to capture the unstable crack growth under low confinement conditions 

encountered within the proximity of the excavation boundary. The second branch of the proposed 

model, known as the spalling limit, replicates the rapid increase in the rockmass strength when 

confinement increases. Therefore, the sensitivity of the rockmass strength to confinement can be 

realistically simulated by applying this approach. 

 

 

Figure 4-19: Schematics of the Generalized Hoek-Brown criterion (yellow curve) (Hoek, et 

al., 2002) and the DISL model (the black curve represents the damage initiation envelope and 

the red curve represents the spalling limit envelope) (Diederichs, 2007) for determining the 

in-situ strength of rockmasses. The blue curve represents the strength envelope of the intact 

rock. 
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In this section, the results of a series of simulated biaxial compression tests on a 7 m high 

sample (REV sample) are conducted for a range of confining stresses to acquire a strength envelope 

for the moderately jointed rockmass. The derived strength envelope is plotted in Figure 4-20. In 

general, for the sparsely and moderately jointed rockmasses, where the joints are discontinuous and 

not of sufficient length to create individual blocks, the failure of the material can be mainly 

attributed to tensile fracture of intact rock bridges initiating from the tips of pre-existing structures. 

The potential of these propagating fractures to grow further is depends on the magnitude of the 

confining stresses acting normal to the surface of the crack. Based on that, as the external confining 

stress (σ3) on the rockmass increases, a higher ratio of applied principal stresses (σ1/σ3) is necessary 

for a crack to initiate and propagate through the intact rock bridges. The dependency between the 

length of a propagating fracture and the applied confinement is the main reason for the increase in 

the jointed sample strength when the confining stress increases. 

The strength envelope as obtained from the SRM modelling is compared to the envelope 

as defined by the Hoek-Brown criterion. As observed, the unconfined strength as determined by 

using the Hoek-Brown criterion is in a good agreement with the strength acquired from the SRM 

models. However, when confining stresses are imposed, the predicted strength from the SRM 

models does not match the strength derived from the criterion. From field observations it can be 

inferred that the rock damage initiates at a lower stress state than the stress according to the Hoek-

Brown criterion. On the contrary, the strength envelope derived from the SRM modelling resembles 

more the in situ rockmass strength data for the Pinawa Underground Research Lab (URL) (Martin, 

1993). 

 The obtained S-shaped failure envelope, derived by using the simulated peak strengths, 

consists of three distinct sections of curves that fit to the numerical data. As listed in Table 4-5, 

components of the fitted strength envelope are expressed based on the Hoek-Brown and the Mohr-

Coulomb parameters. This strength envelope clearly differs from the envelope based on the 
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conventional shear-based Hoek-Brown criterion. The first section of the locus corresponds to the 

peak strength of the moderately jointed rock under confining stresses up to approximately 12 MPa. 

Under such confinement conditions the block rotation and eventual yielding of the rockmass is 

facilitated by the fracturing of intact rock bridges. The second section, corresponding to the spalling 

limit, demonstrates the transitional response of the rock strength under intermediate magnitude 

confining stresses (12 MPa<σ3<20 MPa). At this level of confining stresses, the normal stress on 

the surface of a propagating fracture prevents them from extending further. This generates a 

resistance to crack growth and the induced cracks require higher magnitude shear stresses to extend 

than in the case of lower  applied to the boundaries of the SRM specimens. This results in the 

intact rock bridges between the pre-existing joints to fail at higher stress levels. This increase in 

strength is expressed via a higher value of friction angle (φrm) and parameter mb in the second 

section of the strength locus when compared to the first and third branches. For the simulated 

rockmass, the critical confinement which causes this rapid strength increase corresponds to a minor 

principal stress of σ3=12 MPa (≈ UCS /20). 

 The third part of the fitted strength envelope captures the transition to a shear failure based 

mechanism under high confining stresses (σ3≈UCS /10). In the case of this specific rockmass, this 

transition occurs when σ  is approximately 20 MPa. When σ3 > 20 MPa the fitted curve to the peak 

strength data demonstrates a significant increase in the apparent cohesion (crm). This increase in the 

apparent cohesion of the rockmass with non-persistent, pre-existing joints can also be observed in 

laboratory tests when sufficient confinement is provided. In such case, the shear failure occurring 

through intact rock material leads to a significant increase in the apparent cohesion. At high 

confining stresses, the strength of the rockmass is very close to that of the intact rock material. 

 Additionally, the results of a series of simulated biaxial compression tests on a 7 m high 

sample when the sample is rotated at 45° are shown in Figure 4-20 (pink diamonds). As shown, the 

strength of the rotated SRM samples are significantly lower than the strength of the non-rotated 
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samples. Unlike the non-rotated models, the failure envelope obtained from the rotated models does 

not follow an S-shaped envelope. This suggests that the occurrence of a S-shaped criterion depends 

on the direction of loading with respect to the joint network geometry. 

 

Table 4-5: The calculated Hoek-Brown (H-B) and Mohr-Coulomb (M-C) components of the 

S-shaped failure envelope. 

Failure envelope Properties 
 Adjusted H-B parameters Adjusted M-C parameters 
  m     s  a   c (MPa) φ (°) 
1st section  2.1 0.015 0.35 17.2 37.4 
2nd section (Spalling limit) 7.0 0.0022 0.75 9.2 53.6 
3rd section 3.4 0.1889 0.50 24.2 34.9 

 

 
Figure 4-20: Comparison of the S-shaped strength envelope fit to SRM simulation results of 

7 m high specimens loaded under different confining stresses and the predicted strength using 

the Hoek-Brown criterion. Note that the strength data illustrated with pink diamonds are the 

SRM simulation estimates of peak strength when the rotated model at 45 degrees is subjected 

to biaxial compression. 
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4.9 The Effect of Confinement on the Rockmass Modulus 

Five rectangular models of 7 m side length (REV size) extracted from different locations of the 

DFN master volume are employed in order to investigate the effect of confining stress (σ3) on the 

Young’s modulus during biaxial compression test simulations. At each biaxial simulation, the 

sample was loaded hydrostatically before the top and bottom platens move toward each other with 

velocities of 0.02 m/s to induce compressive stress on the body of the specimen. 

 The Young’s moduli of the 7 m SRM models as a function of confinement are plotted in 

Figure 4-21. As shown in the figure, the Young’s modulus of the synthesized rock mass is strongly 

confinement-dependent. The rock mass modulus increases with increasing confinement and 

reaches an asymptotic value or plateau beyond the confining stress of about 10 MPa. The maximum 

rock mass modulus at high confining stresses (i.e. σ3 = 10 MPa) is approximately between 80% and 

90% of the unconfined modulus of the intact rock. For confining stresses greater than 10 MPa, most 

of the joints are closed and have reached their ultimate normal stiffness value, and as a result, the 

stiffness of the jointed system is mainly governed by the deformability of the intact rock. The 

increase in the Young’s modulus of the rock mass with increasing confinement is more pronounced 

at low confining stresses (σ3 ≤ 4 MPa). Rosengren and Jaeger (1968), Martin (1997), and Arzúa et 

al. (2014) observed a similar behaviour on heated Wombeyan marble, damaged LdB granite, and 

Blanco Mera granite, respectively (Bahrani, 2015). 

 Min and Jing (2004) studied the effect of increasing confining stress on the modulus of a 

highly jointed granitic rock mass (known as Sellafield rock mass) using DEM modelling. The 

obtained Young’s moduli of the rock mass, as a function of confinement, are plotted in Figure 4-

21. In examining the results for both rock masses, it was found that generally the stiffness of the 

jointed system increases as a function of confining stress. The trend is consistent with both rock 

masses displaying a hyperbolic character. Min and Jing (2004) suggested a hyperbolic function to 

fit the numerical data in the following form: 
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1
E

=  
1
E

+  
1

ασ  
 [4-7] 

where  is defined as a sensitivity parameter with a constant value to fit the obtained numerical 

results. This formula can be rearranged in the following form: 

E
E

=
ασ

ασ + E
 [4-8] 

However, for unconfined loading conditions (σ3 = 0 MPa), Equation 4-8 yields a zero value 

for Erm which is not physically meaningful. Therefore, it is suggested to add a parameter in the 

nominator which is the unconfined rock mass modulus Erm,0, i.e. the rock mass modulus at σ3 = 0 

MPa, as shown in the following form: 

E
E

=
ασ + E ,

ασ + E
 [4-9] 

In the Hoek-Diederichs rock mass modulus equation (Equation 4-6), the Young’s modulus 

of the jointed rock is a function of the GSI. The GSI value for a specific rock mass is related to the 

degree of the blockiness and joint condition of the fractured medium. In a similar fashion, we 

propose that the parameter α is not a constant but a function of the fracture intensity P21 and the 

joint normal stiffness Jkn in order to take into account physically meaningful components governing 

the deformability of a rock mass. The advantage by using these two components is that they can be 

quantitatively rather than qualitatively determined, as direct measurements can be performed. The 

results of the numerical simulations presented in Figure 4-21 are used to develop a semi-empirical 

equation to estimate the confined rock mass modulus. A least square regression analysis was carried 

out to determine the fitting parameters. The following relationship relates the parameter α with the 

modulus of the intact rock (Ei), fracture intensity (P21) and the joint normal stiffness (Jkn): 
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α =
cJk
E P

 [4-10] 

where c is a fitting parameter with a constant value. 

Equation 4-9 can be used as a means to estimate the confined rock mass modulus in a situation 

where the normal joint stiffness, areal fracture intensity, and unconfined rock mass modulus are 

known, based on Equation 4-10. Bahrani (2015) used a similar exercise to develop a semi-empirical 

equation for estimating the confined strength of micro-damaged rocks based on the density of 

damage for rock specimens. 

 Initially, in order to validate the proposed semi-empirical equation, three experimental sets 

of data on laboratory-scale damaged intact rocks were used. The first dataset shown in Figure 4-21 

is based on triaxial laboratory tests on damaged LdB granite specimens reported by Martin (1997). 

The second and third datasets are based on results of triaxial testing on heated Wombeyan marble 

(Gerogiannopoulos, 1977) and Blanco Mera granite (Arzúa, et al., 2014). As discussed by 

Rosengren and Jaeger (1968) and Bahrani et al. (2013), damaged intact rock specimens can be 

assumed to be an analogue to a jointed rock mass. Image processing tools implemented in 

MATLAB (MathWorks, 2016) were used to evaluate fracture intensity P21 of the damaged LdB 

granite and the Wombeyan marble by analyzing the microcrack distribution in thin section images 

of these rocks, as illustrated in Figure 4-22. The fitting parameters for all the damaged samples, 

which were derived from the least square analysis, are presented in Table 4-6. It should be noted 

that this equation was developed based on numerical results obtained for only two different rock 

masses. Therefore, it is necessary to test the validity of this equation to a wide range of case studies 

with various joint intensity values and joint conditions. 
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Figure 4-21: Confinement-dependency of the Young’s modulus of various intact and jointed 

rocks under triaxial and biaxial loading conditions for various P21 fracture intensity and 

discontinuity property values. 
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Figure 4-22: SEM images of microcrack distributions in thin sections of (a) LdB granite (Lim, 

et al., 2012), and (b) Wombeyan marble (Rosengren & Jaeger, 1968). Trace lengths of the 

microcracks were obtained from the image processing package provided in MATLAB for (c) 

the LdB granite, and (d) the Wombeyan marble based on the SEM images in (a) and (b) 

respectively. 

 

Table 4-6: Summary of the input parameters used in Equation 4-9 to evaluate the 

confinement-dependency of the rock modulus based on the proposed semi-empirical 

equations (Equations 4-9 to 4-11). 

Dataset 
Ei 

(GPa) 

Erm,0 

(GPa) 

Jkn 

(GPa/m) 

P21 

(m/m2) 

uj,0 

(m) 

Lt 

(m) 
α 

Calculated error 

(%) 

Brockville SRM 69 40.5 434 2.5 30 0.85 3529.41 0-15 

Sellafield granite 84 0.043 434 18 65 0.92 7065.22 0-9 

Damaged LdB granite 69 16 434 3 N/A N/A 5500 0-9.5 

Heated Wombeyan 

marble 
70 1.5 60 1.6 N/A N/A 5500 0-3.5 

Blanco Mera granite 46.5 28 300 0.65 N/A N/A 5500 0-20 

 

In order to evaluate the fit between the results obtained from the proposed equation and the 

laboratory data, an error analysis approach was employed. The calculated error is defined as the 

difference between the expected value (semi-empirical equation) and the observed value (numerical 

and laboratory results). These differences have to be random and unpredictable, and the proposed 

formula was evaluated by using residual plots in order to ensure the randomness in the calculated 
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error. The residual plots are illustrated in Figure 4-23 for each case, demonstrating low-magnitude 

error values (≤20%) and a randomness in the pattern of the calculated error. The high-magnitude 

errors observed for the Brockville SRM dataset and the Blanco Mera granite dataset can be 

attributed to the more anisotropic geometry of the joints present. 

 

 

 

 
Figure 4-23: Residual plots created after comparing the expected modulus ratio values based 

on the proposed semi-empirical equation and the values obtained from laboratory and 

numerical analysis data, as illustrated in Figure 4-21. 
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Furthermore, by solely using the results obtained from the numerical models, it was 

observed that the parameter c in Equation 4-10 can be potentially expressed as the ratio between 

the initial joint aperture uj,0 and the mean joint trace length Lt. In this case, Equation 4-10 can be 

rearranged into: 

α =
10 u , Jkn

E P L
 [4-11] 

In order to derive this semi-empirical equation, data originated from the conducted SRM modelling, 

and the DEM modelling of Min and Jing (2004) were used, as all of the parameters implemented 

in the proposed formula (Equation 4-10) are provided in the numerical models. However, for the 

used laboratory data reported by the aforementioned researchers, critical information including 

joint aperture and mean joint trace length were not reported; hence the laboratory data were not 

examined in order to obtain Equation 4-10. While Equation 4-10 shows that parameter α could be 

calculated using quantities that can be measured, further investigations, which are out of the scope 

of this study, are required in order to ensure the validity of the equation and its wider application. 

4.10 Discussion and Concluding Remarks 

A step-by-step procedure for the creation and calibration of 2D Synthetic Rock Mass (SRM) 

models, as illustrated in Figure 4-1, provides a systematic framework for SRM model development. 

Implementing these calibration steps is critical to ensure the resulting model consistently produces 

reasonable rockmass behaviour. As shown, the DFN and GBM models can be generated and 

calibrated separately. Following the creation of the two separate models, the DFN geometry is 

imported into the calibrated GBM model in order to create SRM models. The SRM models can 

then be utilized in order to assess the macro-mechanical properties and response of the rockmass 

under study. 
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 An upscaling procedure was performed to extract the geometrical properties of the rock 

mass. The obtained properties at this size are assumed to be representative of the rock mass 

behaviour at large scale by eliminating associated size effects. To establish the geometrical REV 

size, the variability of RQD, P21 and Vb with increasing sample size was investigated. The 

geometrical REV size of 7 m is established based on the variability of the aforementioned 

parameters. Additionally, to establish the mechanical REV size, the variability of UCS  and  

with increasing the sample size was investigated. An overall REV size of 7 m is determined for the 

rock mass according to the variability of the geometrical and mechanical properties. The derived 

mechanical properties at this scale can be considered as equivalent continuum properties and 

potentially be used as input parameters for large-scale modelling of jointed rock masses based on 

a continuum approach. The SRM sample with a height of 7 m (REV scale) was used to examine 

the influence of confining stress, fracture intensity and directional loading on the rockmass strength 

and deformability. 

 To determine a range of GSI values for the examined rock mass, three methods based on 

measuring the RQD, mean joint spacing, and mean block volume were applied to the DFN model 

generated based on discontinuity data extracted from the 3D surface model of the Brockville 

Tunnel. In the RQD-based method, the rock mass condition was inferred based on the one-

dimensional index of RQD and the joint surface condition, while the methods based on joint 

spacing and block volume quantify the degree of interlocking of the jointed medium on the basis 

of the measured spacing between pre-existing joints and the mean volume of blocks forming due 

to the joints, respectively. The degree of blockiness for the GSI estimation (50 ≤ GSI ≤ 67) derived 

from joint spacing and block volume values is underestimated while the observed rock mass 

conditions within the unsupported tunnel clearly indicate that the rock mass is massive to 

moderately jointed (GSI > 65). On the contrary, quantification of the degree of blockiness based on 
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the obtained RQD values seems to give a better estimate of the UCSrm. A GSI range from 67 to 77, 

based on the measured RQD, corresponds more closely to the field observations made in the field. 

 Regarding the rockmass deformability, the Hoek-Diederichs rockmass modulus equation 

(Equation 4-6) tends to overestimate it when compared to the modulus values obtained from the 

SRM models (Figure 4-13). However, when substituting the lowest threshold of the estimated GSI 

value (GSI=67), which is obtained from the RQD measurements, Equitation 4-6 yields a value for 

the rockmass modulus which is closer to the values of the conducted SRM modelling. In the case 

of the rockmass strength, the values of unconfined compressive strength of SRM samples are in a 

better agreement with the values estimated when using the Hoek-Brown criterion for a GSI range 

of 67 to 77. This suggests that the RQD can provide better estimates for the GSI when slightly to 

moderately jointed rockmasses are examined. Therefore, it is recommended to use the RQD-based 

quantified GSI chart to determine the GSI range for practical purposes in such rockmass conditions. 

Regarding the compressive strength of the rockmass, the Hoek-Brown failure criterion appears to 

provide a realistic value of the material strength under unconfined conditions. This conclusion is 

made by comparing the UCS  values obtained from the empirical approach and SRM models, as 

long as the calibrated model is capable of yielding correct results for the material strength. 

 In general, the rockmass mechanical properties appear to be highly anisotropic as a result 

of the spatial distribution of the pre-existing joints within the medium, the joint set geometrical 

characteristics (i.e. joint size, orientation and density), and the sub-sequent crack interaction. In 

terms of the material strength, the rockmass unconfined compressive strength for this specific case 

varies from 4 MPa to 55 MPa depending on the loading direction. In a similar fashion, the rockmass 

modulus has a range of values approximately between 15 GPa and 42 GPa. This anisotropic nature 

of the rockmass properties should be considered when simulating the excavation scale response of 

the material when using continuum approaches and subsequently the derivation of direction-

dependent input equivalent parameters. It is possible to investigate strength and deformability 
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variability for a given rockmass by simulating tension and compression tests for multiple DFN 

geometries. In this way, a probabilistic design using continuum-based models can be performed 

with the variability of the mechanical properties derived from the numerical modelling. 

 It was demonstrated that the strength of hard rockmasses with non-persistent joints under 

confinement follows an S-shaped failure envelope. The estimated strength envelope is generally in 

a good agreement with the in situ strength measured in various underground projects for similar 

rockmasses. It was also observed that the GSI approach is not able to correctly estimate the strength 

of jointed rockmass with high interlocking when confining stresses are applied, as in such case the 

material behaviour is mostly controlled by the inter-block shear joint strength. From the findings 

of this study it can be inferred that the intercept of the third section of the strength envelope 

corresponds approximately to the long-term strength (CI threshold) of the intact rock. Under 

confined conditions the strength acquired from the SRM models is lower than the estimated 

strength from the Hoek-Brown criterion. The empirical Hoek-Brown criterion was originally 

developed and verified through back calculating the behaviour of rockmasses with highly persistent 

joints in low confinement regions within the vicinity of excavation boundaries. The applicability 

of the GSI classification system is only verified to predict the strength of such rockmasses which 

could explain the inability of the criterion to accurately predict the strength of rockmasses with 

non-persistent joints. 

 In terms of the rockmass deformability, the sensitivity of the Young’s modulus of the rock 

mass to the confining stress was investigated. As shown in Figure 4-18, the rock mass modulus in 

unconfined conditions (Erm,0) is highly affected by the magnitude of fracture intensity (P21). Greater 

fracture intensity values result in reducing stiffness of the jointed medium, considering the same 

joint condition based on the normal stiffness (Jkn) assigned to the joints. These results are in 

agreement with the empirical solution in Equation 4-6, in which the Erm is reversely proportional 

to the degree of blockiness of the medium (GSI value). In general, the rock mass modulus is more 
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sensitive to lower values of confining stresses. At high confinement conditions, most of the joints 

reach their residual aperture, and as a result, the stiffness of the rock mass is no longer affected by 

increasing the confining stress. Similar trends are observed when the effects of confinement on the 

Young’s modulus of laboratory samples that were investigated. 

 With increasing confinement, the rock mass modulus reaches an asymptotic value, and for 

confining stresses greater than 10 MPa, the rockmass modulus based on the SRM results was 

between 80% and 90 % of the unconfined modulus of the intact rock material, as shown in Figure 

4-21. The results of the conducted numerical simulations were utilized to develop a semi-empirical 

equation for the estimation of the modulus of moderately jointed rockmasses depending on the 

applied confinement. This equation can be used when the normal joint stiffness, areal fracture 

intensity, and unconfined rock mass modulus are known quantities. The unconfined modulus of 

jointed rockmasses can be assessed by using empirical equations or by back-analyzing the observed 

material behaviour. Furthermore, based on the presented numerical analysis results, preliminary 

observations suggest that joint aperture and joint persistence, expressed using the measured mean 

trace length, could also be implemented in the suggested semi-empirical equation; hence by taking 

into account the rockmass blockiness, based on fracture intensity and persistence, and the overall 

joint stiffness, based on the initial joint aperture uj,0 and joint stiffness Jkn, the confined rock mass 

modulus can be estimated. 

 Furthermore, in both this study (SRM results) and the DEM modelling conducted by Min 

and Jing (2004), the behaviour of the joint contacts under compressive loading is modelled by using 

the hyperbolic function suggested by Bandis et al. (1983): 

σ =
k , u

1 − u u⁄  [4-12] 

where kn0,c is the initial normal stiffness of the contact, u is the contact closure under compression, 

and umax is the maximum closure. Joint closure results in primarily a progressive increase in the 
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stiffness of an independent joint, leading to an increase in the overall stiffness of the jointed medium 

as all joints start closing. This phenomenon is captured by both the SRM models (this study) and 

the DEM modelling (Min & Jing, 2004), as well as the suggested semi-empirical equations 4-9 to 

4-11. From the SRM modelling results, it is observed that the closure of the joints at high 

confinement stresses leads to a stiffer assembly with the modulus of the jointed medium yielding a 

constant value close to the modulus of the intact rock. Similarly, the semi-empirical equation in 

this case is asymptotically reaching a constant value. However, from the DEM modelling results, 

it can be observed that while there is an increase in the modulus at higher confining stresses, within 

the investigated stress range, the modulus ratio is not reaching a constant value, as in the previous 

case. A similar trend can be observed from the predicted modulus ratio based on the suggested 

semi-empirical equation. This phenomenon can be attributed to the high fracture intensity value 

that characterizes that specific rock mass, which results in an overall ‘softer’ medium that would 

require higher confining stresses in order for all joints present to close. 

 This proposed hyperbolic equation could potentially be implemented into continuum-based 

numerical codes in order to define the confinement-dependent elastic behaviour of jointed rock 

materials. It has to be noted that this equation was developed based on numerical results obtained 

for only two different rockmasses. Therefore, it is necessary to further test the validity of the 

suggested equation for a wider range of case studies with various joint intensity values and joint 

surface conditions. 
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Chapter 5 

The Mechanical Analysis and Interpretation of the EDZ Formation 

around Deep Tunnels within Massive Rockmasses Using a Hybrid 

Finite-Discrete Element Approach: The case of the AECL URL Test 

Tunnel 

An extended version of this chapter is published in the Canadian Geotechnical Journal: 
Vazaios, I., Vlachopoulos, N., and Diederichs, M.S. 2018b. The Mechanical Analysis and Interpretation of 
the EDZ Formation around Deep Tunnels within Massive Rockmasses Using a Hybrid Finite-Discrete 
Element Approach: The case of the AECL URL Test Tunnel. Canadian Geotechnical Journal, (Available 
online 19 April 2018), DOI: 10.1139/cgj-2017-0578. 
 

A link to the published paper can be found at: 
https://doi.org/10.1139/cgj-2017-0578 

 
 

5.1 Introduction 

The excavation of underground openings results in changes both in terms of the stress and 

deformation regimes in the surrounding ground (Addenbrooke & Potts, 2001), with the magnitude 

of the in situ stresses and strength of the rockmass controlling these changes and their range. 

Damage, fracturing, and desaturation are selected issues arising due to stress redistribution as a 

result of an underground excavation, leading to the creation of a zone that surrounds the opening 

where the original properties of the rockmass (deformability, strength, permeability etc.) are 

significantly different (Kwon, et al., 2009). The damage zones surrounding an excavation are 

usually referred to collectively as the excavation damage zones (EDZs). However, distinct zones 

based on the level of damage can be identified within these zones (Figure 5-1), as the stress-induced 

fracture density decreases when moving away from the vicinity of the excavation. More 

specifically, damage due to the changes in the stress regime, excavation geometry, pre-existent 
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discontinuities in the rockmass, and stress-induced fractures can be divided into categories 

depending on the coalescence of the fractures (Bossart, et al., 2002) and the degree of damage 

inflicted on the rockmass. By excluding the construction damage zone (CDZ) which is the result 

of damage inflicted on the surrounding ground depending on the excavation method employed, the 

highly damaged zone (HDZ) typically refers to the zone within which inter-connected macro-

fractures can be observed. Moving away from the vicinity of the excavation boundary, the 

excavation damage zone (EDZ) is characterized by lower degree damage than the HDZ. Moreover, 

the EDZ can be divided into an inner EDZ, in which damage is connected, that transitions gradually 

into an outer EDZ, in which only partially connected to isolated damage is present. The EDZ 

contains irreversible micro-damaged rock with (inner) and without (outer) significant dilation 

(Perras & Diederichs, 2016). Beyond the EDZ, elastic stress/strain changes occurring to the 

surrounding ground as a result of the excavation form the excavation influence zone (EIZ). 

Regarding hard, massive rockmasses, excavation induced damage can be manifested in the 

form of spalling and be a significant issue in deep tunnelling (Kaiser & McCreath, 1994; Lee, et 

al., 2004; Diederichs, et al., 2004), similarly to deep mining excavations (Hoek, 1968; Hoek & 

Brown, 1980b; Martin, et al., 1997; Read, 2004). In order to simulate such complex failure 

mechanisms associated with brittle rock damage and spalling notch development, numerical back 

analysis has shown that methods which employ a cohesion weakening frictional strengthening or 

similar approaches are adequately capturing the brittle response (Hajiabdolmajid, et al., 2002; 

Diederichs, 2003; Diederichs, et al., 2004; Diederichs, 2007; Perras & Diederichs, 2014; Walton, 

et al., 2014). For the purposes of this study, the short-term mechanical response of an excavation 

in a hard rock environment is investigated by employing an alternative approach by utilizing the 

finite-discrete-element method (FDEM) (Munjiza, 2004; Mahabadi, et al., 2012b; Lisjak, et al., 

2014). A numerical model is built in Irazu (Geomechanica Inc., 2017) replicating the field 

conditions encountered at the Atomic Energy of Canada Limited’s (AECL) Underground Research 
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Laboratory (URL) (Chandler, 2003) in order to examine the mechanical response of tunnel 

excavation in brittle rockmasses. 

 

Figure 5-1: The excavation damage zones (EIZ, EDZ, HDZ) and the construction damage 

zone (CDZ) (Recreated after Perras & Diederichs, 2016). 

 

5.2 The URL Test Tunnel 

5.2.1 Tunnel Location and Geological Setting 

The URL Test Tunnel is located approximately 120 km NE of Winnipeg, Manitoba, Canada within 

the Canadian Shield in the Lac du Bonnet (LdB) granite batholith. This batholith is one amongst a 

number of post-tectonic and post-metamorphic batholiths of similar nature within the Bird River 

and the Winnipeg River sub-provinces (Everitt, 1990) (Figure 5-2), and it consists of a relatively 

undifferentiated massive porphyritic granite-granodiorite with a relatively uniform texture and 

composition. Locally, however, a local subhorizontal gneissic banding is possible. The 

Precambrian granite encountered at the URL location has an age of approximately 2,600 Ma, an 

areal extent of 1,400 km2 on the ground surface and has a varying depth between 6 and 25 km 

EIZ: Excavation Influence Zone

EDZ: Excavation Damage Zone

HDZ: Highly Damaged Zone

CDZ: Construction Damage Zone 
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(Chandler, 2003). Up to a depth of a few hundred meters from the ground surface, subvertical 

discontinuity sets and several fractured zones are contained within the granite. At depths greater 

than 220 m, the granite is mostly sparsely fractured and relatively unaltered, with granodiorite 

dykes intercepting the dominant granitic rock. The URL was constructed between 1983 and 1989 

and it provides a well-characterized and well-documented in situ environment of a relatively 

undisturbed rockmass (Hajiabdolmajid, 2001). The construction of the URL was conducted based 

on the observational method in a similar fashion as in many large geotechnical construction projects 

(Peters, et al., 1995). The URL excavations are illustrated in Figure 5-3. 

 

 
Figure 5-2: The location of the URL within the Canadian Shield (above) and the geological 

conditions of the URL (Chandler, 2003). 
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Figure 5-3: (a) A general view of the URL excavations (Chandler, 2003), and (b) Detail of the 

excavation layout of the 420 Level of the URL (Martin & Kaiser, 1996). 

 

5.2.2 Characterization and Mechanical Properties of the Lac du Bonnet Granite 

The URL Test Tunnel was excavated at a depth of 420 m (420 Level), therefore, approximately 

200 m below the depth at which regular discontinuity patterns cease to exist. A total borehole length 

of more than 1,000 m within the vicinity of the URL indicates that the granite appears to be massive 

at depth. Furthermore, approximately 500 m of tunnel excavation encountered only six fractures, 

the trace length of which did not exceed the length of 1.5 m (Martin, et al., 1997). Based on these 

observations, the granite appears to be fracture free in situ at the 420 Level, and therefore the 

rockmass can be characterized as intact or massive with its mechanical response not being dictated 

by meso or macroscopic discontinuity features. Overall the LdB granite at that depth and within 

the vicinity of the tunnel can be classified as a hard, massive, brittle rockmass which at some extent 

can be assumed to be homogeneous and isotropic. Based on data from the laboratory testing 

campaign that was conducted (Martin, 1994), the mechanical properties of the intact Lac du Bonnet 

granite are listed in Table 5-1. 
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Table 5-1: Experimental values (average value and range) of the mechanical properties of the 

intact Lac du Bonnet granite (Martin, 1994). 

Mechanical Property Value 

Young’s Modulus E (GPa) 69.0±5.8 

Poisson’s ratio ν 0.22±0.04 

Unconfined Compressive Strength UCS (MPa) 213±20 

Crack Initiation Stress (CI) (MPa) 90 

Crack Damage Stress (CD) (MPa) 172 

Tensile Strength σt (MPa) 9.3±1.3 

Cohesion c (MPa) 30 

Friction angle φ (o) 59 

 

5.2.3 In Situ Stress Regime 

Characterization of the URL Test Tunnel demonstrated that magnitudes and directions of the in 

situ stresses could be divided into three different major stress domains as a result of the geological 

conditions at the site (Martin, 1990; Martin & Chandler, 1993). The 420 Level is located within a 

stress domain in which the horizontal stress magnitudes, and therefore σ1/σ3 and σ2/σ3 ratios, are 

relatively higher when compared to other areas of the URL. Extensive stress measurement 

campaigns were conducted in order to determine the directions and magnitudes of the in situ stress 

tensor at the 420 Level. It has to be noted that using this stress tensor the tunnel was aligned roughly 

with the intermediate principal stress σ2 in order to maximize the stress ratio and promote the 

development of the deepest possible excavation-damaged zone (Martin et al., 1997). Data from the 

experiment revealed that the alignment of the tunnel and the direction of the intermediate principal 

stress σ2 differed by approximately 100. This led to a deviation of the stress magnitudes from the 

original estimate (Martin, et al., 1997). The summary of the stress tensor of the 420 Level, based 

on the original and the updated estimates, is presented in Table 5-2. Herein, the stress tensor that is 

considered representative of the site is the one based on the best estimate back-analysis data of 

1996. 
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Table 5-2: The URL Test Tunnel stress tensor as determined at the beginning and end of the 

experiment (Martin, et al., 1997). 

Date Principal stress Trend (o) Plunge (o) Magnitude (MPa) 

Initial estimate (1990) 

σ1 135 10 55±5 

σ2 044 05 48±5 

σ3 290 79 14±1 

Best estimate (1996) 

σ1 145 11 60±3 

σ2 054 08 45±4 

σ3 290 77 11±4 

 

5.3 Formation of the EDZ in the URL Test Tunnel 

The URL Test Tunnel was excavated by mechanical means, avoiding the use of explosives in order 

to minimize the damage on the rockmass as a result of the construction process employed. With a 

total length of 46 m and a 3.5 m diameter circular cross-section, the brittle failure process (spalling) 

was observed shortly after the excavation had taken place and the failure progressed radially with 

the advancement of the tunnel (Hajiabdolmajid, 2001), as illustrated in Figure 5-4. With the 

decrease in the confining stress on the boundary of the underground opening, and with the highly 

anisotropic stress regime present, high tangential stress concentrations at the roof and the bottom 

of the tunnel led to the formation of a v-shaped notch, as a result of the spalling process occurring 

(Martin, et al., 1997). Through an extensive characterization of the damage zone around the 

excavation boundary, it was determined that the extent of the compressive stress-induced damage 

was constrained within the notch regions (Read, 1996), while the surrounding ground was self-

stable. 
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Figure 5-4: The URL Test Tunnel and progressive development of the notch geometry 

(Martin and Kaiser, 1996). 

 

5.4 The FDEM Numerical Model 

5.4.1 Geometry, Mesh Configuration and Excavation Sequence 

The FDEM model geometry consists of a circular tunnel of a radius of R=1.75 m, similar to the 

cross-section of the URL Test Tunnel. The circular opening is located in the centre of a 60 m × 60 

m square domain (Figure 5-5). The model was meshed using the open software Gmsh (Geuzaine 

& Remacle, 2009) and the model domain was divided into four different sub-domains with different 

mesh resolutions in order to maintain a balance between the required computational cost and the 

appropriateness of the mesh in capturing the spalling failure processes observed at the tunnel with 

the numerical model. As presented in Figure 5-5, the first sub-domain (A) that includes the tunnel 

core (excavation) that was assigned elements varying in size with the range being between 0.5 and 

0.03 m. This was conducted in order to achieve a smooth mesh transition with the higher resolution 

area of the model which is the second sub-domain of the model. The second sub-domain (B), which 
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is defined by a square region of 15 m × 15 m, was assigned an element size of 0.03 m. This sub-

domain is found within the vicinity of the excavation and where the spalling process were 

determined to be taking place in the actual tunnel. Therefore, the element size should be small 

enough relative to the scale of the model so that the fracture pattern is independent of the mesh and 

the fracturing mechanisms can be captured (Gao & Stead, 2014; Farahmand & Diederichs, 2015; 

Tatone & Grasselli, 2015). The third sub-domain (C) acts as a transition zone between the high 

resolution mesh of the second sub-domain and the fourth sub-domain (D) with an element size 

varying from 0.03 to 1.5 m. In the fourth sub-domain, the element size varies from 1.5 to 2.5 m. 

Additionally, as suggested by Mahabadi et al. (2012b) and Lisjak et al. (2014), an unstructured 

Delaunay triangulation scheme was applied to minimize the constraints imposed by the mesh 

configuration. The FDEM model consists of 600,000 triangular elements in total. The equations of 

motion for the discretized system were integrated with a time step of 6.1 x 10-8 s in order to ensure 

numerical stability for the explicit solver of the code. 

Once the geometry was established, the excavation of the tunnel was conducted. Initially, 

a geostatic stress state was established in order to simulate the stress field within the modelling 

domain prior to the excavation taking place. The geostatic stress field was established by 

performing 200,000 steps, in order to ensure a state of static equilibrium. Following the geostatic 

step, the tunnelling excavation sequence and the induced 3D effects on the rockmass were 

simulated by applying the face replacement method (Curran, et al., 2003). By employing this 

technique, the 3D face effect, which leads to a gradual reduction of the radial resistance around the 

excavation boundary, is captured by substituting the material within the excavation boundary with 

an unstressed material which has a decreased deformation modulus from the initial modulus value 

applied. This process is repeated for every excavation step until the excavation material modulus 

drops to zero and is completely removed (Vlachopoulos & Diederichs, 2014). The excavation was 

performed over 900,000 steps in order to ensure an approximately static response and that dynamic 
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nature artifacts would be avoided. Finally, following the complete removal of the excavated 

material, another 300,000 steps were performed so as to ensure static conditions after the 

completion of the excavation. A total of 1,400,000 steps was performed for the modelling sequence 

in this study with a total runtime of approximately 30 hours on an Intel® Core ™ i7-4930K CPU 

at 3.40 GHz, 16 GB RAM and an AMD Radeon HD 7970 GPU. 

 
Figure 5-5: Tunnel model configuration (geometry and stress state) for the URL Test Tunnel 

created in Irazu. The different mesh domains within the model are highlighted with red 

dashed squares, showing the element size variation and transition between the excavation 

area (area of interest) and the model boundaries. Based on the element size used, the model 

is divided into four different areas A, B, C and D with the element size being 0.03-0.5 m, 0.03 

m (constant size employed), 0.03-1.5m, and 1.5-2.5 m respectively. 
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5.4.2 Field Stress and Boundary Conditions 

The in situ stresses from the URL Test Tunnel, as shown in Table 5-2, were used for the calibration 

of the FDEM model. For the purposes of this study, only the in-plane principal stresses σ1 and σ3 

were used, since the adopted interface elements do not account for the influence of the out-of-plane 

stress on fracture nucleation and growth. Furthermore, the effect of gravity and therefore gravity-

induced stress gradients were not considered in the numerical model (deep tunnel assumption). By 

transforming the stresses from the principal stress space to Cartesian space, σxx, σyy and τxy were 

determined (Table 5-3) and by assuming plane-strain conditions, the listed stress values were used 

to create a uniform stress field within the model at the geostatic step of the simulation prior to the 

excavation of the tunnel. Regarding the far-field boundary conditions, displacements are fixed in 

the horizontal and vertical direction and an absorbing boundary condition is employed. 

 

Table 5-3: Stress field conditions applied in the FDEM model in Irazu (Negative values denote 

compression). 

Stress component σ (MPa) 

σxx -58.0 

σyy -13.0 

τxy -9.2 

 

5.4.3 Input Parameters 

The initial choice of the strength parameters was based on the calibration of laboratory testing 

configurations for the LdB granite. The element size was maintained the same for all modelling 

configurations in order to ensure the validity of the calibrated parameters for a given element size 

(i.e. 0.03 m). However, it was observed that the calibrated micro-parameters for the laboratory-

based configurations were not allowing for the brittle failure processes taking place in the URL 

Test Tunnel. The input parameters were then re-calibrated in order to match the URL Tunnel field 

observations and obtain the extent of the damaged zone using the numerical model. In order to 
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achieve an acceptable match, a trial-and-error calibration process was employed. More specifically, 

for the interface elements adopted, the friction coefficient, μ, used was 1.7 corresponding to a 

friction angle of 590, which is the same as the one measured for the LdB granite (Table 5-1). For 

the tensile strength, ft, a value of 10 MPa was used which is approximating the tensile strength of 

the LdB granite as shown in Table 5-1. For determining the cohesion, c, a value of 30 MPa was 

originally used, as measured in the lab. However, this resulted in a damaged area around the 

excavation that was extending a little further than what the field observations were indicating. The 

used value was re-adjusted to a 50 MPa in order for the results to match the field conditions 

observed. The fracture energies in Mode I and II, GIi and GIIi, were adjusted in order to match the 

extent of the damaged zone around the excavation boundary resulting in values of 300 and 1900 

N/m respectively. An isotropic fracture model is adopted in this study given the assumption that 

the LdB granite is approximately homogeneous and isotropic. 

Previous numerical studies (Hajiabdolmajid, et al., 2002; Potyondy & Cundall, 2004; Cai 

& Kaiser, 2014) have shown that a UCS value (128 MPa, 105 MPa and 175 MPa respectively) 

lower than the average UCS obtained from laboratory testing is required in order to replicate the 

field observations, and the shape and depth of the v-shaped notch. By using the aforementioned 

strength parameters of the interface elements, a UCS test of a height-to-width ratio of 2.5 and a 

diameter of 3 m was created as shown in Figure 5-6. The specimen is comprised of 0.03 m elements 

(the same as the element size used in the tunnel model) and a loading velocity of 0.02 m/s from 

each side was imposed to maintain pseudo-static conditions. The obtained stress-strain curves of 

the specimen are shown in Figure 5-7. As observed, the unconfined strength of the rockmass is 

approximately 120 MPa, a value lower than the average UCS of the LdB granite and in agreement 

with the values estimated from other numerical studies. Furthermore, Shin (2010) developed a 

numerical model in UDEC (Itasca 2014) by applying a cohesion weakening friction strengthening 

(CWFS) approach in order to capture the brittle failure observed at the URL Test Tunnel. By using 
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Voronoi blocks of approximately 0.05 m, the adopted peak strength values (cohesion 50 MPa, 

friction angle 600, tensile strength 15 MPa) were similar to the ones adopted in this study. However, 

in order to replicate the field conditions of the URL Test Tunnel, the numerical approach employed 

need to take into account the transition of the rockmass from its peak strength to its residual state, 

which in most numerical approaches is modelled by adopting a CWFS approach (Hajiabdolmajid, 

et al., 2002; Diederichs, 2007; Shin, 2010). When employing the FDEM method once the interface 

elements reach their peak strength, they enter a softening mode by releasing energy through 

fracturing. This signifies the transition of the material from a continuum state to discontinuum, and 

therefore its transition from its peak state to its residual (fractured) state. This transition is 

controlled by the assigned fracture energy values that contribute to the overall strength of the 

interface elements. 

 

 
Figure 5-6: UCS model developed in Irazu using the calibrated strength parameters based on 

the in situ observations at the URL Test Tunnel. The model is comprised of 0.03 m triangular 

elements with a height of H=7.5 m and width of W=3.0 m. The total number of elements is 

71,066. Loading is imposed on the specimen by assigning a vertical velocity boundary of 0.02 

m/s from each side through steel platens (coloured black). The model is illustrated at different 

states pre and post fracturing. In Figure 5-8 the different stages (i), (ii), (iii), and (iv) are 

highlighted on the stress-strain plots. Fractures forming due to tensile failure (Mode I) are 

coloured cyan and fractures forming due to shear failure (Mode II) are coloured yellow. 



146 

 

 

 
Figure 5-7: Obtained stress-strain curves from the numerical UCS test using the calibrated 

strength parameters of the interface elements as described in Section 7.4.1.3 and Table 5-4. 

The axial stress is plotted versus the axial and lateral strains respectively. Analysis stages (i), 

(ii), (iii) and (iv) during the UCS test as shown in Figure 5-6 are highlighted in the plot. Stages 

(iii) and (iv) are not shown in the lateral strain plot due to the excessive lateral displacement 

at these stages as a result of fracturing. 

 

Furthermore, a viscous damping factor is introduced into the model in order to minimize 

the effect of numerical oscillations. As reported in Tatone and Grasselli (2015), with an increase in 

viscous damping, simulated crack patterns in laboratory test configurations become more consistent 

with each other and high-frequency waves are suppressed resulting in stress-strain curves 

mimicking those obtained in quasi-static laboratory tests. In the FDEM numerical model a viscous 

damping factor of 1 is used. As previously mentioned, the presence of the cohesive elements results 

in an overall system stiffness reduction, with infinitesimal inter-element penetrations adding to this 
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effect (Tatone & Grasselli, 2015). In order to achieve the same Young’s modulus Ei and Poisson’s 

ratio v, as the ones measured for the LdB granite appropriate values for the penalty terms were 

selected. While the use of high values secures the linear elastic response before any fracturing takes 

place, it compromises the numerical stability of the model, hence requiring smaller time-steps. In 

this study the adopted Young’s modulus, E, and Poisson’s ratio, ν, values were 65 GPa and 0.18 

respectively, while the penalty values adopted were 10 times the modulus adopted in order to match 

the macroscopic elastic properties of the LdB granite and minimize the effect of the interface 

element compliance on the overall model stiffness (Mahabadi, 2012). As observed the elastic 

properties used in the model are in a good agreement with the values presented in Table 5-1. An 

alternative could be to utilize the results from laboratory testing directly and then re-adjust the 

values of the penalty terms as the material deformability is governed by the continuum formulation 

of the triangular elements and is, therefore, independent of the adopted element size and topology 

(Munjiza, 2004). The calibration process for determining the input parameters employed is 

summarized in the flowchart in Figure 5-8 and the input parameters used in the model are shown 

in Table 5-4. 

 

Table 5-4: Finalized input parameters for the FDEM simulation of the URL Test Tunnel 

using Irazu. 

Parameter Value 

Young’s Modulus E (GPa) 65 

Poisson’s ratio ν 0.18 

Viscous damping factor 1.0 

Normal contact penalty pn (GPa m) 650 

Tangential contact penalty pt (GPa/m) 650 

Fracture penalty pf (GPa) 650 

Friction coefficient μ 1.7 

Cohesion c (MPa) 50 

Tensile strength ft (MPa) 10 

Mode I fracture energy GIi (N/m) 300 

Mode II fracture energy GIIi (N/m) 1900 
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Figure 5-8: Calibration process employed for determining the required input parameters in 

the FDEM model. 

 

5.5 Simulating the Brittle Behaviour of Hard Rock Tunnels with the FDEM 

Model 

5.5.1 Establishing the Tunnel Model at the Geostatic Stage 

Prior to the simulation of the excavation, the analysis of the tunnel model begins with establishing 

the in situ stresses, as shown in Table 5-3, in order to satisfy the static equilibrium condition at the 

geostatic stress stage of the numerical model and ensure the appropriateness of the employed 

boundary conditions. During the analysis of this stage, the interface elements of the FDEM model 

are not activated (no fracturing is supposed to occur during the geostatic step) and a simple finite-
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element method (FEM) analysis is run in order to initialize the stresses in the model. Activation of 

the absorbing boundary condition at this stage results in faster convergence of the model and 

dissipation of dynamic oscillations during the geostatic stress initialization. As shown in Figure 5-

9, the displacement magnitude was determined to approximate zero and the principal stresses σ1 

and σ3 have approximately the same orientation and magnitude as the stresses corresponding to the 

URL Test Tunnel (Table 5-2). An additional number of analysis steps would allow for an even 

better agreement between the nominal used stresses and the simulated stresses in the model, as well 

as even lower magnitude displacements during the initialization of the in situ stresses. 

 

 
Figure 5-9: Principal stress and displacement magnitude contours at the completion of the 

geostatic stage of the model. The principal stress trajectories are highlighted pink within the 

principal stress contour plots. 

 

5.5.2 Simulating the Brittle Failure Response during the Excavation 

As described in the previous section, the input parameters of the FDEM model for the simulation 

of the URL Test Tunnel were calibrated in order to simulate the spalling processes that took place 

during the excavation of it, as a result of an iterative, trial-and-error procedure, until the extent of 

the damaged zone was achieved. 
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In the calibrated model, failure around the excavation boundary initiates at the time step 

910,000 approximately between 1600 and 1650 (tunnel bottom) and 3400 and 3450 (tunnel roof) 

where the magnitude of the deviatoric stresses gets its highest value (Figure 5-10a). As the 

excavation advances, a further redistribution of the excavation induced stresses occurs and shear 

fractures are propagating where the compression is the highest, while tension fractures start forming 

and propagating in the direction of the major principal stresses (Figure 5-10b). As shear fractures 

at the roof and the bottom of the tunnel are propagating under the high compressive tangential 

stresses and new extensile tension cracks are formed, it can be observed that at the sidewalls of the 

tunnel (790 and 2590) at the time step 924,000 tension fractures have started initiating in the 

direction of the major principal stress (Figure 5-10c). With the progression of the tunnel excavation 

it can be observed that the shear fractures at the roof and bottom of the tunnel are propagating 

further into the rockmass, while new and already formed tension fractures are propagating further 

at the same locations. The tension fractures at the sidewalls also keep propagating in a direction 

normal to the minimum principal stresses (Figure 5-10d). At time step 1,100,000 the complete 

removal of the material within the excavation boundary is taking place, and a v-shaped notch has 

been developed at the top and bottom parts of the tunnel. As shown in Figure 5-10e, the failure of 

the material is dominated by tension fractures that have formed at the vicinity of the tunnel at the 

roof and the bottom, while the shear fractures that have propagated from the excavation boundary 

are forming a closed area of disturbed material out of the regions dominated by Mode I failure. The 

tension fractures at the sidewalls are also extending further. However, after the complete removal 

of the material they stop propagating. At the final step of the analysis (time step 1,400,000) it can 

be observed that the notch that has been created because of the extensile fracturing of the rock at 

the roof and bottom of the tunnel is failing, as a result of the lack of confinement. A disturbed 

material zone is forming around the notches, where the confining stresses assist in preserving the 

rockmass integrity and no failure takes place (Figure 5-10f). 
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Figure 5-10: Deviatoric stress contours and progressive fracturing as the tunnel advances. 

Red lines correspond to fractures occurring as a result of tensile failure (Mode I) and green 

lines correspond to fractures as a result of shear failure (Mode II). FDEM model state at (a) 

time step 910,000 (no fracturing observed), (b) time step 917,000 (the crown and bottom of 

the tunnel start fracturing under high compressive stresses), (c) time step 924,000 (shear and 

tension fractures are propagating), (d) time step 938,000 (initial formation of notch failure at 

the tunnel crown and bottom), (e) time step 1,100,000 (completion of the excavation), and (f) 

time step 1,400,000 (FDEM model final state and finalized shape of the notch-type failure). 

 

By examining the tunnel model at its final stress equilibrium state following the completion 

of the excavation, it can be observed that the extent of damage at the roof is similar to the damage 

at the bottom of the tunnel, and for both cases is approximately 2.20 m which is 1.26 times the 

radius of the URL Test Tunnel (Figure 5-11). Field observations indicated an extent of damage 

approximately 1.3 times the tunnel radius showing the validity of the FDEM model and the 



152 

 

captured brittle failure process. More specifically, the simulated roof notch damage is in a good 

agreement with the field observations. The damage extent of the bottom notch looks to be 

overestimated when compared to the observations in situ. However, it must be noted that the cross-

section of the URL Test Tunnel is not solely in granitic rock. On the contrary, the upper half of its 

cross-section was excavated in granite while its lower half was excavated in granodiorite which 

appears to be stronger in situ than the granite (Martin, et al., 1997). The addition of such geological 

detail to the model would have an impact on the results although due to the variability in the rock 

composition along the tunnel as well as in section, the geology was simplified for modelling. 

 

 
Figure 5-11: (a) Photograph of the URL Test Tunnel (Diederichs, 2007 modified from Martin, 

1997) showing the damage profile observed in situ. (b) Damage profile from the FDEM model 

(highlighted black) after the completion of the numerical analysis. 

 

 

The same damage extent has been successfully captured by employing other numerical 

techniques, including the simulation of brittle behaviour with continuum codes (Hajiabdolmajid, et 

al., 2002; Diederichs, 2007) in which the damage is represented by yielded elements (Figure 5-12). 

While from these modelling approaches the extent of the failed rockmass can be replicated, it can 

be observed that they fail to capture the disturbed zone around the v-notch shaped failed material. 



153 

 

Discontinuum approaches (Potyondy & Cundall, 2004) on the other hand show that this disturbed 

zone surrounding the failed rock can be captured more efficiently and they produce results 

consistent with the FDEM model. 

 

 
Figure 5-12: Finite element method simulation in Phase2 using modified Hoek-Brown 

parameters in order to simulate the brittle response of the rockmass (Diederichs, 2007). 

 

The existence of this disturbed zone beyond the failed notches at the roof and bottom of 

the tunnel are supported by micro-seismic (MS) and acoustic emission (AE) event recordings, as 

reported by various researchers (Falls & Young, 1998; Collins & Young, 2000; Cai, et al., 2001; 

Young, et al., 2004; Cai & Kaiser, 2005) (Figure 5-13). It has to be noted that regarding the 

sidewalls, while the FDEM model and other numerical approaches (Hajiabdolmajid, et al., 2002; 

Diederichs, 2007) show that tensile fracturing should occur, no fracturing was observed at the URL 

Test Tunnel. However, the existence of tension fractures located at the springlines of the tunnel is 

supported by AE events recorded in the tunnel and no visual manifestation of them could be 

attributed to the presence of the stronger granodiorite at the lower half of the tunnel cross-section, 

as previously mentioned. 
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Figure 5-13: (a) Indicative locations of AE/MS events from the URL Test Tunnel (recreated 

after Cai et al. 2001). (b) Locations of AE/MS events from the FDEM model in which the 

failure mode of the events recorded is highlighted red in tension and green in shear. The 

highly damaged zone and potential excavation damage profiles are highlighted in both plots 

(black continuous line and blue dashed line respectively). 

 

5.6 Results from the FDEM Model and Comparison with Field Observations and 

Continuum Numerical Approaches 

5.6.1 Excavation Response and Field Displacement Measurements 

In order to assess the response of the excavation boundary during the advancement of the tunnel 

(core replacement method), a circular area with a radius 1.80 m around the underground opening 

was monitored during the tunnel advancement using Paraview (Ahrens, et al., 2005). The principal 

stresses of the triangular elements and the nodal displacements within that area were retrieved 

during every recorded time-step and were averaged so as to obtain the overall response of the 

rockmass around the excavation. With the principal stresses being used to calculate the radial stress 

applied on the excavation boundary, the ground-reaction curve of the FDEM model is illustrated in 

Figure 5-14. Additionally, the different stress and displacement components of the ground-reaction 
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curve based on specific areas around the opening (top and bottom notch areas, right wall) are also 

illustrated. As it can be observed from the overall ground-reaction curve (Figure 5-14-black 

continuous line), the radial stress around the opening has a downward trend as the tunnel 

advancement is approaching the hypothetical excavation face under examination, as expected. The 

same applies for both the top and bottom notch, and the right wall, which clearly show the reduction 

of the radial stress around the tunnel circumference. For comparison reasons, the ground-reaction 

curve obtained from a finite-element-method (FEM) tunnel model created in RS2 (Rocscience Inc. 

2017), with the same geometrical features and stress regime as the URL Test Tunnel, is also 

illustrated in Figure 5-14 (black-dashed line). In order to simulate the brittle response of the 

rockmass with the FEM model, the Damage Initiation Spalling Limit (DISL) approach proposed 

by Diederichs (2007) is employed. The material parameters are presented in Table 5-5. For a radial 

stress magnitude between 8 and 11 MPa, both curves seem to be in a good agreement, however, 

beyond 8 MPa, and as the radial stress continues to drop, the displacement approximation is 

dissimilar as a result of the fracture initiation in the FDEM model and its transition from continuum 

to discontinuum. The data acquired from the FDEM numerical model was further processed in 

order to determine when the excavation face reaches the examined cross-section by applying a 

longitudinal displacement profile (LDP) approach, based on the flowchart illustrated in Figure 5-

14. 
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Figure 5-14: (Top) Average radial stress applied on the excavation boundary versus average 

radial displacement monitored along the excavation boundary resulting in an equivalent 

ground-reaction curve. Data was obtained from the FDEM and DISL-FEM models. For the 

FDEM model, the crown and bottom notches, and the right wall were monitored separately 

in addition to the overall excavation boundary. For the DISL-FEM model the average 

quantities along the excavation boundary were obtained. (Bottom) Use of the monitored 

displacements in the FDEM model in assessing the distance from the excavation face at each 

analysis step based on the Vlachopoulos and Diederichs (2009) methodology. 
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Table 5-5: Input parameters for the FEM model using the DISL model based on Diederichs 

(2007). 

Parameter Peak Residual 

Young’s Modulus E (GPa) 69 69 

Poisson’s ratio ν 0.22 0.22 

Intact Compressive Strength (MPa) 200 200 

Parameter mb 1 7 

Parameter s 0.033 0 

Parameter a 0.25 0.75 

 

In general, the LDP represents the tunnel wall convergence as a function of the distance 

between the examined cross-section and the excavation face. FEM analysis, analytical and 

numerical parametric solutions have been proposed for linear-elastic (Panet, 1995; Unlu & Gercek, 

2003) or linear elastic-perfectly plastic materials (Panet & Guenot, 1982; Vlachopoulos & 

Diederichs, 2009). In an initial attempt, the methodology suggested by Vlachopoulos and 

Diederichs (2009) was adopted in order to determine the distance of the excavation face from the 

investigated cross-section and associate each recorded time step of the FDEM analysis with that 

distance. In order to determine the LDP based on the Vlachopoulos and Diederichs approach (2009) 

the following equations are used: 

 

 u∗ =
u

u
=

1
3

e . ∗ [5-1] 

 

 R∗ = R
R  [5-2] 

 

 u∗ = = u∗ ∙ e ∗  for X∗ ≤ 0 (in the rockmass) [5-3] 

 

 u∗ = 1 − (1 − u∗ ) ∙ e
∗

∗  for X∗ ≥ 0 (in the tunnel) [5-4] 
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where ∗  is the normalized radial displacement at the face of the excavation,  is the largest 

observed radial displacement and  is radial displacement at the face, ∗ is the normalized radial 

displacement, u the measured radial displacement at each step, ∗ is the normalized distance of the 

face from the investigated cross-section, with X* being the ratio between X the actual distance and 

 the tunnel radius, and ∗ is the normalized radius of the plastic zone around the opening with 

 being the radius of the plastic zone. 

From the FDEM tunnel profile (Figure 5-11) it can be observed that due to the anisotropic 

nature of the stress regime, a uniform damaged zone around the opening is not occurring, with most 

of the damage taking place at the roof and bottom of the tunnel and hardly any damage at the 

springlines. At this point it has to be noted that prior to any fracturing the material response is 

purely elastic, and given the orientation of the in situ principal stresses, the maximum displacement 

can be observed at the sidewalls of the excavation. Additionally, displacements at the sidewalls 

remain higher than the displacements at the roof and bottom of the excavation even when fracturing 

has initiated. This is also observed in the developed DISL-FEM model. As fractures propagate 

further and start interacting with one another, fragments of material start detaching and 

displacement measurements reveal higher magnitudes at the crown and floor of the excavation. 

However, these displacements cannot be considered representative and appropriate to use as input 

in the Vlachopoulos and Diederichs (2009) methodology, as discrete blocks of rock are formed and 

move away from the tunnel circumference. Therefore, for the purposes of this study, the right 

sidewall of the tunnel, which maintains its structural integrity and exhibits the highest displacement 

measurements before and during the initial stages of fracturing, was examined, hence adopting a 

=0.0035 m (this value is in agreement between the FDEM, the DISL-FEM model and in situ 

measurements). The radius of the plastic zone was the average between the tunnel radius and the 

extent of the fractured area at the notches, therefore it was assumed that ∗=1.15. Following this 

assumption, the average normalized radial displacement at the face was calculated ∗=0.28059. By 
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using Equation 5-1, the displacement at the tunnel face  is equal to approximately 0.001 m for 

the FDEM model. By repeating the same procedure for the DISL-FEM model, calculations 

( =0.0034 m that occurs at the sidewalls, ≈2.05, ∗=1.17, ∗=0.27968) result in a 

=0.00095 m which is in agreement with the result obtained for the FDEM model. Both models 

produce similar results due to the elastic response that they have when the face reaches the 

examined cross-section. The Vlachopoulos and Diederichs approach (2009) could be used in this 

case due to the fact that the sidewalls that exhibit the highest displacement magnitudes behave 

almost elastically and an assumption of a normalized plastic radius ∗≈1.15 is consistent with that. 

However, this is a special case (all of the criteria for using the method are satisfied since the material 

response at the walls can be considered continuum and elastic at some extent) and continuum based 

LDP approaches need to be used with caution regarding hybrid continuum-discontinuum 

modelling. 

The results of the LDP analysis are presented in Figure 5-15a, showing the association 

between the number of time steps and the distance from the excavation face. For time steps beyond 

400,000, it can be observed that the time step is a monotonic function of the distance from the 

excavation face. However, for time steps between 200,000 and 400,000 the same cannot be 

inferred. This is the result of low magnitude displacement measurements at the initial stages of the 

excavation when the tunnel core still maintains a high modulus value close to its original value. On 

the contrary, as the core softens more, the effect of the stress changes is more profound, hence 

leading to higher magnitude displacements with each step of the analysis. Having determined the 

stages of the tunnelling sequence, the radial displacements of the left and right sidewall of the 

tunnel were monitored and the convergence of the excavation boundary is calculated by correcting 

the monitored values based on the displacement recorded at the tunnel face (X/D=0 where D is the 

tunnel diameter). In Figure5-15b, the obtained convergence profile was compared to the monitored 

convergence of the URL Test Tunnel (Read, 1994). 
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Figure 5-15: (a) Association between the FDEM time step analysis, normalized radial 

displacement u*=u/umax and the distance of the examined cross-section from the excavation 

face based on a LDP approach. X is the distance of the face from the investigated cross-section 

and D the tunnel diameter. (b) Comparison between convergence field measurements after 

Read (1994) and convergence as measured from the FDEM model. Three stages of the 

numerical simulation are presented in order to highlight the occurrence of fracturing with 

the associated displacement response (tension Mode I fractures-red, shear Mode II fractures-

green). 
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5.6.2 Stress and Strain Measurements 

In this section, the areas of the model that the material fails or is disturbed as a result of the 

excavation induced stresses were identified and the elements within these designated areas were 

selected. From these, the stress and strain data from the FDEM analysis were averaged per step in 

order to examine the overall behaviour of the rockmass over time (tunnel advancement) and 

decrease the error occurring as a result of discrete measurements within the model. For the most 

efficient assessment of the results, the areas examined were grouped into the roof and bottom 

notches (failed material), the roof and bottom disturbed zones (fractured but not failed material), 

and the right springline (tensile fracturing) of the tunnel. In Figure 5-16 the principal stress results 

are presented and compared to the DISL approach suggested by Diederichs (2007). As observed 

for the failed material at the notches, there is a good agreement between the numerical model results 

and the DISL damage initiation (DI) locus. However, for the disturbed zones that extend further 

from the failed material regions, it can be seen that the confinement retained within these zones 

does not allow the stress paths to move closer to the indicated failure envelope and the rockmass 

maintains its stability despite of the fracturing that occurred. By following the same logic, the 

principal stress paths for the right sidewall show the relief of the stresses occurring as the tunnel 

advances leading to its fracturing in tension. 



162 

 

 
Figure 5-16: (Left) Principal stress paths of the failed areas of the roof and bottom notches 

(black and red continuous lines respectively), of the disturbed fractured areas surrounding 

the notches (black and red dashed lines), and of the right wall of the tunnel (purple continuous 

line). The fracture pattern for three respective stress combinations is demonstrated. The 

obtained stress paths are compared to the brittle failure envelope based on the DISL 

approach (Diederichs, 2007), for which the damage initiation (blue, dotted-dashed line) and 

the spalling limit (green, dashed line) curves are plotted. (Right) The roof notch (black 

continuous line), the bottom notch (red continuous line), the roof disturbed zone (blue dashed 

line), the bottom disturbed zone (purple dashed line), and the part of the right sidewall (blue 

rectangle) that are monitored are illustrated. Tension fractures (Mode I) are highlighted red 

and shear fractures (Mode II) are highlighted green. (i) Rockmass strength has not been 

exceeded, (ii) fracturing initiates, and (iii) fracturing propagates and spalling occurs. 

 

Strain measurements were also conducted for the roof notch in order to demonstrate the 

evolution of the rockmass deformation and the spalling processes occurring (Figures 5-17 and 5-

18). For the measurement of the volumetric strain two different approaches were adopted in this 

study. The first approach involved the measurement of the volumetric strain as recorded from the 
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elements falling within the failed material area of the excavation crown (elements forming discrete 

blocks that detach from the rockmass), herein referred as elemental volumetric strain (Figure 5-17). 

The second approach involved the measurement of the area (volume per length) that was occupied 

by the elements that comprise the area of the roof notch that failed (Figure 5-18). The deformation 

of the designated area was determined by monitoring the displacements of all the nodes that fall 

within it by creating an individual surface that was formed from the monitored nodes. The 

volumetric strain measurements shown in Figure 5-18 are therefore derived from the change in the 

area that is monitored, and herein it will be referred as macroscopic volumetric strain. In Figure 5-

17a, a detail of the complete elemental volumetric strain curve versus the monitored displacements, 

shown in Figure 5-17b, is illustrated. Two different fracturing stages (Stage i-peak elemental 

volumetric strain in contraction/fracture initiation, and Stage ii-Peak number of generated fractures) 

are highlighted in order to investigate the association between volumetric strain and fracturing. In 

a similar fashion, Figures 5-18a and 5-18b are detail of the complete macroscopic strain versus 

displacement curve shown in Figure 5-18c. In Figure 5-18 three different stages of the analysis are 

highlighted (Stage i-peak macroscopic volumetric strain in contraction/fracture initiation, Stage ii-

Peak number of generated fractures, and Stage iii-Block detachment and material collapse). Both 

volumetric strain measurements are plotted against the number of interface elements that break in 

order to show the association between deformation and fracture occurrence. 
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Figure 5-17: Elemental volumetric strain and fracture number measurements versus the 

average displacement of the crown notch. The positive volumetric strain values denote 

contraction. a. (Detail) Volumetric strain measurements showing the contraction of the notch 

up to Stage i and its extension between Stages i and ii, also highlighting fracture initiation 

and propagation. b. Volumetric strain measurements showing approximately zero volumetric 

strain for the elements of the notch material that fractured and failed. 
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Figure 5-18: Macroscopic volumetric strain and fracture number measurements versus the 

average displacement of the crown notch with top to bottom increasing the displacement 

range. The volumetric strain measurements are based on the monitoring of the volume of the 

notch that eventually fails. Positive volumetric strain values show contraction and negative 

extension. (a) and (b) are detail of (c). Stage i shows the contraction of the notch, with the 

measurements being consistent with the elemental volumetric strain. Stage ii shows the 

extension of the notch with the volumetric strain increasing as a result of the fracturing of 

the rockmass with the number of fractures created reaching a peak. Stage iii is used to show 

the notch extension before it collapses. In the top right plot, three distinct areas can be 

identified based on the value of the slope of the volumetric strain curve: Pink-fracture 

initiation, Yellow-rapid increase in the number of fractures created, Green-Peak number of 

created fractures and decline in the fracture creation rate. 

 

5.6.3 Stress Numerical Results versus Field Observations 

In the previous section, the stress measurements conducted were achieved by averaging the desired 

stresses for a wider rockmass region. In this section, a different approach was adopted and discrete 

measurement points created within the area surrounding the notch at the crown and bottom of the 

tunnel were monitored. These measurement points are acting as stress change cells similarly to the 

cells installed at the URL Test Tunnel (Falmagne, 2001). In Figure 5-19, the cell configuration 

installed at the URL Test Tunnel is illustrated as well, and in Table 5-6 the locations of the stress 

cells around the tunnel are listed. In Table 5-7 the virtual stress cell locations within the FDEM 

model are listed in a similar fashion. The same procedure is repeated for the DISL-FEM model by 

adopting the same measuring locations as the ones at the tunnel and the FDEM model (Figure 5-

19). The major and minor principal stress results from the FDEM model, the DISL-FEM model 

and the in situ measurements are presented in Figures 5-20 to 5-21. 
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Table 5-6: Location of stress cells around the URL Test Tunnel (Falmagne, 2001). 

Stress Cell Tunnel Coordinates (m) 

X Y (Chainage) Z Radial distance Theta (o) 

SM-5 0.031 24.473 2.663 2.663 89.327 

SM-6 -0.015 24.315 3.297 3.297 90.260 

 

Table 5-7: Location of stress measuring points around the excavation boundary of the FDEM 

model and the DISL-FEM model. Points 1 and 3b correspond to the SM-5 and SM-6 stress 

cells of the URL Test Tunnel. 

Measuring Point Tunnel Coordinates (m) 

 X Y 

1 (SM-5) 0.03 2.66 

2 0.11 2.60 

3 0.19 2.70 

1b -0.12 3.15 

2b -0.25 3.06 

3b (SM-6) -0.02 3.30 

 

 
Figure 5-19: DISL-FEM model and major principal stress contours. Points 1, 2, 3, 1b, 2b and 

3b correspond to stress measurement points according to Tables 6 and 7. Points 1 and 3b 

correspond to the locations of SM-5 and SM-6 respectively that were monitored at the URL 

Test Tunnel and the rest of the points correspond to additional measurements obtained from 

the FDEM and DISL-FEM models. 
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Figure 5-20: Stress change cell results measured at the SM-5 and estimated stresses from the 

FDEM and DISL-FEM models within the vicinity of the location of the SM-5 cell. 
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Figure 5-21: Stress change cell results measured at the SM-6 and estimated stresses from the 

FDEM and DISL-FEM models within the vicinity of the location of the SM-6 cell. 

 

50

55

60

65

70

75

80

85

90

95

100

-4 -3.5 -3 -2.5 -2 -1.5 -1 -0.5 0

Sr
te

ss
 σ

1
(M

Pa
) 

Normalized face position X/D 

Measurements (Falmagne 2001) FDEM-1 FDEM-2 FDEM-3
DISL-1 DISL-2 DISL-3

0

5

10

15

20

25

30

35

40

-4 -3.5 -3 -2.5 -2 -1.5 -1 -0.5 0

Sr
te

ss
 σ

3
(M

Pa
) 

Normalized face position X/D 

b
b b

b b
b

St
re

ss
 σ

St
re

ss
 σ



170 

 

5.7 Discussion 

Various techniques have been developed in order to simulate numerically the complexity of the 

spalling processes occurring within brittle rockmasses with them having both their advantages and 

limitations. Regarding the estimation of the extent of the material failing because of the brittle 

behaviour of the rockmass, the numerical studies that have been made for the simulation of the 

URL Test Tunnel demonstrated results that were in a good agreement with the field observations. 

These numerical models (Figure 5-12) predicted relatively reasonably the highly damage zone 

(Figure 5-1) extent resulting in damage profiles that match the obtained in situ profiles. The FDEM 

model that was used in this study, also shows the potential of the employed numerical method. 

Proper calibration of the model results in a similar highly damaged zone profile as the one observed 

in the field (Figure 5-11), hence demonstrating the capability of the method in capturing the 

complex brittle response of hard rockmasses. Furthermore, AE and MS events that were recorded 

during the excavation of the URL Test Tunnel (Figure 5-13a) suggest that stress induced damage 

goes beyond the highly damaged zone. As shown in Figures 5-10 and 5-13, this excavation damage 

zone can potentially be captured within the numerical model and a reasonable estimate of its extent 

is possible when the FDEM method is applied. 

Spall damage is possible to occur as soon as a face is exposed (Vuilleumier & Aeschbach, 

2004) and normally is considered a progressive process, particularly where the depth of damage is 

significant (Diederichs, 2007). Based on the LDP analysis that was conducted and discussed in 

Section 7.6.1, it can be observed for the undertaken FDEM analysis, the excavation face has passed 

but is still within one diameter of distance from the investigated cross-section at time step 917,000 

(Figure 5-15a). Calculations of the radial stress acting on the excavation boundary, as presented in 

Figure 5-14 from the obtained ground-reaction curve, show that the average rockmass response is 

approximately linear before step 917,000, as the radial stress on the excavation decreases due to 

the tunnel advancement. The results from the FDEM model are relatively compatible with the radial 
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stress-displacement results acquired from the DISL-FEM model, as it can be observed in Figure 

16, before any fracturing occurs. However, as the radial stress drops further (and the tangential 

stress increases), the stress state of the medium leads to its fracturing with the interface element 

strength being exceeded at the local maxima of the deviatoric stresses around the tunnel 

circumference (Figure 5-10). The initiation of fracturing at this step leads to a sudden drop in the 

radial stress applied on the boundary with the rockmass response transitioning from a continuum 

to a discontinuum (Figure 5-14), and therefore the initiation of spalling. 

The principal stress results were further examined in order to investigate the brittle 

response of the rockmass, as presented in Figure 5-16. Following the stress paths of the material 

within the failed areas of the notches, it can be observed that with the tunnel advancement, the 

major principal stresses, σ1, gradually increase and the minor principal stresses, σ3, decrease. The 

transition between each stress state is relatively smooth. However, at time step 896,000 (X/D=0.06) 

there is a sudden increase in σ1 and decrease in the σ3 as shown in Figure 5-22a. This leap in the 

stress paths was the result of the yielding of the interface elements at time step 907,000, as the 

interface elements reach their peak strength (Figure 5-22 a and b). As observed in Figure 5-16 and 

5-22, the principal stress combination at this stage is in a good agreement with the spalling limit 

(SL) locus (Diederichs 2007), as the interface elements start yielding. Continuing, as the 

confinement decreases further, the stress paths follow a curve that is in a relatively good agreement 

with the damage initiation (DI) locus (Diederichs, 2007). While at this stage, the rockmass starts 

fracturing under the high compressive stresses at the crown and the bottom and extensile fracturing 

occurs. Eventually the notches are formed and the material within them collapses as the stress paths 

move to a “residual” state. The FDEM model captures the brittle response of the rockmass, as this 

is described by the composite failure envelope suggested by Diederichs (2003). 
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Figure 5-22: (a) Detail of Figure 5-16 focusing on the initiation of fracturing and the transition 

of the material from continuum to discontinuum. The normalized distance from the face X/D 

(according to Figure 5-15) and their corresponding time step during this transition are noted. 

(b) Timeline of the yielded interface elements of the FDEM model. 

 

Investigation of the fracturing mechanisms occurring as a result of the brittle behaviour of 

the examined rockmass is further enhanced by volumetric strain and fracture number measurements 

conducted in the FDEM model. As presented in Figure 5-17, it can be observed that the volumetric 

strain of the crown notch increases (positive volumetric strain denotes contraction) due to the 

compressive stress regime as a result of the stress redistribution. When volumetric strain reaches 

its peak value and starts decreasing, the rockmass is transitioning from a state of contraction to a 

state of extension, and fractures are generated. Due to this fracture initiation, further propagation 

and interaction, the material stops responding as a continuum and it transcends into a discontinuum. 

As observed, once this has occurred, the elemental volumetric strain (volumetric strain measured 

within the finite elements) decreases to zero and does not allow for further monitoring as the 

rockmass goes into extension. Monitoring of the macroscopic volumetric strain (volumetric strain 

measured by monitoring the change in the area/volume of the collapsed material), as shown in 

Figure 5-18, assists in overcoming this problem. This technique allows for the further monitoring 

of the notch material as it fractures, with the volumetric change of it depending on both the 
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deformation of the rock material (finite elements) and the opening of fractures. From the conducted 

volumetric strain measurements it can be observed that the initial contraction of the notch due to 

the high tangential compressive stresses is followed by an extension once the strength of the 

material is exceeded in tension, hence resulting in fracture initiation and propagation (pink area). 

Further confinement release results in a change in the slope of the volumetric strain curve (yellow 

area) and the number of fractures increases with an accelerated rate, until it reaches a peak where 

the slope of the volumetric strain curve changes (green area); hence, depicting how the volumetric 

strain rate controls the number of fractures created when the rockmass dilates. 

In order to examine the response of the FDEM model relative to the actual URL Test 

Tunnel, displacement and stress measurements were also conducted at specific locations. Figure 5-

15 shows convergence measurements taken by using extensometers at the URL Test Tunnel and 

pins (convergence array data). For the purposes of this study, the convergence measured in the 

FDEM model is only compared to the extensometer measurements as possible progressive 

deterioration of the convergence pin installations as the tunnel deforms led to recording higher 

magnitude of convergence (Read, 1994). By comparing the FDEM model results with the field 

measurements, it is shown that the model estimates relatively reasonably the convergence of the 

tunnel and a similar response is observed from both the tunnel and the model measurements. Slight 

differences occur as a result of the fracturing processes taking place between stages i, ii, and iii. At 

this point, the reader needs to be reminded that the URL Test Tunnel was excavated in mixed 

conditions with the examined cross-section being in both granite and granodiorite. Both of these 

rocks have similar deformability properties but different strength properties, with the granodiorite 

being stronger in situ than the granite (Martin, et al., 1997). This potentially explains the similar 

deformation magnitude between the model and the field observations and the slightly different 

response because of the tensile fracturing occurring in the model. 
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Following the convergence measurements, stress measurements were also conducted 

within the FDEM model and were compared to field stress measurements performed during the 

excavation of the tunnel. In Figures 5-20 and 5-21, the in situ measurements (Falmagne, 2001), the 

FDEM model stress results and the DISL-FEM model stress results are compared. From both 

figures, it is shown that exactly the same results are almost impossible to acquire. In the case of the 

SM-5 stress cell measurements (Figure 5-20), it can be seen from the FDEM model that the stress 

measurements do not follow exactly the field measurements, with both the major and minor 

principal stresses increasing as the excavation face advances. The high peaks in the stresses based 

on the FDEM model results could be attributed to the single–point measuring technique applied, 

the mesh configuration and the concentrations of stresses as a result of the fracturing process taking 

place during the excavation (softening of the tunnel core). However, once static equilibrium 

conditions have been reached with the face being away from the investigated cross-section, similar 

stress magnitudes to the ones observed in the field are obtained. The same applies for the SM-6 

stress cell in Figure 5-21, where the final stress state, as obtained from the in situ measurements, is 

similar to the one from the FDEM model. The measurements taken from the URL Test Tunnel were 

influenced by the change in the geometry of the tunnel as the notches formed at the crown and 

bottom of the tunnel. Furthermore, the SM-5 and SM-6 stress cells are within the disturbed zone 

(excavation damage zone) (Falmagne, 2001). To these factors it can be attributed the fact that the 

DISL-FEM model in both cases seems to overestimate the stress magnitudes from the ones 

observed in situ. While in the DISL-FEM model the highly damaged zone is successfully captured, 

the disturbed zone around the notch is not, hence resulting in a material response that is linear 

elastic since no yielding is observed beyond the failed region of the notch. On the contrary, the 

FDEM model has the capability of capturing the disturbed zone around the notch, and therefore it 

can replicate the stress conditions monitored at the URL Test Tunnel. 



175 

 

5.8 Conclusions 

The numerical simulation of brittle rockmasses can be quite challenging due to the complexity of 

the failure mechanisms which are required to be captured. In the present study, a FDEM approach 

was employed in order to replicate the brittle response of a hard, massive rockmass during the 

excavation of a tunnel. The FDEM model was calibrated based on field observations from the URL 

Test Tunnel in order to replicate the brittle response of the Lac du Bonnet granite and the extent of 

the stress induced damage as a result of the spalling processes taking place. The FDEM model 

results were compared to in situ measurements in order to verify the validity of the model and 

analyze the fracturing mechanisms that occurred during the excavation of the tunnel. The model 

results showed how the employed numerical method can capture the brittle behaviour of hard, 

massive rockmasses both in terms of the highly damaged zone but the overall excavation damage 

zone, as well as replicate the stress and deformation tunnel conditions by overcoming specific 

limitations of continuum approaches. 
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Chapter 6 

Assessing the Fracturing Mechanisms and Evolution of the Excavation 

Damage Zone of Tunnels in Interlocked Rockmasses at High Stresses by 

Applying a Finite-Discrete Element Approach 

An extended version of this chapter has been submitted to the Journal of Rock Mechanics and Geotechnical 
Engineering: 
Vazaios, I., Vlachopoulos, N. and Diederichs, M.S. 2019b. Assessing the Fracturing Mechanisms and 
Evolution of the Excavation Damage Zone of Tunnels in Interlocked Rockmasses at High Stresses by 
Applying a Finite-Discrete Element Approach. Journal of Rock Mechanics and Geotechnical Engineering, 
(Submitted July 9th 2018-Under review) Manuscript number: JRMGE_2018_339. 
 
 

6.1 Introduction 

Underground containment facilities for nuclear and other waste disposal and management are 

required to be designed and constructed so that the biosphere and ground surface will remain stable 

and minimally affected due to short and long-term geological considerations and processes with a 

view to containing hazardous material. It is well known that the excavation induced damage on the 

surrounding ground of an underground opening results in its fracturing, hence increasing the 

permeability from the undamaged material. This zone of increased permeability can be a potential 

leakage pathway or contaminant transport (Perras & Diederichs, 2016). Therefore an accurate and 

rigorous assessment of the depth and shape of the excavation induced damage is required. The 

estimation of the damage extent due to excavation induced and redistributed stresses in brittle 

rockmasses has been the focus of interest of various researchers, either by relying on empirical 

approaches (Martin, et al., 1999; Diederichs, 2007) or numerical modelling (Hou, 2003; Hudson, 

et al., 2009; Rutqvist, et al., 2009; Lisjak, et al., 2015; 2016; Perras & Diederichs, 2016; Lei, et al., 

2017). 
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 Determining the depth of damage in underground excavations is a significant requirement 

for the design process, especially for permeability sensitive underground openings such as deep 

geological repositories (DGRs) for nuclear waste storage, as radionuclide need to be prevented 

from escaping the geological barrier used for isolation through the excavation damage zone (EDZ). 

The damaged zones, while collectively being usually referred to as the excavation damage zones 

(EDZs), can be grouped into different categories depending on how the damaged is induced and 

how it changes the permeability of the surrounding ground around an opening (Figure 6-1). Damage 

caused due to the employed construction method (Harrison & Hudson, 2000), also known as the 

construction damage zone (CDZ), has an immediate effect on the ground within the vicinity of the 

opening and is a function of the excavation method applied. This damage can be minimized if 

necessary precautions are taken (Martino, et al., 2007; Jonsson, et al., 2009). Damage associated 

with the changes in the field stress and in situ loading conditions, however, is inevitable as it is the 

result of disturbance within the initially undisturbed material, and it is contingent upon the 

excavation geometry, the rockmass conditions and the magnitude of the in situ stresses. In brittle 

rocks and under high magnitude stresses, within the immediate proximity of the underground 

opening interconnected macro-fractures form the highly damaged zone (HDZ). By moving further 

from the tunnel boundary, connected damage form the inner part of the EDZ (EDZi) transitions 

gradually to the outer EDZ (EDZo), which is comprised by partially connected, isolated damage. 

The material within this zone is characterized by irreversible damage at a micro-scale with (inner) 

and without (outer) significant dilation (Perras & Diederichs, 2016). Beyond the EDZ, the ground 

undergoes elastic deformation and the material strength is not exceeded. Therefore, the rockmass 

exhibits stress and/or strain changes by maintaining an elastic response, hence forming the 

excavation influence zone (EIZ) (Siren, et al., 2015b). 

 Excavations in hard, massive rockmasses at great depths and under high in situ stresses 

exhibit a rather complex behaviour due to the brittle nature of fracturing that takes place. The 
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dominant failure mechanisms are governed by the tensile strength of the rockmass as extensile 

fractures are generated under high magnitude compressive stresses at low confinement along the 

excavation boundary (Diederichs, 2003; 2007). Furthermore, that complex rockmass behaviour can 

further be affected if pre-existing discontinuities are present, as the in situ stresses within the 

vicinity of an excavation can further change under the influence of these discontinuous elements, 

and especially joints of non-persistent nature. 

 In this chapter, the excavation induced damage in underground excavations within hard 

highly interlocked rockmasses is investigated by applying the finite-discrete element method 

(FDEM). For the analyses conducted the geological environment of the Underground Research 

Laboratory (URL) Test Tunnel, located in Pinawa, Manitoba, Canada (as described in the previous 

chapters), was adopted for the initial model calibration. Numerical models created in Irazu 

(Geomechanica Inc., 2017) with and without pre-existing discontinuities (herein the term 

“discontinuities” will be used interchangeably with the term “joints”) are examined under various 

conditions in order to investigate the effect of key factors affecting the rockmass behaviour during 

an underground excavation, including the discontinuity geometry pattern, discontinuity strength, 

and the magnitude of the initial in situ stresses, along with the associated excavation induced 

damage and its evolution. 
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Figure 6-1: The excavation damage zones (EIZ, EDZ, HDZ) and the effect of rockmass 

structure (red and green lines) on the damage profiles. 

 

6.2 Numerical Model Setup by Employing an FDEM Approach 

6.2.1 Geometry, Mesh Configuration, DFN Model and Excavation Sequence 

The FDEM model geometry is in compliance with the URL Test Tunnel, which is the baseline 

utilized in this study, and it consists of a circular tunnel of a radius R = 1.75 m. The tunnel opening 

is located in the centre of a square 60 m × 60 m domain, which is divided into four sub-domains. 

Each domain was discretized into triangular elements, the size of which depended on their relative 

distance from the excavation boundary. In Figure 6-2, Domains A, B, C and D were assigned 

element sizes (from the centre of the model towards the outer boundary) of 0.50 m to 0.03 m, 0.03 

m to 0.05 m, 0.05 m to 1.50 m, and 1.50 m to 2.50 m respectively. As observed, Domain B is a 15 

EIZ: Excavation Influence Zone

EDZ: Excavation Damage Zone

HDZ: Highly Damaged Zone

D=Tunnel opening
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m × 15 m region with a high resolution mesh, in order to capture the brittle fracturing mechanisms. 

The element size should be small enough relative to the scale of the model, so that the fracture 

pattern is independent of the mesh and the fracturing mechanisms can be captured (Gao & Stead, 

2014; Farahmand & Diederichs, 2015; Tatone & Grasselli, 2015). As suggested by Mahabadi et al. 

(2012b) and Lisjak et al. (2014), an unstructured Delaunay triangulation scheme was applied to 

minimize the constraints imposed by the mesh configuration. The different model attributes are 

listed in Table 6-1. 

Table 6-1: Model configurations and associated element geometrical features and number of 

3-node triangular elements used. 

Model configuration DFN Model  Element size* (m) Number of elements 

1 (baseline) No DFN 0.03 674,407 

2 DFN 1 0.03 662,510 

3 DFN 2 0.03 625,236 

4 DFN 3 0.03 612,424 

5 DFN 4 0.03 599,266 

6 DFN 5 0.03-0.05 233,453 

*Size assigned to the elements in the high resolution Domain B. 
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Figure 6-2: Tunnel model configuration (geometry and stress state) created in Irazu. The 

different mesh domains A, B, C, and D within the model are highlighted with yellow dashed 

squares, showing the element size variation and transition between the excavation area (area 

of interest) and the model boundaries. The pre-existing discontinuities originating from the 

implemented DFN model are coloured red. 

 

 Following the establishment of the main geometrical features of the FDEM model, the 

configurations developed were then divided into two main groups. The first group included the 

models without the incorporation of pre-existing joints, herein called the ‘intact’ or ‘massive’ 

models. For the second group of models, discrete fracture networks (DFNs) were created using the 

internal DFN generator of Irazu, and were incorporated into the numerical model, herein called 

‘fractured’ models. The created DFN geometries were incorporated into Domain B for all the 

numerical analyses that were conducted as part of this investigation. Furthermore, the fractured 

models were divided into different sub-groups depending on quantifiable characteristics of the 
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fracture networks, including the areal fracture intensity P21, defined as the total sum of joint trace 

lengths divided by the mapping area (Dershowitz & Herda, 1992), and the mean joint trace length, 

for determining the joint persistence. The geometrical joint properties of the DFN configurations 

are listed in Table 6-2. Further categorization of the fractured models created included different 

assumptions for the joint strength condition in each scenario, as discussed in the following sections. 

 

Table 6-2: Properties of the DFN models used in the conducted analyses. A normal joint trace 

length distribution with a standard deviation of 0.10 m was assumed for all joint geometry 

scenarios. 

DFN 

Model  

Areal fracture intensity P21 

(m/m2) 

Mean trace length Lt 

(m) 

Orientation-Dip (0) 

Set 1 Set 2 

DFN 1 1 0.25 80 10 

DFN 2 1 0.50 80 10 

DFN 3 1 1.00 80 10 

DFN 4 1 2.00 80 10 

DFN 5 2 1.00 80 10 

 

 Regarding the excavation sequence employed in the numerical models, initially a geostatic 

stress state was established for all models under a deep tunnelling assumption (uniform stress field 

applied in the model domain). Static equilibrium at the end of the geostatic stress stage was ensured 

by securing that the displacements were approximately of zero magnitude and the assigned stresses 

matched the stresses measured in the model. The geostatic stress stage was followed by the 

excavation of the tunnel by applying the face replacement method (Curran, et al., 2003), in order 

to simulate the 3D effect of the tunnel face advancement. This is achieved by decreasing the 

deformation modulus of the material within the excavation boundary (Vlachopoulos & Diederichs, 

2014). The analysis was then completed by removing the excavated material. For each of these 

three stages of the model, a large enough number of steps, according to the applied time step used, 

was performed in order to ensure static conditions within the model and avoid dynamic effects due 
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to the excavation. The information related to each run along with their respective runtimes are listed 

in Table 6-3. All of the analyses were performed on a computer with an Intel® Core ™ i7-4930K 

CPU at 3.40 GHz, 16 GB RAM and an AMD Radeon HD 7970 GPU. At this point it has to be 

noted that in general a balance between capturing the fracturing mechanisms in situ and the required 

computational time needs to be achieved. While a decrease in element size results in fracture 

patterns that are relatively mesh independent, really small time step sizes have to be adopted, and 

hence a larger number of steps and longer runtimes are required for a solution to be obtained. 

 

Table 6-3: Run parameters for the conducted analyses. 

Model 

Configuration 

DFN Model Time step size (s) Number of time 

steps 

Runtime* 

(hours) 

Element 

number 

1 Intact-No DFN 6.1×10-8 1,400,000 30 674,407 

2 DFN 1 5.2×10-8 3,500,000 72 662,510 

3 DFN 2 4.2×10-8 3,500,000 120 625,236** 

4 DFN 3 3.8×10-8 3,500,000 120 612,424 

5 DFN 4 5.0×10-8 3,500,000 110 599,266 

6 DFN 5 8.9×10-8 3,300,000 144 233,453** 

*Approximate runtimes based on the average runtime of all conducted analyses and for different joint 
properties. 
** Models within which more stress induced cracks and fracturing occur result in longer runtimes despite a 
lower element number when compared to others analyses. 
 

6.2.2 Field Stresses and Boundary Conditions 

The in situ stresses of the URL Test Tunnel (Martin, et al., 1997) were originally used as the 

baseline for the FDEM models (Table 5-3), however, a range of different stress values was also 

examined in this study in order to investigate the impact of the stress magnitude on brittle failure, 

as discussed in the following sections. The major assumptions in all models are the application of 

a uniform stress field, as previously mentioned, and that the applied stress field is characterized by 

the in-plane principal stresses σ1 and σ3, as the cohesive elements used in Irazu do not take into 

account the influence of the out-of-plane stress on fracture nucleation and propagation. 

Furthermore, the effect of gravity and therefore, gravity-induced stress gradients were not 
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considered in the numerical model (deep tunnel assumption). Regarding the far-field boundary 

conditions, displacements are fixed in the horizontal and vertical direction and an absorbing 

boundary condition is employed. 

6.2.3 Input Parameters 

In order to determine the strength and deformability parameters used in the analyses conducted, a 

thorough calibration process was employed and as outlined in Chapter 5. During this calibration 

process, the element size within Domain B, in which the fracturing is expected to occur, was 

maintained approximately constant with an average element size of 0.03 m. The strength and 

deformability parameters were calibrated in order to match the URL Test Tunnel field observations, 

including the extent of the damaged zone (Martin & Kaiser, 1996; Martin, et al., 1997; Diederichs, 

2007). Other parameters required to fully define the numerical model are the density of the 

simulated material and a viscous damping factor. Regarding the viscous damping factor, it is 

introduced into the numerical model in order to minimize the effect of numerical oscillations 

(Tatone & Grasselli, 2015), as previously mentioned. The reader is referred to Chapter 5 for the 

used input parameters (Table 5-4). 

6.2.4 Discontinuity Input Parameters 

The investigation of the excavation response of hard rockmasses with non-persistent discontinuities 

was conducted through the explicit simulation of pre-existing joints within the developed numerical 

models, as previously discussed. The joint geometry patterns incorporated into the FDEM models 

were generated based on the input parameters listed in Table 6-2 and the overall geometry of the 

joint networks is illustrated in Figure 6-3. Furthermore, as discussed in the following sections, the 

pre-existing discontinuities were assigned different strength property values in order to examine 

the impact of discontinuity strength on the damage extent and evolution due to the excavation. 

Initially, pre-existing joints were divided into two groups and were characterized as: 1. “broken”, 

which were assumed to have a purely frictional behaviour, and, 2. “cohesive”, which had cohesive, 
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frictional and tensile strength components. The strength properties used in this study are 

summarized in Table 6-4. By using the joint geometry information in Figure 6-3 and the joint 

strength assumptions in Table 6-4, the Geological Strength Index (GSI) was evaluated. The 

determined GSI values are illustrated in Figure 6-4. 

 

 
Figure 6-3: Generated discrete fracture networks based on the geometrical input parameters 

listed in Table 6-2 for the simulation of pre-existing joints. Pre-existing discontinuities (brown 

lines) were generated within a 15 m ×15 m domain (gray) outside of the excavation domain 

(green). 
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Table 6-4: Pre-existing discontinuity parameters for the FDEM simulations using Irazu. 

Discontinuity Type Case Parameter Value 

Broken 

(Low friction) 
A 

Friction coefficient μ 0.7 

Normal contact penalty pn (GPa m) 650 

Tangential contact penalty pt (GPa/m) 650 

Broken 

(High friction) 
B 

Friction coefficient μ 1.7 

Normal contact penalty pn (GPa m) 650 

Tangential contact penalty pt (GPa/m) 650 

Cohesive 

(High strength) 
C 

Friction coefficient μ 1.7 

Tensile strength ft (MPa) 10 

Cohesion c (MPa) 50 

Mode I fracture energy GIi (N/m) 300 

Mode II fracture energy GIIi (N/m) 1900 

Normal contact penalty pn (GPa m) 650 

Tangential contact penalty pt (GPa/m) 650 

Fracture penalty pf (GPa) 50 

Cohesive 

(Low strength) 
D 

Friction coefficient μ 1.7 

Tensile strength ft (MPa) 1 

Cohesion c (MPa) 5 

Mode I fracture energy GIi (N/m) 150 

Mode II fracture energy GIIi (N/m) 950 

Normal contact penalty pn (GPa m) 650 

Tangential contact penalty pt (GPa/m) 650 

Fracture penalty pf (GPa) 50 
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Figure 6-4: GSI values based on the used DFN geometries (Figure 6-3 and Table 6-2) and the 

joint strength properties (Prop) in Table 6-4. The combinations in the GSI chart are based 

on the number ID of the employed DFN (1 to 5) and the property ID (A to D). 

 

6.3 Simulating the Excavation Damage Zone of Interlocked Hard under High 

Stresses 

6.3.1 The Effect of Pre-existing Discontinuity Pattern 

6.3.1.1 The Influence of Fracture Intensity by Assuming Constant Persistence 

In order to understand the mechanisms involved in brittle fracturing and the impact of pre-existing 

structure within a rockmass surrounding an underground opening, numerical model results for 

Configurations 1, 4 and 6 (Table 6-3) were initially examined. In these configurations, the fracture 

intensity varied with the joint persistence (expressed as the mean joint trace length) having a 
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constant value. For the pre-existing joints, a purely frictional behaviour with a frictional coefficient, 

μ, equal to 0.7 is assumed (Case A-Table 6-4). 

 For the intact model (Configuration 1), the elements within the vicinity of the developing 

fractures were monitored at four different stages of the excavation as shown in Figure 6-5. The 

average stress paths obtained are illustrated in Figure 6-6, and the principal stresses measured are 

compared to the envelopes of the Hoek-Brown criterion (Hoek, at al., 2002) and the damage 

initiation-spalling limit (DISL) model (Diederichs, 2007). For the use of the Hoek-Brown criterion, 

a value of 80 was assumed for the Geological Strength Index (GSI) (Hoek & Marinos, 2000). As 

observed in Figures 6-5a and 6-6, as the confining stress decreases due to the excavation, the 

obtained stress path (Figure 6-6-green curve) is approximately intersecting the Hoek-Brown 

envelopes for GSI=70 and 80 and a single shear fracture is formed (Stage I). Further reduction of 

confinement, due to the tunnel advancement, results in initiation of new fractures and propagation 

of the existing ones (Figure 6-5b-Stage II). The stress path is located between the damage initiation 

and spalling limit envelopes (Figure 6-6-blue curve), as these mixed conditions are met. Following 

that stage, fractures start interacting (Figure 6-5c-Stage III) with the recorded stresses following 

the spalling limit envelope (Figure 6-6-purple curve). In Figure 6-5d at the end of the analysis, as 

a result of the extensile fractures due to the loss of confinement, the propagated shear cracks, and 

fracture coalescence and interaction, a v-shaped “notch” is formed as observed. By strictly 

monitoring the elements within that region (which are representative of the rockmass), the obtained 

stresses (Figure 6-6-red curve) show how the loss of confinement leads the stress path to intersect 

and follow the damage initiation envelope until a residual state is achieved and the material 

eventually collapses, as a result of extensile fracturing. 
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Figure 6-5: Configuration 1-Intact model: Deviatoric stress contours and progression of 

fracturing due to the tunnel advancement. (a) Stage I-Fracturing initiates. (b) Stage II-

Fracturing propagates and new fractures are formed. (c) Stage III-Fracture interaction. (d) 

“Notch” failure mechanism (black curve) forms at the tunnel crown (top notch) and material 

collapse because of extensile fractures. The monitored locations for the obtained stress paths 

in Figure 6-6 (yellow polylines) are highlighted. Shear fractures are coloured green and 

tensile fractures are coloured red. The intact rock unconfined strength σci is assumed to be 

approximately 200 MPa. 
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Figure 6-6: Stress paths obtained for Stages I, II and III, and the top notch demonstrated in 

Figure 6-5. Numbering indicating the end of a stress path for the different stages is used to 

show the overall rockmass response along the red curve for the crown notch stress path. 

Tunnel advancement is indicated by the arrow directions. The end of the stress path at each 

stage is indicated by a circle. The recorded stress values are plotted against the Hoek-Brown 

criterion and the damage initiation-spalling limit (DISL) model failure envelopes. The intact 

rock unconfined strength σci is assumed to be approximately 200 MPa. 

 

 For configuration 4 (P21=1 m/m2, mean trance length Lt=1 m), the same approach is adopted 

in order to investigate the failure mechanisms occurring, as a result of the excavation induced and 

redistributed stresses. The fracturing progression and monitored stresses are illustrated in Figures 

6-7 and 6-8 respectively. In Figure 6-7a, it can be observed that at Stage I a crack is forming at the 

crown of the tunnel. However, the crack orientation is not the same as in the case of the intact 

model in Figure 6-5a. On the contrary, the presence of the surrounding joints, and their propagation 
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due to the tunnel advancement, is leading to a stress redistribution that not only results in a different 

location/orientation that the fracture occurs, but also a different principal stress combination. More 

specifically, in Figure 6-8, the obtained stress path (green curve) shows that the fracturing initiates 

once the σ1-σ3 combination crosses the damage initiation envelope. Further loss of confinement 

results in the existing fractures to propagate and allows for new extensile cracks to be formed, as 

demonstrated in Figure 6-7b for Stage II, with each stress path (Figure 6-8-blue curve) reaching a 

peak between the damage initiation-spalling limit envelopes. During Stage III, more extensile 

fractures are formed (Figure 6-7c) with the obtained stress path following mostly the spalling limit 

envelope (Figure 6-8-purple curve) due to the fracture interaction. Finally, as the excavation face 

is away from the examined cross-section (Figure 6-7d), the failed material is forming a notch 

similarly to the case of the intact model (Figure 6-5d). However, the notch in this case is formed 

approximately vertically, and the obtained stress path (Figure 6-8-red curve) aligns with the 

spalling limit envelope. 
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Figure 6-7: Configuration 4-DFN 3 model (P21=1 m/m2, Lt=1 m, low friction discontinuity 

strength μ=0.7) with a GSI=70: Deviatoric stress contours and progression of fracturing due 

to the tunnel advancement. (a) Stage I-Fracturing initiates. (b) Stage II-Fracturing 

propagates and new fractures are formed. (c) Stage III-Fracture interaction. (d) “Notch” 

failure mechanism (black curve) forms at the tunnel crown (top notch) and material collapse 

because of extensile fractures. The monitored locations for the obtained stress paths in Figure 

6-8 (yellow polylines) are highlighted. Shear fractures are coloured green and tensile 

fractures are coloured red. 
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Figure 6-8: Stress paths obtained for Stages I, II and III, and the top notch demonstrated in 

Figure 6-7 for Configuration 4-DFN 3 model (P21=1 m/m2, Lt=1 m, low friction discontinuity 

strength μ=0.7) with a GSI=70. Numbering indicating the end of stress path for the different 

stages is used to show the overall rockmass response along the red curve for the crown notch 

stress path. Tunnel advancement is indicated by the arrow directions. The end of the stress 

path at each stage is indicated by a circle. The recorded stress values are plotted against the 

Hoek-Brown criterion and the damage initiation-spalling limit (DISL) model failure 

envelopes. The intact rock unconfined strength σci is assumed to be approximately 200 MPa. 

 

 Similarly for configuration 6 (P21=2 m/m2, mean trance length Lt=1 m), results of the 

numerical model are illustrated in Figures 6-9 and 6-10 for various stages during the advancement 

of the excavation face. Observations from Figure 6-9a, show that initial fractures form as a result 

of pre-existing joints located at the crown of the tunnel, with the monitored stresses in Figure 6-10 

(green curve) intersecting the spalling limit envelope. Further decrease in the σ3 allows to the 

existing cracks to propagate further and interact with newly formed fractures (Figures 6-9b and c), 
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with the monitored stress paths for Stages II and III being in between the H-B envelope for GSI 60 

and the spalling limit envelopes, and following the spalling limit envelope (Figure 6-10-blue and 

purple curves) respectively. Complete removal of the excavated material is followed by the material 

collapse that forms a v-shaped notch, which is controlled by the structure pattern (Figure 6-9d), as 

a result of extensile fracturing. The monitored principal stresses within the failed (collapsed) 

material show that the rockmass is approximately between the H-B envelope for GSI=60 and the 

spalling limit envelope, as illustrated in Figure 6-10 (red curve). 

 

 
Figure 6-9: Configuration 6-DFN 5 model (P21=2 m/m2, Lt=1 m, low friction discontinuity 

strength μ=0.7) with a GSI=60: Deviatoric stress contours and progression of fracturing due 

to the tunnel advancement. (a) Stage I-Fracturing initiates. (b) Stage II-Fracturing 

propagates and new fractures are formed. (c) Stage III-Fracture interaction. (d) “Notch” 

failure mechanism (black curve) forms at the tunnel crown (top notch) and material collapse 

because of extensile fractures. The monitored locations for the obtained stress paths in Figure 

6-10 (yellow polylines) are highlighted. Shear fractures are coloured green and tensile 

fractures are coloured red. 
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Figure 6-10: Stress paths obtained for Stages I, II and III, and the top notch demonstrated in 

Figure 6-9 for Configuration 6-DFN 5 model (P21=2 m/m2, Lt=1 m, low friction discontinuity 

strength μ=0.7) with a GSI=60. Numbering indicating the end of stress path for the different 

stages is used to show the overall rockmass response along the red curve for the crown notch 

stress path. Tunnel advancement is indicated by the arrow directions. The end of the stress 

path at each stage is indicated by a circle. The recorded stress values are plotted against the 

Hoek-Brown criterion and the damage initiation-spalling limit (DISL) model failure 

envelopes. The intact rock unconfined strength σci is assumed to be approximately 200 MPa. 

 

 Furthermore, the minor principal strain, ε3, the volumetric strain, εvol, and the number of 

fractures were also recorded in order to provide a better insight of the occurring fracturing 

mechanisms. Initially, three locations in which extensile fracturing is taking place (one per model) 

were selected in order to investigate the stress and strain conditions under which fracturing occurs. 

The coordinates of the selected points are listed in Table 6-5. In Figure 6-11, the behaviour of the 
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crack elements for the third location in Table 6-5 is presented using Mohr circles, showing that loss 

of confinement eventually leads to tensile failure of the crack elements. This loss of confinement 

leads to element yielding, however, fractures are not fully formed until the determined crack 

opening (based on the assigned fracture energy) has been reached. For these three locations, it can 

be observed in Figure 6-12 that extensile fracturing occurs for approximately the same magnitude 

of ε3 within the intact material. However, the recorded average volumetric and minor principal 

strains of the failed material, in all three cases, show that the pre-existing joints affect the strain 

capacity of the rockmass, with the maximum recorded strains decreasing as the medium becomes 

more fractured (Figure 6-13). 

 

Table 6-5: Locations of monitoring points of extensile fractures. The centre of the tunnel is 

the origin of the Cartesian coordinate system. 

Location Model configuration DFN X (m) Y (m) 

1 1 Intact -0.459 2.056 

2 4 3 0.306 2.133 

3 6 5 0.861 1.641 

 

 
Figure 6-11: Crack element failure envelope and Mohr diagrams of a single crack element at 

location 3 (Table 6-5) that failed in extension. Locations 1 (black), 2 (purple) and 3 (brown) 

are plotted relative to the excavation contour. 
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Figure 6-12: Minor principal strain ε3 paths for the three different locations listed in Table 6-

5 where extensile fracturing occurs. Location 1 corresponds to the intact model (P21=0 m/m2), 

Location 2 corresponds to the model DFN 3 (P21=1 m/m2), and Locations 3 corresponds to the 

model DFN 5 (P21=2 m/m2). The arrow denotes the tunnel advancement. The end of each path 

indicates the complete breakage of each interface element. 
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Figure 6-13: Minor principal strain ε3 (top) and volumetric strain εvol (bottom) paths of the 

failed material as highlighted in Figures 6-5d, 6-7d and 6-9d for the Intact (P21=0 m/m2), DFN 

3 (P21=1 m/m2), and DFN 5 (P21=2 m/m2) models respectively. The arrow denotes the tunnel 

advancement. “X” denotes the initiation of fracturing. 
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assessed by examining different mean joint trace length scenarios for a constant areal fracture 

intensity value. More specifically, the areal fracture intensity P21=1 m/m2 was selected for mean 

-0.0005

-0.0003

-0.0001

0.0001

0.0003

0.0005

0.0007
0.00 0.05 0.10 0.15 0.20 0.25

Vo
lu

m
et

ric
 s

tra
in

 ε
vo

l

Normalised minor principal stress σ3/σci

-0.0004

-0.0003

-0.0002

-0.0001

0.0000

0.0001

0.00 0.05 0.10 0.15 0.20 0.25

Intact DFN 1 DFN 4

Tunnel advance

Tunnel advance

P21=0 m/m2

P21=1 m/m2

P21=2 m/m2

P21=0 m/m2

P21=1 m/m2

P21=2 m/m2

Normalised principal deviatoric stress σdev/σci

M
in

or
 p

rin
ci

pa
l s

tra
in

 ε
3

X

X

X

X

X

X



200 

 

trace lengths equal to 0.25 m, 0.50 m, 1 m and 2 m which correspond to Configuration 2, 3, 4 and 

5 respectively (Table 6-3). The discontinuity strength adopted was μ=0.7 for purely frictional joints 

(Case A in Table 6-4). For the first configuration, it can be observed in Figure 6-14 that the joint 

network consists of multiple shorter joints that are not interconnected, and therefore, allow for the 

creation of large intact bridges of rock material. Due to the reduction of the confining stresses, 

fracturing initiates around the circumference of the tunnel were pre-existing joints intersect the 

tunnel boundary. However, as depicted in Figure 6-14a cracks propagating from the joints act as 

the initiation point of extensile fractures (coloured red) that run along the tunnel circumference. 

Shear cracks formed propagate deeper in the rockmass, connecting pre-existing joints, and trigger 

more extensile fracturing following the compressive, tangential stresses as a result of the tunnel 

advancement. As illustrated in Figure 6-14b by monitoring the elemental volumetric strain 

(volumetric strain recorded within the finite elements), confinement building at the top of the notch 

stops the crack propagation and interaction between the joints, and the tensile fractures contained 

in it lead to the collapse of the fractured material. 

By increasing the mean joint trace length to 0.50 m (Configuration 3), the overall joint 

pattern allows the presence of intact rock material but at the same time pre-existing discontinuities 

are closer to one another (Figure 6-15). As confining stresses decrease due to the tunnel face 

advancement, stress redistributions result in crack generation. However, in this case because of the 

closer distances between pre-existing discontinuities, joint interaction has a more direct impact on 

the onset of stress induced fracturing with the generation of more shear fractures interconnecting 

rock discontinuities, with extensile fracturing initiating at these shear cracks as depicted in Figure 

6-15a from the softened interface elements (blue lines). Furthermore, volumetric strain contours in 

Figure 6-15b indicate the increase in confinement with a parallel stop of extensile fracturing 

propagation within a specific region which is dictated by the rockmass discontinuities and their 

spatial distribution. 
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Figure 6-14: Model Configuration 2 (P21=1 m/m2, Mean trace length 0.25 m, low friction 

discontinuity strength μ=0.7, GSI=77) for six analysis steps including the model state before 

(Modulus of tunnel core less than the initial modulus) and after the complete removal of the 

excavation material. (a) Stress induced fracturing due to the tunnel advancement and 

material collapse: Pre-existing joints (dark red), excavation induced extensile fractures (red) 

and shear fractures (green). Interface elements that have reached their peak strength 

(entering softening mode) in tension (blue) and in shear (pink) are also plotted. The collapsed 

material is highlighted (black dotted line). (b) Elemental volumetric strain contours due to 

deconfinement (Positive values denote contraction and negative extension). Generated 

fractures (black lines) are also plotted. 
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Figure 6-15: Model Configuration 3 (P21=1 m/m2, Mean trace length 0.50 m, low friction 

discontinuity strength μ=0.7, GSI=73) for six analysis steps including the model state before 

(Modulus of tunnel core less than the initial modulus) and after the complete removal of the 

excavation material. (a) Stress induced fracturing due to the tunnel advancement and 

material collapse: Pre-existing joints (dark red), excavation induced extensile fractures (red) 

and shear fractures (green). Interface elements that have reached their peak strength 

(entering softening mode) in tension (blue) and in shear (pink) are also plotted. The collapsed 

material is highlighted (black dotted line). (b) Elemental volumetric strain contours due to 

deconfinement (Positive values denote contraction and negative extension). Generated 

fractures (black lines) are also plotted. 
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In Configuration 4, the mean joint trace length was increased to 1 m allowing for more 

interconnectedness between the pre-existing rockmass structure and the creation of larger blocks 

of intact rock (Figure 6-16). Within this specific joint pattern, the relative absence of rock joints 

intersecting the excavation boundary promotes crack initiation at the tunnel circumference without 

significant influence from the pre-existing discontinuities (as demonstrated in Figure 6-16a). 

Further loss of confinement and subsequent crack propagation result in a fracture interaction that 

dictates the damage evolution and restrains the fractured rock material within a contained area 

bounded by sub-vertical joints. By examining the volumetric stain contours in Figure 6-16b, it can 

be inferred that confining stresses building at the top of the notch limit the extensile fracturing at 

the lower end of it, closer to the tunnel boundary, and shape the damage extent. 

For Configuration 5 and a mean trace length of 2 m, the number of pre-existing joints 

becomes less than all the other examined cases (as expected), however, the number of 

discontinuities intersecting one another becomes larger due to the higher joint persistence. As 

illustrated in Figure 6-17a, stress induced fracturing due to the deconfinement of the rockmass 

initially is of local nature surrounding sub-horizontal joints intersecting the excavation boundary. 

Shear cracks generated due to stress concentrations act as the initiation point of extensile fractures. 

At the crown, extensile fracturing is localized in two specific regions controlled by the sub-

horizontal and sub-vertical joints present, while at the invert of the excavation extensile fracturing 

is constrained by the presence of sub-horizontal joints. As confining stresses decrease further, 

discontinuities at the left side / orientation of the excavation make the rockmass fail in extension 

(Figure 6-17b) and result in the overall loss of structural integrity of the opening. 
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Figure 6-16: Model Configuration 4 (P21=1 m/m2, Mean trace length 1 m, low friction 

discontinuity strength μ=0.7, GSI=70) for six analysis steps including the model state before 

(Modulus of tunnel core less than the initial modulus) and after the complete removal of the 

excavation material. (a) Stress induced fracturing due to the tunnel advancement and 

material collapse: Pre-existing joints (dark red), excavation induced extensile fractures (red) 

and shear fractures (green). Interface elements that have reached their peak strength 

(entering softening mode) in tension (blue) and in shear (pink) are also plotted. The collapsed 

material is highlighted (black dotted line). (b) Elemental volumetric strain contours due to 

deconfinement (Positive values denote contraction and negative extension). Generated 

fractures (black lines) are also plotted. 
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Figure 6-17: Model Configuration 5 (P21=1 m/m2, Mean trace length 2 m, low friction 

discontinuity strength μ=0.7, GSI=66) for six analysis steps including the model state before 

(Modulus of tunnel core less than the initial modulus) and after the complete removal of the 

excavation material. (a) Stress induced fracturing due to the tunnel advancement and 

material collapse: Pre-existing joints (dark red), excavation induced extensile fractures (red) 

and shear fractures (green). Interface elements that have reached their peak strength 

(entering softening mode) in tension (blue) and in shear (pink) are also plotted. The collapsed 

material is highlighted (black dotted line). (b) Elemental volumetric strain contours due to 

deconfinement (Positive values denote contraction and negative extension). Generated 

fractures (black lines) are also plotted. 



206 

 

 In order to examine the rockmass response at failure in each of the aforementioned 

scenarios, the elements comprising the collapsed material in each model were sampled in order to 

examine the stress paths during the advancement of the excavation face and the subsequent 

confinement loss. In a similar fashion (as discussed in the previous section) the principal stresses 

of all the elements selected are averaged to obtain the principal stress paths. As illustrated in Figure 

6-18a, the stress paths for all fractured model configurations yield strengths less than the model for 

the intact rock. More specifically, the models that have joints intersecting the excavation boundary 

(2, 3 and 5) appear to have a lower principal stress σ1 and a higher minor principal σ3 stress at which 

cracks start forming (Point C of each respective stress path curve). The same can be inferred based 

on macroscopic volumetric strain measurements conducted, as shown in Figure 6-18b. From Figure 

6-18b it can be depicted that the rockmass scenarios that exhibit lower strengths, also exhibit a 

lower potential for volumetric strain, and therefore for extension. More specifically, the models 

that have joints intersecting the excavation boundary (2, 3 and 5) have lower peak volumetric strains 

in contraction than the case of Configuration 4. 

 For Configuration 3, the material failing at the crown of the excavation was examined in 

more detail in order to understand the fracturing mechanisms taking place at different sub-regions 

of the areal comprising the collapsed rockmass. As demonstrated in Figure 6-19, two separate 

regions (A) and (B) within the notch, with Region A (yellow) bounded by two distinct rock joints 

and Region B (brown) mainly in intact material. The stress paths acquired for each region were 

compared to the results obtained from the massive model (Configuration 1) and the overall model 

response of Configuration 3, within which distinct differences can be observed depending on the 

local presence of pre-existing joints. 
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Figure 6-18: (a) Stress paths obtained for Configurations 2, 3, 4 and 5 (P21=1 m/m2, low 

friction discontinuity strength μ=0.7, GSI= 77, 73, 70 and 66 respectively according to Figure 

6-4) of the top notch demonstrated in Figures 6-14, 6-15, 6-16 and 6-17. The letters A, B and 

C on the stress path curves indicate the initial geostatic stress state, the stage at which the 

complete removal of the excavation material takes place and the fracture initiation stage 
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respectively. Tunnel advancement is indicated by the arrow direction. The recorded stress 

values are plotted against the Hoek-Brown criterion and the damage initiation-spalling limit 

(DISL) model failure envelopes. (b) Volumetric strain vs the normalized principal deviatoric 

stress for configurations 2, 3, 4 and 5 based on the monitoring of the top notch (Crown failed 

material). The intact rock unconfined strength σci is assumed to be approximately 200 MPa. 

 

 
Figure 6-19: Stress paths obtained for Configurations 3 (P21=1 m/m2, Lt=0.50 m, low friction 

discontinuity strength μ=0.7, GSI=73) of the top notch for two distinct material regions, A 

and B, depending on their local joint geometry conditions. The letters A, B and C on the stress 

path curves indicate the initial geostatic stress state, the stage at which the complete removal 

of the excavation material takes place and the fracture initiation stage respectively. The 

numbers 1, 2 and 3 indicate for the stress paths of the sub-regions A and B (yellow and brown) 

where they correspond to the stress path of the overall failed material (purple curve). Tunnel 

advancement is indicated by the arrow direction. The recorded stress values are plotted 

against the Hoek-Brown criterion and the damage initiation-spalling limit (DISL) model 

failure envelopes. For comparison, the stress path of the massive not-fracture model 

(Configuration 1) is provided. The intact rock unconfined strength σci is assumed to be 

approximately 200 MPa. 
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6.3.2 The Effect of Discontinuity Strength 

In addition to the joint geometry pattern, another factor having a significant impact on the behaviour 

of hard rockmasses during the excavation process is the discontinuity surface condition, and 

therefore, the applied discontinuity strength. The investigation of the influence of the rock joint 

strength was conducted by employing two different joint geometry models for the same areal 

fracture intensity (P21=1 m/m2) but with different persistence (mean joint trace length 0.25 m and 

2 m respectively) and varying joint strength properties (Table 6-4). The acquired results are 

illustrated in Figures 6-20 and 6-21. 

 More specifically for Configuration 2 (mean joint trace length 0.25 m), it can be observed 

in Figures 6-20a and 6-20b that purely frictional joints yield in tension and result in significant 

stress localization, hence resulting in significant excavation induced damage, regardless of the 

applied joint friction coefficient. On the contrary, “cohesive” joints that have a cohesive, frictional 

and tensile strength produced two types of results in the conducted analyses. Initially, as illustrated 

in Figure 6-20c, for the model having the discontinuity interface elements with the same strength 

and deformability properties as the interface elements used for the simulation of the intact material 

(Tables 5-4 and 6-4), the pre-existing joints do not yield. This results in a smoother stress 

distribution around the opening due to the excavation without significant stress localization. 

Furthermore, the damage extent and evolution appear to be similar to that of a massive (without 

pre-existing structure) rockmass with some variation due to the abruptions introduced in the 

continuity of the medium due to the joints. However, a reduction in the cohesion and tensile strength 

of the joints also results in stress concentrations within the medium, with the failure mode of the 

pre-existing discontinuities being in shear and not in tension as for the purely frictional joints. 
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Figure 6-20: Minor principal stress σ3 contours and fracture evolution for four different joint 

strength scenarios for P21=1 m/m2 and mean joint trace length 0.25 m: (a) purely frictional 

joints Case A (lower friction, GSI=77), (b) purely frictional joints Case B (higher friction, 

GSI=89), (c) cohesive joints Case C (higher strength, GSI=100), and (d) cohesive joints Case 

D (lower strength, GSI=95) in Table 6-4. Fractures failing in tension (Mode I) are coloured 

white, in shear (Mode II) are coloured black, and not yielding pre-existing joints are coloured 

brown. Numbers i-iv show the model response due to the loss of confinement for the same 

steps during the analysis. The damaged extent (black dotted line) is also highlighted. 
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 By increasing the mean joint trace length from 0.25 m to 2 m, in Figure 6-21 it can be 

observed that the model response changes significantly due to the increase in joint persistence 

despite the same fracture intensity. As in the previously presented series of analyses for a mean 

joint trace length of 0.25 m, the failure mode of the discontinuities depends on their nature 

assumptions, with the purely frictional joints yielding in tension (Figure 6-21a and b) and the 

cohesive joints either not yielding (Figure 6-21c) or yielding in shear (Figure 6-21d). Despite some 

variation in the damage extent and shape, the model response for joint strength Cases 1, 2 and 4 

(Table 6-4) appears to be similar with apparent stress localizations due to the pre-existing structure. 

When the adopted joint strength properties, however, are the same as for the interface elements of 

the intact rock material, the results produced (Figure 6-21c) are similar to the massive rockmass 

model and the redistributed stresses appear to be continuous and significant stress localizations 

away from the fractured rockmass are absent. 
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Figure 6-21: Minor principal stress σ3 contours and fracture evolution for four different joint 

strength scenarios for P21=1 m/m2 and mean joint trace length 2 m: (a) purely frictional joints 

Case A (lower friction, GSI=66), (b) purely frictional joints Case B (higher friction, GSI=78), 

(c) cohesive joints Case C (higher strength, GSI=87), and (d) cohesive joints Case D (lower 

strength, GSI=84) in Table 6-4. Fractures failing in tension (Mode I) are coloured white, in 

shear (Mode II) are coloured black, and not yielding pre-existing joints are coloured brown. 

Number i-iv show the model response due to the loss of confinement for the same steps during 

the analysis. The damaged extent (black dotted line) is also highlighted. 
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6.3.3 The Influence of the In Situ Stress 

Another factor affecting the manifestation of brittle fracturing within hard excavations is the 

magnitude of the in situ stresses, and more specifically, the relative magnitude between the minor 

and major principal stresses. In order to examine the effect of the in situ stresses based on different 

joint system geometries, two different model configurations were used, namely Model 

Configuration 1 (Intact model-P21=0 m/m2) and 5 (DFN 5-P21=2 m/m2, Lt=1 m), as shown in Table 

6-3. For the analyses conducted, a simple stress field with the major principal stress σ1 being 

horizontal and equal to 60 MPa for all cases, and the minor principal stress σ3 being vertical, and 

defined as a portion of σ1 based on the lateral pressure coefficient K=4, 3, and 2, was applied. The 

field stress conditions of the models are illustrated in Table 6-6. In Figure 6-22, the models are 

illustrated in their final state after the completion of the excavation. 

 
Figure 6-22: Numerical models examined to investigate the effect of in situ stresses on the 

fracturing mechanisms. The collapsed material is highlighted black in all plots. The cracks 
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formed due to tensile failure (Mode I) are illustrated blue and the cracks formed due to shear 

(Mode II) are illustrated red. The utilized model configurations correspond to a massive-

intact rockmass (a, b, c) and a moderately fractured (d, e, f) with a P21=2 m/m2 and Lt=1 m. 

Discontinuities are assumed purely frictional with a lower friction value (μ=0.7). For K=3 and 

P21=2 m/m2 the model state is not plotted in its final state but at an earlier in order to show 

which elements were selected for calculating the stress paths in Figure 6-23. For K=4 and 

P21=2 m/m2 due to the limited extent of the failed material, the elements included in the 

highlighted zone (yellow) were used to calculate the obtained stress paths in Figure 6-23b. 

 

Table 6-6: Field stresses employed in the numerical models to investigate the effect of the in 

situ stress magnitude. The orientation of the principal stresses follow the axes of the Cartesian 

system as shown in Figure 6-22. K is the principal stress ratio σ1/ σ3 (Lateral pressure 

coefficient). 

Model DFN Configuration K σ1 (MPa) σ3 (MPa) 

1 (a) No DFN (massive) 4 60 15 

2 (b) No DFN (massive) 3 60 20 

3 (c) No DFN (massive) 2 60 30 

4 (d) DFN 5 4 60 15 

5 (e) DFN 5 3 60 20 

6 (f) DFN 5 2 60 30 

 

 By monitoring the rock material that collapsed in every case, the average principal stresses 

were obtained and the acquired stress paths are plotted within Figure 6-23. From the derived stress 

path curves, it can be seen that for both joint geometry cases, fracturing initiates for approximately 

the same level of confinement σ3 between 2% and 4% of the unconfined strength of the intact rock 

regardless of the initial stress state of the medium prior to the excavation. However, cracks are not 

formed for the intact model until the acquired stress path intersects the Damage Initiation (DI) 

envelope. The model with pre-existing fractures demonstrates a much lower strength (as shown in 

the previous sections) with the existent structure affecting the rockmass strength. 
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Figure 6-23: Normalized stress paths obtained by averaging the element stresses at the 

collapsed material of the excavation crown, as shown in Figure 6-22 for the different stress 

scenarios and for (a) the case of massive rock (intact) and (b) for the fracture geometry using 

DFN 4 (Table 6-2) with P21=2 m/m2 and Lt=1 m. Discontinuities are assumed purely frictional 

with a lower friction value (μ=0.7). The arrows show the stress path development due to the 

tunnel advancement. The intact rock unconfined strength σci is assumed to be approximately 

200 MPa. 
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Furthermore, the volumetric strain development and generated fractures were recorded, as 

shown in Figure 6-24, in order to investigate the effect of the initial minor principal stress on them. 

From Figure 6-24 it can be observed that for the models without pre-existing joints the magnitude 

of the minor principal stress affects the amount of peak volumetric strain of the material prior to 

the occurrence of any fracturing, with the model of K=4 having the greatest peak volumetric strain 

followed by the case of K=3. The model with K=2 (highest initial confinement) exhibits the least 

volumetric strain. However, all of them are of similar magnitude. Based on the cumulative number 

of fracture percentage a similar response in fracture occurrence can be observed among all three 

models following the complete removal of the material and complete loss of confinement. 

Regarding the models with pre-existing joints the peak volumetric achieved in contraction, before 

the transition to extension is of similar magnitude in all three cases without significant variations. 

In terms of fracturing, however, it can be seen that depending on the initial minor principal stress 

σ3 there is a difference in the percentage of the mobilized fractures during the tunnel advancement. 

These differences become more significant after the complete loss of confining stresses following 

the complete removal of the excavated material. 

The recorded stress induced cracks were further processed and divided into groups based 

on their failure mode during the tunnel advancement. The results are shown in the histograms in 

Figure 6-25, in which it can be observed that regardless of the pre-existing joints being present (or 

not), the initial field stress condition affects the failure mode of the stress induced cracks based on 

the percentage per group. 
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Figure 6-24: Volumetric strain and cumulative number of stress induced fracture percentage 

as a function of the analysis steps obtained from the collapsed material of the excavation 

crown for (a) the case of massive rock (intact) and (b) for the fracture geometry using DFN 4 

with P21=2 m/m2 and Lt=1 m. 
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Figure 6-25: Fracture percentage depending on their failure mode (Mode I-failure in tension, 

Mode II-failure in shear, and Mode I-II –mixed mode failure) for stress induced fractures 

obtained from the collapsed material of the excavation crown for (a) the case of massive rock 

(intact) and (b) for the fracture geometry using DFN 4 with P21=2 m/m2 and Lt=1 m. 
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22e) that for model configuration 5 (Table 6-6 - P21=2 m/m2, Lt=1 m, K=3) the numerical model 

response was quite unstable and results in widely spread stress induced damage surrounding the 

underground opening. On the contrary, for the cases K=4 and 2, the tunnel model for the same joint 

geometry and joint strength conditions, despite minimal and greater damage extents being observed 

(Figures 6-22d and f), the overall model response is stable and both of them maintain their structural 

integrity following the complete removal of the excavation material and complete loss of 

confinement. 

 More specifically, in order to investigate the stress-joint geometry interaction, initially the 

model configuration for P21=2 m/m2, purely frictional joints with a friction coefficient μ=0.7, and 

K=2 was assessed. In Figure 6-26a, crack nucleation and propagation, as confining stresses 

decrease, are recorded. Furthermore, Figure 6-26b depicts the monitored volumetric strain changes 

as the excavation face advances, hence indicating specific regions in which the material transitions 

from contraction to extension due to stress redistributions. In a similar fashion, for the same joint 

geometry pattern and joint strength conditions, for K=3, the results are shown in Figure 6-27. As 

observed, the model exhibits a rather unstable material response and the evolution of the excavation 

induced damage results in a rather catastrophic failure of brittle nature. 

 For these specific joint geometry-stress conditions, the analysis was repeated for a different 

joint friction coefficient μ=1.7, again for purely frictional joints, and the results are illustrated in 

Figure 6-28. Similar to the previous case, the joint pattern and applied in situ stresses appear to 

have the same effect on the model, with it exhibiting a rather unstable fracture initiation and 

propagation, regardless of the change in strength of the pre-existing joints. 
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Figure 6-26: Model configuration with an areal fracture intensity P21=2 m/m2, Lt=1 m and 

purely frictional joints with a friction coefficient μ=0.7 for stress scenario K=2: (a) Fracture 

nucleation and growth indicated by broken interface elements in tension (Mode I-red lines) 

and shear (Mode II-green lines), or interface elements that have reached their peak strength 

(softened elements) and are yielding in tension (blue lines) or shear (pink lines). (b) 

Volumetric strain contours for each of the recorded analysis step, with values greater than 0 

denoting contraction. Values greater than 0 denote extension. 
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Figure 6-27: Model configuration with an areal fracture intensity P21=2 m/m2, Lt=1 m and 

purely frictional joints with a friction coefficient μ=0.7 for stress scenario K=3: (a) Fracture 

nucleation and growth indicated by broken interface elements in tension (Mode I-red lines) 

and shear (Mode II-green lines), or interface elements that have reached their peak strength 

(softened elements) and are yielding in tension (blue lines) or shear (pink lines). (b) 

Volumetric strain contours for each of the recorded analysis step, with values greater than 0 

denoting contraction. Values greater than 0 denote extension. 
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Figure 6-28: Model configuration with an areal fracture intensity P21=2 m/m2, Lt=1 m and 

purely frictional joints with a friction coefficient μ=1.7 for stress scenario K=3: (a) Fracture 

nucleation and growth indicated by broken interface elements in tension (Mode I-red lines) 

and shear (Mode II-green lines), or interface elements that have reached their peak strength 

(softened elements) and are yielding in tension (blue lines) or shear (pink lines). (b) 

Volumetric strain contours for each of the recorded analysis step, with values greater than 0 

denoting contraction. Values greater than 0 denote extension. 
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6.4 Discussion of Results 

The influence of non-persistent discontinuities within hard rock excavations is of great significance 

as they directly affect the excavation induced stress magnitude and redistribution, and damage 

evolution around an unsupported opening under high magnitude in situ stresses. Based on the 

obtained results in this study, the explicit simulation of discontinuities within hard rockmasses has 

a direct impact on the damage extent and shape which is better captured by utilizing discontinuum 

approaches, as conventional modelling techniques are subjected to limitations that do not allow for 

the realistic capturing of the manifested failure mechanisms (Appendix C). 

 The stress induced damage that occurs as a result of the excavation face depends on the 

geometry of the employed joint network with the pre-existing rock joints disturbing the 

“continuity” of the intact material and acting as stress concentration, dissipation or re-direction 

entities. More specifically, the impact of the joint network geometry is initially assessed within the 

tunnel scale model by maintaining the discontinuity persistence constant (constant mean joint trace 

length equal to 1 m) and by varying the areal fracture intensity P21 between 0 m/m2 (no pre-existing 

joints) and 2 m/m2. It is noted that all models in this case were under the same in situ stress 

conditions. By comparing the damage evolution between Figures 6-5, 6-7 and 6-9, it can be 

observed that as P21 increases the surrounding ground exhibits more damage and both, the extent 

of the HDZ and the EDZ increases as well. In all three cases, the HDZ is the result of extensile 

fracturing due to the high compressive tangential stresses at the crown of the opening, with the 

damage intensity depending on the fracture intensity of the pre-existing joints. Additionally, the 

influence on the HDZ and the EDZ of the spatial distribution of rock discontinuities becomes 

evident. In Figure 6-5 it can be observed that for the massive, fracture-free rockmass the damage 

propagation follows the general direction of the in situ principal stresses, which are inclined. Shear 

fractures propagate deeper into the rockmass (Figure 6-5b) and tensile fractures within the vicinity 

of the excavation boundary are formed, due to extension along the tunnel circumference, following 



224 

 

the direction of the major principal stresses (Figure 6-5c). This results in blocks of rock detaching 

and the formation of a v-shaped notch due to the material collapse (Figure 6-5d). This was also 

captured by the monitored stress paths demonstrated in Figure 6-6, with the rockmass stress path 

(red line) intersecting the damage initiation (DI) envelope at the initiation of fracturing and the 

subsequent decrease in stresses until the material collapses. However, once the rockmass is 

explicitly simulated that ceases to be the case. As illustrated in Figure 6-7a for P21=1 m/m2 and 

Lt=1 m, fracturing initiates closer towards the middle of the crown due to the presence of two major 

sub-vertical joints that influence the redistributed stresses. Stress induced cracks forming are re-

directed and interact with the pre-existing joints (Figure 6-7b) and further fracture growth is 

contained within the sub-vertical structure that constraints the damage extent (Figure 6-7c). The 

formed EDZ is larger in extent than in the case of the massive rockmass, however, the HDZ despite 

being redirected (when compared to the HDZ of the fracture-free model) is of similar magnitude 

due to the extent of the intact rock material at the crown (Figure 6-7d). The influence of the pre-

existing joints is also reflected on the acquired stress paths (Figure 6-8). As observed, fracturing 

initiates at a lower stress level than the one estimated by the DI envelope, with the obtained stress 

path situated between the Hoek-Brown strength envelope for GSI=70 and spalling limit strength 

envelope. The effect of the pre-existing discontinuities on the development of the HDZ and EDZ 

at the crown of the opening becomes even more profound when P21=2 m/m2 (Figure 6-9). The 

existence of some minor sub-horizontal joints results in a stress localization at approximately the 

middle of the crown that triggers fracture initiation (Figure 6-9a). Crack propagation is then 

redirected because of a major sub-horizontal joint acting as a stress barrier, hence promoting 

damage towards a direction different that the field stress orientation (Figure 6-9b). Crack growth is 

contained by sub-vertical joints which bound an area within which confinement is building hence 

preventing further fracture propagation (Figure 6-9c). Extensile fractures forming the HDZ are 

constrained by the pre-existing structure leading eventually to the collapse of the highly damaged 



225 

 

rock material (Figure 6-9d). The significant impact of the rock joints present can also be observed 

in Figure 6-10. From the stress path of the rockmass within the HDZ of the notch of the excavation 

crown, it is demonstrated that material fails at a significantly lower stress combination, with 

fracture initiation occurring as soon as the acquired stress path intersects the spalling limit envelope. 

After fracturing has initiated, the obtained stress path is in between the Hoek Brown strength 

envelope for GSI=60 and the spalling limit envelope. This highlights the significant influence of 

the rockmass structure on the material strength and the importance of being able to capture the 

stress-induced-pre-existing fracture interaction within the numerical model. Therefore, through the 

acquired stress paths of the collapsed material (Figures 6-6, 6-8 and 6-10), the impact of non-

persistent joints on the rockmass strength, and its subsequent decrease when P21 increases, at a 

tunnel scale becomes evident. It has to be noted that it is not only the rockmass strength that controls 

the brittle failure process but also the rockmass potential for extension. In Figure 6-11, the response 

of a single interface element within the intact rock is illustrated, and based on the derived Mohr 

circles its yield in extension, as a result of the decrease in confinement, can be observed. 

Furthermore, three different crack elements in these three model configurations were monitored in 

terms of their minor principal strain ε3. As observed in Figure 6-12, the interface elements for the 

intact material fracture under very specific minor principal stress σ3 and strain ε3 conditions, hence 

demonstrating that both confinement and potential for extension govern the brittle fracturing 

processes and it is their combination that leads the crack elements to break the intact material. By 

transitioning to a larger rockmass scale in order to investigate the effect of the pre-existing joints 

on the rockmass extensile potential, it can be inferred from Figure 6-13 that both the minor principal 

strain ε3 and volumetric strain εvol of the rockmass achieved before the initiation of fracturing 

decrease when P21 increases. Stress and strain localizations occurring due to the presence of non-

persistent joints result in more crack elements to reach the critical confinement-extension 
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combination that weaken the rockmass, decrease its strain capacity and eventually lead to material 

collapse. 

 By maintaining the areal fracture intensity the same (P21=1 m/m2), the influence of joint 

persistence on the evolution of excavation induced damage was examined. A comparison of the 

results obtained illustrated in Figures 6-14, 6-15, 6-16 and 6-17 demonstrates that the joint 

persistence and the spatial distribution of joints are dominant factors of the manifested fracturing 

mechanisms due the loss of confinement with each model exhibiting a unique behaviour. For a 

mean joint trace length of 0.25 m (Figure 6-14a), rock joints are located closer to one another and 

fractures initiated at their joint tips are able to easily interact with one another as a result of the 

shorter distance required for them to propagate until intersection. These interacting fractures 

promote the initiation of tensile cracks (interface elements entering softening mode in tension), 

however, due to the dilation of the stress induced fractures that have been formed, confinement 

builds and any further crack propagation is prevented (Figure 6-14b). An increase in persistence 

(mean joint trace length of 0.50 m and 1 m respectively) and the subsequent changes in the spatial 

distribution of pre-existing rock discontinuities (Figures 6-15 and 6-16) results in an increase in 

their distance and therefore the presence of larger blocks of intact rock. In Figures 6-15a and 6-16a, 

it can be observed that propagating fractures are required to cover longer distances until they start 

interacting which also limits the number of interface elements that go into softening mode in tension 

due to the stress redistribution that becomes more uneven and less uniform, as indicated by the 

volumetric strain contours (Figures 6-15b and 6-16b). At this point it has to be noted that due to 

their higher persistence, pre-existing joints are more likely to intersect directly (Figure 6-16). This 

is a factor that significantly alters the rockmass response, as demonstrated in Figure 6-17. More 

specifically, it can be observed that the rockmass response during the excavation is driven mostly 

by the presence of major sub-horizontal joints intersecting the tunnel boundary. These joints are 

mobilized due to the low confinement conditions created as a result of the manifested highly 
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anisotropic stress regime and the joint significant length. Moreover, they act as stress localization 

points at the crown and floor of the excavation where spalling processes take place. The overall 

structural stability of the excavation however, is mainly compromised by the structural integrity of 

the sidewalls due to these major, highly persistent, sub-horizontal discontinuities. By examining 

the stress paths and volumetric strain of the failed material recorded (Figure 6-18), a definite trend 

of the persistence impact on the rockmass strength for a given P21 cannot be observed. Most mean 

joint trace length scenarios produced similar stress and volumetric strain paths. However, the joint 

geometries in these scenarios have a similar characteristic in that the pre-existing joints intersect 

the excavation boundary. Joints intersecting the tunnel boundary decrease drastically the average 

rockmass strength locally and have a significant influence on the rockmass response due the 

reduction of confinement. This local weakening allows for more damage that promotes stress 

induced-pre-existing fracture interaction. This average rockmass response, however, is the resultant 

effect of quite different mechanisms as illustrated in Figure 6-19, with specific regions containing 

joints not behaving in a similar manner as regions that intact material dominates, hence highlighting 

the importance of joint spatial distribution in rockmass fracturing. 

 Furthermore, joint strength is another important factor controlling failure in hard rocks with 

non-persistent joints. In Figure 6-20, it was shown that by maintaining the same joint geometry 

pattern, material failure is manifested in different ways. By examining extreme strength property 

values for a network with mean joint trace length equal to 0.25 m and P21=1 m/m2, purely frictional 

discontinuities produced similar results in terms of the HDZ depth, but slightly different damage 

extents along the tunnel boundary (Figures 6-20a and b). As such, it can be inferred that the joint 

network geometry appears to have a more dominant role in the fracturing processes than joint 

strength for the given network geometries. However, different discontinuity strengths result in a 

different mobilization of the purely frictional, pre-existing structure within the proximity of the 

underground opening which leads to these deviations. A similar response is observed for the second 
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joint network with a mean joint trace length of 2 m (Figure 6-21a and b). By changing the 

discontinuity behaviour from purely frictional to cohesive, the rockmass response is also affected, 

as demonstrated in Figures 6-20c, d and 6-21c, d. An increase in cohesion, tensile strength, friction 

angle and fracture energies to match the adopted values of the interface elements leads the rockmass 

to behave almost as a massive material with the discontinuities not yielding but still dictating 

fracture propagation due to stress localization for both joint geometries. This results in a failure 

mechanism similar to the one observed for the intact model (Figure 6-5) and more uniformly 

distributed stresses around the opening. Decrease in cohesion, tensile strength and fracture energies, 

as in the case of the purely frictional joints, resulted in the yielding of the discontinuities which 

interact with the stress induced fractures, thus affecting the stability of the excavation. In terms of 

the inflicted damage at the crown and floor of the tunnel, for both geometry cases (Figures 6-20c, 

d and 6-21c, d), the obtained results show a similar response to the models with the purely frictional 

joints. Therefore, it can be inferred that the joint geometry pattern, joint persistence and joint spatial 

distribution are the main governing factors driving stress induced failure, while discontinuity 

strength appears to have a weaker effect unless increased at really high values that match the values 

of the intact material for these specific discontinuity networks. However, differences in the σ3 

distribution at the sidewalls can be observed when comparing cohesive joints to their purely 

frictional counterparts, as stress localization appears to be weaker due to the cohesive strength 

component of the joints. It has to be noted that higher discontinuity strength parameters, other joint 

orientations, as well as the effect of the impact of the joint penalty terms were not examined in this 

research body and will be part of future work. 

 In the aforementioned model results, joint network geometry and strength was thoroughly 

examined from multiple aspects in order to investigate the impact of pre-existing joints in hard rock 

excavations under specific stress conditions. Further investigation focused on examining the impact 

of the in situ stresses on the brittle fracturing processes for a given joint geometry. In Figures 6-
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22a, b and c, it can be seen that for the massive rockmass case and the same mesh topology, the 

damage extent and shape for both the HDZ and EDZ are influenced as the lateral pressure 

coefficient K changes. While from a stress path point of view, it can be inferred from Figure 6-23a 

that the mechanisms driving the initiation of fracturing are relative insensitive to the changes of K 

under such loading conditions, in Figure 6-24a it can be observed that the initial confinement 

influences the peak volumetric strain in contraction before fracture initiation. Furthermore, stress 

induced fractures within a massive material seem to be generated at a faster rate for higher K values, 

with their nature also varying, as shown in Figure 6-25a. Higher initial σ3 values result in more 

excavation induced shear fractures and less extensile cracks, with the number of shear cracks 

decreasing and the extensile fractures increasing as the K ratio increases (decrease in the σ3). For 

the second case in which pre-existing joints are present, similarly to the massive rockmass tunnel 

model, damage depth and extent both for the HDZ and the EDZ are affected by the applied stress 

field. Pre-existing joints result in a more complex response where the employed joint pattern and 

field stress conditions produced unique results (Figure 6-22b). From a stress point of view, similar 

to the massive rockmass model, fracture initiation mechanisms for the overall material behaviour 

appear to be insensitive for a varying K according to the stress paths recorded demonstrated in 

Figure 6-23b, with fracture initiation controlled by a critical σ3 threshold. Volumetric strain 

measurements in this case show that a similar peak volumetric strain in contraction is reached at 

fracture initiation with only slight differences occurring (Figure 6-24b). However, pre-existing 

discontinuity mobilization before the complete loss of confinement appears to be influenced by the 

initial σ3 value. It can be inferred from Figure 6-24b that a lower K ratio provides more confinement 

to the pre-existing joints prior to fracture initiation and the number of rock joints yielding is less 

than in the case of a higher K ratio value. Such conditions could be encountered for deep 

excavations within valley regions where locked-in stresses due to tectonism may be considered 

approximately constant but the overburden varies as a result of the changing topography. Regarding 
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the nature of the stress induced fractures, obtained results are not conclusive but, it can be inferred 

from Figure 6-25b that higher, initial σ3 values (lower K ratios) result in the generation of more 

extensile fracturing, in a similar fashion as an intact, massive material, while higher K ratio values 

result in more shear induced cracks. 

 In order to investigate this complex in-situ stress-pre-existing joint interaction, the results 

for model configuration 6 (P21=2 m/m2, mean joint trace length 1 m) and for K ratio values 2, 3 and 

4 (Figure 6-22d, e and f) were examined in more detail. In Figure 6-22d it can be observed that for 

K=4, the specific joint geometry produces an extensive, damaged region but only minor collapses, 

as most of the accumulated strain energy is consumed via the fracturing process and the generation 

of stress induced cracks. However, in the other two cases (K=2 and 3 respectively) major collapses 

occur as a result of the loss of confinement due to the advancing face. For these two cases, by 

comparing Figures 6-26a and 6-27a, and under the assumption of purely frictional joints with μ=0.7, 

the tunnel advancement results in more stress induced damage (softened interface elements) in the 

case of K=2 up to the analysis Step 140, due to the higher initial magnitude of the field stresses. 

However, the stress-induced crack-pre-existing joint interaction and the subsequent stress 

redistributions lead to a rather complex response. More specifically, by following the results of the 

analyses from Steps 155 through 200 the propagation of a tensile crack located at the upper part of 

the left sidewall, as a result of the stress localization due to a sub-horizontal pre-existing joint, stops 

in the case of K=2. However, when K=3 more complex stress conditions occur that allow for the 

further propagation of that tensile crack (Figure 6-27a). This tensile crack causes the detachment 

of a massive block from the main rockmass body and an abrupt change in the tunnel boundary 

geometry at the left sidewall. This geometrical change in the tunnel circumference triggers the 

generation of a massive number of new fractures that compromise the overall stability of the 

opening and its subsequent massive collapse. These rather odd stress conditions under which this 

opening fails are further examined by using the volumetric strain contours in Figures 6-26b and 6-
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27b. By comparing the two cases, the model with the highest initial σ3 (K=2) has allowed for more 

confinement to be built at the left and right sidewalls as a result of the joint geometry network 

employed. Despite the more accumulated damage, this confinement maintains the structural 

integrity of the sidewalls and the overall opening stability. On the contrary, for the case of K=3, 

due to the stress redistribution and joint geometry pattern, the sidewalls of the opening are at a more 

intense extensile state (Figure 6-27b) that does not allow for confinement to be built, hence 

resulting in the collapse of the sidewalls and the massive failure of the opening. Despite the increase 

of the friction coefficient to μ=1.7 (Figure 6-28), the model produces similar results with a 

catastrophic failure. Regardless of the different mobilization of the pre-existing joints due to the 

different joint strength, the model response is dominated by the joint network geometry and the 

applied field stresses which control the manifesting fracturing initiation and propagation. 

6.5 Conclusions 

In this chapter, the FDEM method was employed in order to examine the impact of non-persistent, 

pre-existing joints within hard rock excavations under high magnitude stresses on the fracturing 

processes and brittle damage surrounding an underground opening. The models developed aimed 

at highlighting the complexities involved in brittle fracturing under various joint network 

geometries, joint strength and stress conditions due to the loss of confinement as the tunnel face 

advances. Additionally, the excavation induced fracture-pre-existing discontinuity interaction was 

examined in order to provide a better insight of the rockmass response during a deep, underground 

excavation. 

 By generating different DFN geometries and integrating them into the numerical model, 

the influence of the joint network geometry on the excavation induced damage surrounding the 

underground opening was examined. By maintaining the same anisotropic stress field, joint nature 

(purely frictional behaviour), strength and persistence (mean joint trace length), the areal fracture 

intensity P21 was investigated for three different values, namely 0, 1 and 2 m/m2. As observed, the 
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presence of the pre-existing joints affects significantly the rockmass response during an excavation 

and the manifestation of the brittle fracturing mechanisms, which are controlled both by the 

rockmass strength and its extension potential at low confinement environments. An increase in P21 

(increase in joint number since persistence is maintained the same for all models) showed a 

decrease in the overall rockmass strength and its capacity in extension, with both of them governed 

by the intact rock bridges and discontinuities within the vicinity of the opening. 

 After examining the impact of P21 on the material behaviour, the effect of persistence was 

investigated for a constant P21, again under the same stress and joint strength conditions. Higher 

persistence (larger mean joint trace length) resulted in less but longer discontinuities within the 

rockmass that were easier to intersect one another. Model results showed that for a given P21 value 

damage extent and shape can vary significantly depending on how pre-existing joints are mobilized, 

and the main factor affecting the material behaviour as the tunnel advances is the spatial 

distributions of these joints and their location in space relative to the excavation boundary. 

 Following the assessment of the joint network geometry on brittle fracturing due to low 

confining stresses around an underground opening, multiple joint strength scenarios for two DFN 

geometries were investigated in order to evaluate the impact of discontinuity strength. Model 

results demonstrated that regardless of the DFN geometry, pre-existing joints are mobilized in a 

different way depending on their nature (purely frictional or cohesive). In this study and under 

specific in situ stress conditions, purely frictional joints yielded in tension despite the friction 

coefficient used, followed by the formation of tensile wing cracks at their tips. For the cohesive 

joints, depending on the cohesion, tensile strength and fracture energies used, yielding was either 

not observed (very high strength values) or they yielded in shear. Joint strength scenarios for either 

purely frictional or low strength cohesive discontinuities (discontinuities that yielded) damage 

extent and shape for a given joint network pattern did not vary significantly, if that was to occur. 

On the contrary, models with significantly high joint strength parameters (values used being the 
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same for the interface elements simulating the intact rock) exhibited a behaviour closer to that of a 

massive, intact model, with the pre-existing joints, however, acting as stress localization points 

dictating the fracture propagation. In general, it could be inferred that damage evolution is primarily 

driven by the joint network geometry and in situ stress regime and joint strength may have some 

but not significant effect. However, more DFN geometries have to be tested in order to further 

validate those results. Future work will focus on the impact of the pre-existing joint penalty terms 

on brittle fracturing due to an excavation, as well as higher joint strength values, different joint 

orientations and a larger number of discontinuity network geometries. 

 Regarding the effect of the in situ stress impact on brittle failure, the massive and the model 

with P21=2 m/m2 with mean joint trace length equal to 1 m were examined under different K ratio 

cases with the major principal stress σ1 being equal to 60 MPa in all scenarios. While the initial in 

situ σ3 did not appear to affect the fracture initiation mechanisms in both joint geometries cases, 

which were primarily driven by the initial joint network geometry, the damage shape and extent 

varied depending on the initial field stresses, especially for the model with the pre-existing joints. 

Additionally, the nature of the stress induced cracks exhibited differences depending on the adopted 

K ratio, as well as the mobilized pre-existing joints. In the massive model a higher K ratio resulted 

in more extensile fracturing, while in the fractured model shear fractures dominated over the 

fractures created due to tensile failure. 

 Finally, the stress-induced fracture-pre-existing joint interaction was examined in detailed 

revealing the high complexity of the behaviour of hard rockmasses with non-persistent joints during 

a deep, underground excavation. For the same joint geometry pattern (P21=2 m/m2, mean joint trace 

length 1 m) and K ratios 2 and 3, numerical analyses showed that the model with the higher mean 

stress (K=2) resulted in an excavation that maintained its stability despite the initial more intense 

excavation induced damage. On the contrary for the K=3 scenario, despite the less initial damage, 

unstable crack propagation at the sidewalls resulted in the structural integrity of the opening to be 
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compromised, hence leading to its catastrophic collapse. While this is at some extent 

counterintuitive, the numerical models show not only the great significance of the interaction 

between stress-induced fractures and pre-existing joints, but also the critical role of the joint 

network geometry under specific stress conditions. 
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Chapter 7 

Assessment of Strain Bursting in Deep Tunnelling by Using the FDEM 

Method 

An extended version of this chapter has been accepted for publication in the Journal of Rock Mechanics and 
Geotechnical Engineering: 
Vazaios, I., Diederichs, M.S. and Vlachopoulos, N. 2019a. Assessment of Strain Bursting in Deep Tunnelling 
by Using the FDEM Method. Journal of Rock Mechanics and Geotechnical Engineering, (Accepted June 
10th 2018) Manuscript number: JRMGE_2018_146. 
 

7.1 Introduction 

At great depths and in massive and/or highly interlocked rockmasses, high stress concentrations 

induced by underground excavations result in brittle fracturing that may be non-violent or explosive 

in nature. Depending on the nature of the occurred fracturing, brittle failure in hard rocks and 

rockmasses can be divided into two main categories including spalling and strain bursting 

(Diederichs, 2007). Spalling is the result of visible extensile fracturing under high compressive 

stresses. While spalling is associated with excavations in hard rockmasses and is brittle in nature, 

it is not necessarily a violent process, and it is commonly encountered in crystalline rocks at low 

confinement environments around underground openings under high stresses. Spalling in some 

cases can be driven by time-dependent associated phenomena. On the contrary, strain bursting 

(rockbursting) occurs as the result of an explosive rupture of a rock volume from an excavation 

wall due to the high in situ stress regime. In spalling, rock extensile fracturing can occur ahead of 

the actual rockburst or strain burst event. The resulting disturbance in the stability of the 

underground opening by the formation of thin parallel slabs leads to a sudden release of stored 

strain energy (Diederichs, 2007; 2014). The focus of the present paper is the explosive failure due 

to rockbursting and strain bursting phenomena. 

 The problem of brittle failure in deep excavations has been the topic of interest of various 

researchers either associated with mining operations (Hoek, 1968; Hoek & Brown, 1980a; Wagner, 
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1987; Kaiser, et al., 1995; Martin, et al., 1997; Read, 2004) or tunnelling processes (Kaiser & 

McCreath, 1994; Lee, et al., 2004; Diederichs, et al., 2004). More specifically, regarding 

rockbursting, there are various mechanisms that can lead to it in mining. These include pillar 

failures due to stress concentrations at the pillar core that exceed its strength capacity and the overall 

system is transitioning to unloading as the mine geometry changes, induced sympathetic strain 

bursts due to stress wave propagation with large scale mining that results in large stress changes, 

seismically induced ground falls involving previously damaged rock, etc. (Diederichs, 2018). 

 In deep tunnelling, however, complex stress paths within the vicinity of the excavation, as 

the tunnel advances, result in strain bursting (Kaiser, et al., 1995) at the walls and the face of the 

excavation, with or without structural control (Diederichs, et al., 2013). Phenomena such as this in 

tunnelling operations, which involve stress changes, energy storage and release mechanisms, are 

of a more local nature and are usually coincident to the excavation boundary (Diederichs, 2014; 

2018). The observed failure mechanism in such cases is one of dynamic rupture due to the high 

magnitude induced stresses, with the extent and intensity of the failure controlled by the presence 

or not of pre-existent discontinuities, and the overall rockmass-tunnel system. 

 Bursting in massive or highly interlocked rockmasses can be triggered as a result of rapid 

strain energy release following the rockmass failure or due to the propagation of strain waves due 

to adjacent excavations or major rockmass structural features (e.g. faults). The seismicity in 

tunnelling is generated primarily by the rockmass itself with dynamic rupture events occurring 

close to the active excavation face, involving the buckling of fractured rock or being ejection based. 

In Figure 7-1, a few examples of strain burst phenomena of different dynamic intensities are 

illustrated. 

 Semi-empirical approaches and numerical modelling are some of the tools available in 

assessing such phenomena. In this chapter, the hybrid finite-discrete element method (FDEM) is 

utilized in order to provide a better understanding of the fracturing mechanisms taking place during 
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strain burst events in deep hard rock excavations by using the software package Irazu 

(Geomechanica Inc., 2017). In order to investigate the brittle fracturing of hard rockmasses under 

high magnitude stresses, the well documented case of the Atomic Energy of Canada Limited’s 

(AECL) Underground Research Laboratory (URL) (Martin, 1994; Martin, et al., 1997; Chandler, 

2003) was utilized for the initial calibration of the model. Following that, three different model 

geometries were developed in order to simulate a massive rockmass (fracture free) and two highly 

interlocked rockmasses (two different fracture intensity cases) for five different in situ stress 

scenarios. 

7.2 Strain Burst Mechanics 

As previously mentioned, for underground excavations associated with tunnelling, the primary 

contributor to strain bursting phenomena is induced seismicity by the rockmass itself around the 

excavation boundary. Furthermore, stress changes and blasting operations away from the active 

face can generate structural seismicity. However, strain burst events at or within the proximity of 

the active excavation face are the most common case regardless of the dimensions and shape of the 

underground opening. 

 In Table 7-1, the various mechanisms and qualitative intensity levels are listed, according 

to the Canadian Rockburst Handbook. However, these levels were developed mostly for mining 

operations, and therefore may not be appropriate for tunnelling excavations depending on the 

employed construction method, the excavation size and the overall operation environment. In 

isolated tunnelling sites, the main class of behaviour usually observed is bulking with ejection, as 

described in Table 7-1. Confinement provided by normal static support in such cases may be 

adequate in terms of assisting with energy dissipation during rupture through the mobilisation of 

friction. The bursting rock in this case may either be retained or detach under the influence of 

gravity. However, failure of the support may result in excess energy that has not dissipated and lead 

in ejected blocks. It has to be noted that rock blocks failing as a result of gravity do not present 
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safety risks that are a lot different than rockbursting, whether it is following a seismic event or not. 

The installation of a statically appropriate support system can maintain the structural integrity of 

the rockmass if the expected events are limited in energy. Note that there have been many advances 

in dynamic energy absorbing support since Table 7-1 was published and so the energy limits are 

lower than current criteria. When more dynamic rupture within the vicinity of the tunnel is possible, 

support with an enhanced displacement capacity may be required for additional safety. 

 

 

Figure 7-1: Examples of rockbursts: (a) Major burst in a TBM drive; (b, c, d) Minor, 

Moderate and Major burst in a drill and blast heading (Pictures courtesy of Dr. Mark S. 

Diederichs). 
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Table 7-1: Rockburst mechanisms and primary indicators of severity and damage (Adopted 

from the Canadian Rockburst handbook, Kaiser, et al., 1995). Experience from tunnels shows 

primarily bulking with or without ejection. 

Damage 

mechanism 

Damage 

severity 

Cause of 

rockburst 

damage 

Thickness 

(m) 

Weight 

(kN/m2) 

*Closure 

(mm) 

ve 

(m/s) 

Energy 

(kJ/m2) 

Bulking 

causing 

ejection 

Minor Highly stressed 

rock with 

significant 

stored strain 

energy 

<0.25 <7 50 1.5-3 Not critical 

Moderate <0.75 <20 150 1.5-3 2 to 10 

Major <1.50 <50 300 1.5-3 5 to 25 

Ejection by 

remote 

seismic 

event 

Minor Seismic energy 

transfer to 

jointed or 

broken rock 

<0.25 <7 <150 >3 3 to 10 

Moderate <0.75 <20 <300 >3 10 to 20 

Major <1.50 <50 >300 >3 20 to 50 

ve is the velocity of displaced or ejected rock; *closure expected from an effective support system 

 

 For strain bursting in tunnels (not triggered by remote events) the following conditions are 

necessary (Diederichs, 2014): 

 Stress concentration 

 Confinement Reduction 

 Brittle Fracturing 

 Energy Storage 

 Rapid Energy Release Mechanism 

 Volume of rock in motion (total energy) 

7.2.1 Stress Concentration 

For a tunnel boundary not within the vicinity of an active excavation face, stress concentrations 

arise with the maximum wall stress (σmax) expressed in terms of the principal stresses (major σ1 and 

minor σ3) according to Equation 7-1 for in-plane circular sections: 
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σmax=3×σ1-σ3 [7-1] 

 

with more complex tunnel geometries leading to more complex stress redistributions and therefore 

localised increases and decreases in stresses. Field stresses are usually expressed as a function of 

the overburden weight and the lateral pressure coefficient K, which correlates the vertical and 

horizontal stress components. The lateral pressure coefficient depends on the geological field 

conditions and is usually found within a range between 0.5, for highly relaxed or extensional 

environments or for slope-tunnels, to values equal to 5 or 6 in near surface, unfaulted environments, 

and 1.5 to 2.5 for tectonic regimes. However, it has to be noted that for hard rock conditions, the 

coefficient K is only used for convenience as the horizontal stresses are mainly controlled by the 

tectonic forces and not the overburden stresses. Additionally, depending on the geometrical features 

of the excavation, high stress concentrations created at the steep corners of square openings can 

pose a potential hazard where bedding or persistent jointing is present and sub-parallel to or slightly 

inclined to the excavation surface. Furthermore, the direction of the principal stress components 

may result in complex stress concentrations at the excavation face, with high out-of-plane and along 

the tunnel alignment stresses creating a zone of elevated stresses along the opening contour, while 

the core of the face is relaxing; hence leading to an increased burst potential. 

 Moreover, stress concentrations can be generated as a result of contrasting material 

stiffnesses at a close distance from the tunnel face, hence generating both an enhanced stress 

concentration and a localized energy release. Stiffer formations that are less susceptible to 

deformation attract more stresses. These concentrated stresses lead the material to exceed its 

strength capacity and fail prematurely. On the contrary, softer, more ductile units adjacent to the 

stiffer units act as an energy reservoir for ejection. As the stiffer units attract more of the induced 

stresses as the excavation advances, more stress damage is accumulated within them and the 

potential for bursting increases. As the stiffer units attract more stresses away from the softer more 

ductile units, this creates the conditions for a more violent dynamic rupture in terms of stored strain 
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energy and the subsequent kinematics, with the softer rock increasing the potential for ejection after 

failure. With the advancement of a tunnel excavation within alternate units moving from stiffer to 

softer rocks, the potential for face or heading instabilities increases drastically as the zone between 

the face and the softer rock overloads and possibly buckles. In such a case, and depending on the 

magnitude of the in situ stresses, conditions may be favorable for rockbursting. 

7.2.2 Confinement Reduction 

The response of hard rock excavations and the subsequent brittle fracturing occurring are very 

sensitive to the existent confinement conditions. The low confinement environments encountered 

at the proximity of the underground opening contour promote and enhance brittle fracturing due to 

the high magnitude tangential stresses generated parallel to the tunnel surface. As a result of these 

high magnitude compressive stresses, the potential for violent buckling or sudden asperity rupture 

and shear increases, hence leading to rockbursting. 

 Deconfinement of rockmass structure sub-parallel to the excavation surface combined with 

increased coplanar excavation induced stresses can lead to sudden failure, as small amounts of 

dilation nullify the effects of small interlocking asperities. Furthermore, depending on the 

excavation geometry, the flat walls and steep corners of square openings do not allow for an optimal 

stress redistribution. Additionally, the removal of unstable blocks and the loss of a smooth cross-

sectional profile can lead to dynamic rupturing, particularly in rockmasses with a prevalent 

structure. 

7.2.3 Brittle Fracturing 

The combination of tensile damage and decrease in confinement play an important role in stress-

induced failure of hard rocks at great depths. Extensile fracturing at low confining stresses 

encountered at and close to the excavation boundary occurs as a result of exceeding the rockmass 

strength controlled by damage initiation mechanisms that are relatively insensitive to confinement 

and by facture propagation mechanisms that govern the rockmass response at low confining stresses 
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(Diederichs, 2003). This results in micro-crack damage accumulation leading to a crack intensity 

that is critical for crack interaction and coalescence. This eventually results in spalling and/or 

slabbing of the rockmass surrounding the underground excavation. While spalling is not bursting, 

the extensile fractures that run parallel to the major principal stresses (tangential stresses) around 

the tunnel circumference can create the potential for buckling or other sudden energy release. 

7.2.4 Energy Storage 

The capacity of a rockmass to store energy is associated with its strength and deformability, with a 

simple unconfined compressive strength (UCS) test being the simplest indicator of energy storage. 

The ratio between the UCS and tensile strength of a hard rock (UCS/T) is commonly used in order 

to quantify the brittleness of rock and provide a predictor of rockburst potential (Diederichs, 2007). 

The stress paths within the rock originating from the in situ condition to the stress state at the tunnel 

walls or excavation face govern the rockmass response and the subsequent energy storage and 

release. Rockmasses under high magnitude confining stresses have the capacity to store more strain 

energy prior to deconfinement; hence leading to a greater potential for bursting. Furthermore, 

structure parallel to the tunnel wall or induced fracturing parallel to the opening boundary can store 

energy through loading parallel to the fracture surfaces with buckling eventually leading to a violent 

energy release. The maximum-minimum stress ratio and stress direction control the extent at which 

structure can control stress-induced rupturing. 

7.2.5 Rapid Energy Release 

Brittle failure is a function of a high unloading modulus leading to a rapid strain energy and stress 

release. While this is an important contributor to the ejection energy, most of it comes from the 

rockmass surrounding the failing block. In terms of the geometry of the underground opening, flat 

tunnel faces or walls provide a less stiff system yielding to a higher available energy for ejection, 

when compared to circular openings. In tunnelling operations, over-scaling and the following loss 

of the arched or circular profile can have a great impact on the rockburst potential. While it is 
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important to remove statically compromised rock blocks from the construction site, uncontrolled 

scaling that significantly alters the cross-sectional geometry is to be avoided (Diederichs, 2014). 

Confinement provided through the support system can suppress dilation and maintain the effect of 

internal friction once fracturing has occurred. 

7.2.6 Volume and Total Energy Release 

Tunnel openings of larger diameters are prone to generating greater failing rock volumes due to 

bursting events if the failure occurs after the final profile has been created (independent to the 

excavation staging). A slower staged excavation sequence creates a larger number of smaller 

disturbances. This radiated energy can nullify the time-dependent stress and strain redistribution 

ability of the rockmass, hence causing unexpected internal failure. Pervasive geological structures 

can connect larger volumes of rock and create the conditions for a rapid energy release 

simultaneously with the event of failure (Diederichs, 2014). 

7.3 Development of the Numerical Model 

Various researchers have utilized different numerical methods in order to assess brittle fracturing 

in rockmass excavations, varying from the application of continuum techniques (Hajiabdolmajid, 

et al, 2002; Diederichs, 2007) to discontinuum (Potyondy & Cundall, 2004), and hybrid finite-

discrete element approaches (Lisjak, et al., 2014), as described in Chapter 7. More specifically, for 

the simulation of excavations within hard, massive and/or highly interlocked rockmasses, the use 

of continuum models based on the cohesion-weakening-friction-strengthening (Hajiabdolmajid, 

2001) and damage-initiation-spalling-limit (DISL) (Diederichs, 2007) approaches has been 

adopted. Within these two approaches the numerical simulation is based on decreasing the assigned 

cohesional component and increasing the assigned frictional component of the material strength 

expressed as a function of plastic strain in the first case, and the Hoek-Brown criterion (Hoek, et 

al., 2002) parameters in the latter respectively. The distinct element method (DEM) has also been 

used in order to simulate explicitly the stress fracturing (Potyondy & Cundall, 2004) and grain 



244 

 

based models (GBM) utilizing discontinuum mechanics have been used to simulate brittle 

fracturing (Shin, 2010; Farahmand, et al., 2017). All of the aforementioned techniques have been 

employed in order to simulate the rockmass conditions encountered at the URL Test Tunnel, as 

shown in Chapter 5. The URL case is used in this chapter for the initial calibration of the FDEM 

model as well, and further details of the geological setting of the URL Test Tunnel and the 

numerical model calibration can be found in Chapter 5. The model parameters used are listed in 

Table 7-2. 

The numerical model consists of 60 m × 60 m general domain in order to secure that 

boundary effects would not create any implications during the simulation process (Vlachopoulos 

& Diederichs, 2014). This general domain was divided into four sub-domains, namely the 

excavation domain (Domain A), the refined domain (Domain B), the intermediate domain (Domain 

C) and the coarser domain (Domain D), as shown in Figure 7-2. The refined domain with a size of 

15 m × 15 m surrounding the excavation is comprised of elements of approximately 0.03-0.05 m 

in order to ensure that fracture initiation and propagation would not be influenced by the mesh 

topology. For the rest of the domains that fracturing was not expected, the element size was 

modified accordingly in order to optimize the computational cost without compromising the 

accuracy of the numerical results. Furthermore, at the outer boundary of the model a “pin” 

absorbing boundary condition was employed in order to simulate the far field conditions, as 

discussed in the previous chapters. 

 After establishing the general dimensions of the FDEM model, three main geometrical 

model configurations are created in order to investigate the effect of pre-existing joints on strain 

bursting phenomena. The first configuration does not include structure and the rockmass conditions 

correspond to these of a massive, hard rock. The second and third configurations include rockmass 

structure by integrating discrete fracture networks (DFNs) into the numerical model. The DFN 

models were generated within the Irazu code and consist of two joint sets, one sub-vertical (dip 
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approximately 800) and one sub-horizontal (dip approximately 100). The density and persistence of 

the two joint sets were determined by assigning a specific areal fracture intensity value (P21) (sum 

of joint trace lengths/mapping area containing these traces) and a fracture trace length normal 

distribution, in order to achieve fracture conditions similar to the ones encountered in sparsely to 

moderately fractured, highly interlocked rockmasses. The geometrical characteristics of the 

different models are shown in Table 7-3. 

 For the simulation of the advancing excavation face, the face-replacement method 

(Vlachopoulos & Diederichs, 2014) was applied in order to model the three-dimensional (3D) 

effects occurring during the excavation sequence. Initially, the geostatic stress state of the model 

was established depending on the investigated scenarios. For all developed numerical models a 

“deep tunnel” assumption was made, hence gravity induced stress gradients were ignored, and a 

uniform stress field was employed. Following the initialization of the field stresses (over a number 

of steps from 300,000 to 500,000 steps depending on the joint intensity conditions of the model), 

the modulus of the material within the excavation boundary was gradually decreased, hence leading 

to the reduction of the radial resistance along the tunnel circumference and stress change and 

redistribution. It has to be noted that the modulus reduction was undertaken over a great number of 

steps (from 2,200,000 to 3,500,000 steps) in order to secure numerical stability and minimization 

of dynamic effects, which could lead to unrealistic fracture initiation, growth and propagation. 

Finally, once the modulus of the tunnel core dropped to zero, the excavation material was removed 

and an additional number of steps (from 700,000 to 2,000,000 steps) was performed to ensure the 

static equilibrium of the model following the completion of the excavation. In order to avoid any 

dynamic effects and secure the numerical convergence of the numerical models, a very small time 

step between 4.2×10-8 s and 6.1×10-8 s, depending on the DFN configuration, was employed. All 

analyses were performed on an Intel® Core ™ i7-4930K CPU at 3.40 GHz, 16 GB RAM and an 

AMD Radeon HD 7970 GP. In Table 7-3, all model configuration specifications and stress 
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scenarios are listed. Results from the numerical models were sampled every few thousand steps 

(200 result steps in total) for better data management. 

 

 
Figure 7-2: Tunnel model configuration created in Irazu. The different sub-domains 

depending on the assigned element size are: A (0.50 m-0.03 m), B (0.03-0.05 m), C (0.03 m-

1.50 m), and D (1.50 m-2.50 m). DFN geometries are integrated into the numerical model 

(Red lines). 
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Table 7-2: Input parameters for the FDEM simulation using Irazu for strain bursting 

assessment. 

Model Type Parameter Value 
FDEM Density (kg/m3) 2600 
 Young’s Modulus E (GPa) 65 
 Poisson’s ratio ν 0.18 
 Viscous damping factor 1.0 
 Normal contact penalty pn (Gpa m) 650 
 Tangential contact penalty pt (Gpa/m) 650 
 Fracture penalty pf (Gpa) 650 
 Friction coefficient μ 1.7 
 Cohesion c (Mpa) 50 
 Tensile strength ft (Mpa) 10 
 Mode I fracture energy GI (N/m) 300 
 Mode II fracture energy GII (N/m) 1900 
DFN parameters Discontinuity friction coefficient μf 0.7 
(Joints are assumed as purely frictional) Normal contact penalty pn (Gpa m) 650 
 Tangential contact penalty pt (Gpa/m) 650 

 

Table 7-3: Model geometrical characteristics and field stress scenarios. The major principal 

stress is σ1=60 Mpa for all conducted analyses. The element size refers to Domain B in Figure 

7-2. 

Rockmass Mean trace 
length (m) 

Areal fracture 
intensity P21 
(m/m2) 

Element 
size (m) 

Lateral 
pressure 
coefficient K 

Minor principal 
stress σ3 (MPa) 

Massive N/A N/A 0.03 2, 3 and 4 30, 20 and 15 
Sparsely fractured 1.0 1.0 0.03 2, 3 and 4 30, 20 and 15 
Moderately fractured 1.0 2.0 0.03-0.05 2, 3 and 4 30, 20 and 15 

 

7.4 Numerical Analysis Results and Strain Burst Assessment 

7.4.1 Brittle Failure and Fracturing Mechanisms 

As previously mentioned, the combination of tensile damage and decrease in confinement play an 

important role in the stress-induced failure of hard rocks at great depths. In Chapter 5, the capability 

of the FDEM method in capturing the extensile fracturing and brittle failure occurring in hard rock 

excavations under high magnitude stresses was demonstrated. In this chapter, the numerical results 

were evaluated in order to investigate the governing fracturing mechanisms for the different 

scenarios. 
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For the investigation of the fracturing mechanisms taking place, initially the highly 

damaged zone (HDZ) of the excavation for every model was identified and evaluated. The HDZ is 

determined as the rockmass volume that is ejected consisting of independent blocks which are fully 

detached from the rest of the model, and in Figure 7-3 the ejected rockmass is illustrated for every 

model. 

 

 
Figure 7-3: Ejected material volumes for all simulated cases according to Table 7-3. Stress 

scenarios correspond to minor principal stresses σ3 of 15, 20 and 30 MPa for K ratios equal 

to 4, 3 and 2 respectively. The major principal stress σ1 is assumed to be 60 MPa in all models. 

The areal fracture intensity P21 for each model is in m/m2. All plots correspond to the final 

state of the models at the end of the analyses. 
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For every case presented in Figure 7-3, the elements comprising the failed material of the 

crown were selected. Following that, their principal stress components were averaged in order to 

examine the overall stress condition of the rockmass. The stress results are illustrated in Figure 7-

4 and for comparison the Hoek-Brown strength envelope of the LdB granite, and the Damage 

Initiation Spalling Limit (DISL) strength envelope, as developed by Diederichs (2007) are also 

demonstrated. As observed for all simulated conditions, the resulting rockmass strength, based on 

the obtained stress paths, is lower than the strength estimated using the Hoek-Brown criterion. 

However, for the case of the models without pre-existing structure (“intact rock” model), 

the obtained rockmass strength is in agreement with the DISL model, with the fracturing initiating 

as soon as the examined stress path intersects the Damage Initiation (DI) envelope. At this point, 

the reader is reminded that the FDEM method does not require and have a constitutive model like 

continuum modelling approaches, and fracturing occurs once the strength of the interface elements, 

between the triangular elements of the mesh, is exceeded. It is also of note that regardless of the 

lateral pressure coefficient ratio, the principal stress combination at failure is approximately the 

same. For the other two scenarios that the pre-existing joints are present in the model, the stress 

results show that failure occurs for strength combinations lower than the ones estimated by the DI 

envelope, but greater or equal to strength values predicted by the Spalling Limit (SL) envelope. 

This highlights the effect of the joints present on the rockmass strength and their impact on stress 

induced fracturing. 

Following the conducted stress measurements, the volumetric strain of the failed rockmass 

was also measured in order to provide further insight to the fracturing processes. The volumetric 

strain of the failed rockmass volumes was measured based on the areal change of the designated 

volume in every step of the analysis relative to the initial area that this volume occupied, hence the 

true volumetric strain was recorded in every analysis step. The obtained volumetric strain 

measurements are illustrated in Figure 7-5. As observed for the “intact” model, the contraction of 
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the rockmass, as a result of the high compressive tangential stresses at the excavation crown, leads 

to approximately the same volumetric strain values when fracturing initiates, as well as the same 

amount of confinement, regardless of the initial in situ stresses. On the contrary, for the “jointed” 

models, in Figure 7-5 it can be observed that the peak volumetric strain in contraction is achieved 

for different confining stresses. However, it can be seen that peak volumetric strain values of 

approximately the same magnitude are obtained in failure. 

 

 
Figure 7-4: (a) Stress paths of the collapsed material at the crown of the excavation based on 

average stress measurements obtained from the numerical models. The major and minor 

principal stresses σ1 and σ3 respectively are normalised using the intact unconfined 

compressive strength σci of the Lac du Bonnet granite (σci=200 Mpa). The stress paths are 
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compared to the strength envelopes calculated using the Hoek-Brown criterion and the 

composite strength envelopes of the DISL approach (Diederichs, 2007). (b) Stress induced 

damage at the crown of the excavation for K=2 for all fracture intensities simulated (Massive, 

P21=1 m/m2 and P21=2 m/m2). Fractures formed due to tensile failure (black) and shear failure 

(red), the collapsed material volume (yellow), and the directions of the principal stresses 

(white crosshairs) are demonstrated. 

 

 
Figure 7-5: Volumetric strain measurements of the collapsed material of the excavation 

crown for all different fracture geometry and stress scenarios with (a) focusing on the pre-

fracturing, and (b) post-fracturing regions of the plots. 
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7.4.2 Damaged Rockmass Zone Extent and Mobilized Ejected Volume 

As confining stresses decrease due the tunnel advancement, stress changes and redistribution are 

eventually leading to the generation, propagation and coalescence of new fractures and their 

interaction with the pre-existing rockmass structure until a specific volume of material fails and 

collapses, as shown in Figure 7-3. From the obtained numerical results, the extent of the stress 

induced damage, divided into the highly damage zone (HDZ-typically referring to the zone within 

which inter-connected macro-fractures can be observed), excavation damage zone (EDZ-

characterized by lower degree damage than the HDZ), and the excavation influence zone (EIZ-

elastic stress/strain changes occurring to the surrounding ground as a result of the excavation) 

(Perras & Diederichs, 2016), was recorded for all examined stress and joint geometry cases with 

the results being presented in Table 7-4. Having determined the extent of the stress driven damage, 

the volume of the ejected material was also measured by summing the area of the detached blocks 

that formed the HDZ (Table 7-4). 

 

Table 7-4: Summarized results of the stress induced damage at the crown I and the floor of 

the excavation (F) for all simulated scenarios including the highly damaged zone (HDZ), the 

excavation damage zone (EDZ) and the excavation influence zone (EIZ), the damage extent 

along the tunnel boundary in meters (m), and the ejected rock volume in cubic meters (m3). 

C Massive P21=1 m/m2 P21=2 m/m2 
K=4 K=3 K=2 K=4 K=3 K=2 K=4 K=3 K=2 

HDZ 0.10 0.26 0.28 0.20 0.18 0.17 0.10 - 0.61 
EDZ 0.50 0.71 0.77 1.08 0.63 1.01 1.50 - 1.68 
EIZ 1.33 1.37 0.88 2.80 1.28 1.85 3.13 - 2.38 

Extent 0.62 1.76 0.85 1.70 0.76 1.19 0.10 - 2.12 
Volume 0.037 0.309 0.119 0.222 0.097 0.169 0.002 - 0.948 

          
F          
          

HDZ 0.06 0.21 0.25 0.35 0.35 0.50 0.10 - 0.15 
EDZ 0.54 0.63 0.80 1.18 1.05 1.03 1.25 - 1.37 
EIZ 1.48 1.29 1.37 2.40 2.29 2.26 2.88 - 2.28 

Extent 0.75 2.01 1.60 2.30 2.33 1.52 0.39 - 1.11 
Volume 0.022 0.225 0.265 0.409 0.569 0.606 0.021 - 0.110 

Note: For the joint geometry P21=2 m/m2 and for the stress scenario K=3 the values are not provided due to 

the total collapse of the model which did not make possible to reach an equilibrium state. 
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7.4.3 Evaluation of Strain Energy and Release 

7.4.3.1 Elastic strain energy measurements 

The loss of confinement during the excavation process along with its geometry and the existence 

or not of joints in the rockmass are some of the factors associated with the capacity of the medium 

for storage of strain energy. For the purposes of this paper, in order to evaluate the strain energy 

stored in and released from the rockmass respectively during the excavation, the ejected volumes 

as shown in Fig. 7-3, were selected. Based on these volumes, the elastic strain energy density was 

estimated based on the average stress and strain measurements conducted for the overall ejected 

rockmass for every model, depending on its location relative to the excavation, according to 

Equation 7-2: 

 
u =

1
2

(σ 〈i〉 + σ 〈i − 1〉)ε 〈i〉 + σ 〈i〉 + σ 〈i − 1〉 ε 〈i〉

+ σ 〈i〉 + σ 〈i − 1〉 ε 〈i〉  
[7-2] 

where: 

1. u:average strain energy density for a volume element in Pa 

2. σij : average stresses acting on a volume element in Pa 

3. εij : average strain in a volume element 

4. <i>: Index I denotes the step of the analysis 

At this point it has to be noted that the examined medium in every case is under the effect of in situ 

stresses, and therefore energy is already stored in the system as a result of these stresses. The effect 

of the initial stress regime is reflected in Equation 7-2 by taking into account the stress components 

for two consecutive analysis steps. 

 Once the average strain energy density is estimated, the average strain energy for the 

ejected volume U is calculated by multiplying the strain energy density u with the ejected volume 

Ve according to Equation 7-3: 

 U = u × V  [7-3] 
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Equations 7-2 and 7-3 were used to calculate the accumulated strain energy in the collapsed 

material before failing, and the results are shown in Figure 7-6. Furthermore, the average 

displacement of the ejected rockmass is also recorded for every different scenario in order to 

examine the rate at which failure occurs over time (Fig.7-6). In Figure 7-7, it can be observed that 

the accumulation of elastic strain energy during the excavation results in a very little amount of 

displacement. However, once failure occurs the measured displacements increase rapidly until the 

complete ejection of the rockmass, accompanied by an abrupt decrease in stored strain energy. The 

results are summarized in Table 7-5. 

Table 7-5: Energy measurements conducted in the collapsed material for all model 

configurations. The released kinetic energy is calculated by applying two approaches: (i) 

using the ejected material mass and its mean velocity, and (ii) using the sum of all the 

individual blocks’ kinetic energies. The Kinetic Energy/Damage Extent ratio is calculated 

using the total block kinetic energy. 

Crown/Configuration K ratio 

Maximum 
elastic strain 

energy 
(kJ/m) 

Average 
mass kinetic 

energy 
(kJ/m) 

Total block 
kinetic 
energy 
(kJ/m) 

Kinetic 
energy/Damage 

extent3 
(kJ/m2) 

Massive 
4 5.91 0.77 1.42 2.29 
3 45.60 2.92 4.54 2.58 
2 17.30 2.36 3.77 4.44 

      

P21=1 
4 28.10 5.60 4.80 2.83 
3 6.41 2.87 3.42 4.50 
2 13.00 4.86 5.55 4.66 

      

P21=2 
4 0.21 0.08 0.14 1.38 
3 88.60 31.35 71.92 N/A2 
2 72.80 30.81 59.59 28.11 

Floor/Configuration K ratio  

Average 
mass kinetic 

energy 
(kJ/m) 

Total block 
kinetic 
energy 
(kJ/m) 

Kinetic 
energy/Damage 
extent (kJ/m2) 

Massive 
4 N/A1 1.25 1.33 1.78 
3 N/A1 1.98 3.66 1.82 
2 N/A1 3.54 7.01 4.38 

      

P21=1 
4 N/A1 11.48 14.98 6.51 
3 N/A1 11.37 17.76 7.62 
2 N/A1 5.73 9.27 6.10 

      

P21=2 
4 N/A1 0.99 0.94 2.41 
3 N/A1 17.00 36.08 N/A2 
2 N/A1 5.41 8.33 7.50 

Note: 1. The stored elastic energy was only calculated for the crown of the excavation. 2. For the joint geometry 

P21=2 and for the stress scenario K=3 the provided values are just indicative of a small part of the mobilized 
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volume in order to show the high magnitude of stored and released energy. The model did not reach 

equilibrium and therefore the kinetic energy/damage extent ratio was not calculated for this case. 3. The 

damage extent used for the calculation of the Kinetic energy/Damage extent ratio is taken from Table 7-4. 
 

 
Figure 7-6: Elastic strain energy density and elastic strain energy stored in the total collapsed 

volume of the crown for all simulated stress scenarios K=4 (a and b), K=3 (c and d), and K=2 

(e and f) respectively. The average displacement of the collapsed material of the excavation 

crown is plotted for all stress cases (b, d and f) K=4, 3 and 2 respectively. 
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Figure 7-7: Elastic strain energy versus average displacement of the collapsed material at the 

crown of the tunnel for all simulated stress and fracture geometry scenarios according to 

Table 7-3. The coloured circles per scenario illustrate the initiating point of strain energy 

once equilibrium has been reached during the initialization of the geostatic stresses. 
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7.4.3.2 Kinetic energy measurements 

Following the estimation of the stored elastic strain energy in the collapsed material, the kinetic 

energy of the ejected rockmass was estimated. The kinetic energy of the ejected volume was 

evaluated by employing two approaches. The first approach involves the selection of the elements 

and points of the overall ejected rockmass. The overall volume of the ejected rockmass was 

calculated based on the total area of all the elements comprising the collapsed material for both 

the crown and the floor of the excavation, and subsequently their mass by using the density value 

shown in Table 7-2. Furthermore, the nodes of the selected elements were used to estimate the 

average velocity of the mass. In Figure 7-8, the average velocity of the ejected rockmass for each 

separate case is plotted against the analysis step, which represents the excavation progress. From 

Figure 7-8 it is depicted that while the excavation is in progress (softening of the core), the 

recorded velocity is approximately zero. That verifies initially that the model is at a pseudo-static 

stress condition, and secondly that the mass is not moving until fracturing does occur and blocks 

of material start detaching. Having calculated the mass of the ejected rockmass in each case and 

its average velocity, its average kinetic energy was calculated according to Equation 7-4: 

 K =
1
2

mv  [7-4] 

where: 

1. Kmass: Kinetic energy of the ejected mass in kJ/m for the ejected mass based on its 

average velocity 

2. m: The ejected mass in kg/m 

3. vav : Average velocity of the ejected mass in m/s 

The second approach that was employed in order to assess the kinetic energy of the ejected 

rockmass, was by evaluating the kinetic energy of all blocks individually, instead of averaging all 

the nodal velocities of the ejected mass. At the end of each analysis, the different blocks formed 

and ejected were initially identified within Paraview, which is an open-source, multi-platform data 
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analysis and visualization application (Ahrens, et al., 2005). A snapshot of that scene (as shown in 

Figure 7-3) was imported into Matlab (Mathworks, 2016) and analysed by using the Image 

Processing ToolboxTM in order to obtain the volume of the detached blocks and their velocity. The 

complete applied workflow is illustrated in Figure 7-9. The acquired block volumes were used to 

calculate the mass of each separate block and the block velocities the block kinetic energy 

according to Equation 7-5: 

 K =
1
2

m v  [7-5] 

 

where: 

1. Kblock: Kinetic energy of an individual block in kJ/m 

2. mbl: The mass of the ejected block in kg/m 

3. vbl: Average velocity of the ejected block in m/s 

The total kinetic energy of the ejected mass was then determined by the sum of the kinetic 

energies of all the blocks comprising that mass. The obtained results are demonstrated in Figures 

7-10, 7-11 and 7-12. The values of the estimated kinetic energy by employing both approaches for 

the crown of the excavation for all different scenarios are summarized and compared to the 

calculated elastic strain energy in Table 7-5. 
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Figure 7-8: Average mass velocity of the collapsed material both at the crown and floor of the 

excavation for all simulated conditions (Table 7-3). 

 

 
Figure 7-9: Identification of independent blocks forming the collapsed material and 

determination of the independent block velocity using the Matlab Image Processing 

ToolboxTM. 
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Figure 7-10: Cumulative block size distributions of the crown and floor of the excavation and 

the velocity of all the independent blocks are demonstrated for all different stress and 

fracture geometry scenarios (Table 7-3). The average block velocity and the average mass 

velocity are provided for comparison. 
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Figure 7-11: Cumulative block size distributions of the crown and floor of the excavation and 

the kinetic energy of all the independent blocks are demonstrated for all different stress and 

fracture geometry scenarios (Table 7-3). 
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Figure 7-12: Cumulative block size distributions of the crown and floor of the excavation and 

the cumulative kinetic energy of the independent blocks are demonstrated for all different 

stress and fracture geometry scenarios (Table 7-3). The total block kinetic energy and the 

average mass kinetic energy are provided for comparison. 
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examine the block behaviour pre and post ejection. The obtained results are illustrated in Figure 7-

13. Additionally to the assessment of selected individual blocks, Figure 7-14 depicts the association 

between block location and block velocity, in which it can be observed that blocks at the excavation 

boundary move faster than the blocks detaching from deeper within the rockmass. 

 

 

(Continuing in next page) 
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Figure 7-13: Analysis of two individual blocks belonging to the failed material of the 

excavation crown for K=2. Fractures plotted in green fail in tension and fractures plotted in 

pink fail in shear. 

Kinetic energy-outer Kinetic energy-inner 0 10.5

[m]
Displacement-outer Displacement-inner



265 

 

 
Figure 7-14: Colour-coded elements based on their location (‘hot’ elements are closer to the 

excavation boundary and ‘cold’ elements are further away in the rockmass) and their 

respective velocities for K=2 and all DFN geometries. Fractures as a result of extensile failure 

(green) or shearing (pink) are illustrated. 

 

7.4.5 Investigation of the Stress-Structure Interaction in Dynamic Rupturing 

Discrete structures with unfavourable orientations can enhance the energy storage and rapid release 

potential, as well as increasing the volume of collapsed material (Diederichs, 2018). From the 

acquired numerical results emphasis was given to the model simulating a moderately fractured 

rockmass (P21=2-Table 7-3) for the different in situ stress scenarios used in this paper, as this 

particular model demonstrated the most diverse response in terms of fracturing, damage extent and 

failed material volume. 
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In Figure 7-3, it can be observed that for P21=2 and for K=2, 3 and 4 the damage extent and 

mobilized volume varies significantly. More specifically, for K=4, which results in the greatest in 

situ deviatoric stress, the crown of the excavation maintains its structural integrity, with the damage 

being more intense at the floor of the excavation but only limited to failure occurring close to the 

excavation surface. However, for K=3 (and an increase in the minor principal stress of 5 MPa), the 

simulation becomes unstable and a massive volume mobilizes and fails. On the contrary, for K=2, 

the model appears to be more stable with the structural integrity of the rockmass maintained at 

some extent until a large volume of material ruptures at the crown of the excavation, without 

leading, however, to a generalized, “domino” like material failure similar to the model for K=3. 

In order to get a better insight of the evolution of fracturing, and the overall effect of in situ 

stress magnitude-rockmass structure interaction, all three models were separately evaluated for 

different analysis steps as the excavation advances. The initial assessment was performed by 

examining the interface elements around the excavation as the induced stresses reached the peak 

strength of the elements. In Fig. 7-15, the contacts between the triangular elements that have 

reached their peak strength are plotted, and herein they are assumed as softened contacts. As 

observed, for all three stress configurations (K=4, 3 and 2) at Step 134, in which the material within 

the excavation boundary is removed, the number of softened contacts is approximately the same, 

and therefore the amount of stress induced damage is similar in all three models. However, at a 

later step (Step 160) distinct differences can be identified within the models, as a result of the 

different mobilization and response of the rockmass in each case. 
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Figure 7-15: Illustration of ‘softened’ contacts (interface elements have reached their peak 

strength but have not exhausted their fracture energy in order to break) for the case of the 

model with P21=2 for all different stress scenarios, and for two different analysis steps (Step 

134 corresponds to the analysis step that the material within the excavation is completely 

removed). For all different models the failed material at the top and bottom of the excavation 

are highlighted (red dashed circles). For the case of K=3, the critical area that triggers a 

‘domino’ effect leading to the total collapse of the model is highlighted light blue. 
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7.5 Discussion 

7.5.1 Brittle Failure 

Massive to moderately jointed rockmasses with a high ratio of compressive to tensile strength under 

anisotropic, high magnitude stress regimes are prone to brittle fracturing, with the dominant failure 

mechanism being that of extensile fracturing, as previously mentioned (Diederichs, 2003; 

Diederichs, 2007). In the conducted numerical simulations, the major failure mechanism that is 

observed is that of tensile cracks forming parallel to direction of the induced compressive tangential 

stresses. As these tensile cracks are forming and propagating, the structural integrity of the rock 

material is compromised, hence leading to its collapse with the failure geometry being notch 

shaped. 

 More specifically, for the fracture-free, massive rockmass models it can be observed in 

Figure 7-4 that fracturing occurs once the recorded stress paths for all three in situ stress scenarios 

intersect the DI envelope. From the obtained numerical results, failure occurs when the major 

principal stress σ1 is between 40% and 60% of the UCS of the intact rock, which is consistent with 

other researchers’ findings (Diederichs, 2018). Furthermore, it is of note that regardless of the 

magnitude of the initial in situ minor principal stress σ3, cracks form as soon as the confinement is 

within a range of 1% and 4% of the UCS of the intact rock. Additionally, in Figure 7-5 it is shown 

that within that range of σ3, volumetric strain values are of similar magnitude when the material 

transitions from contraction to extension (reversal point) and cracks start forming. The strain 

capacity of the FDEM numerical model is controlled by a fracture energy-displacement 

relationship, therefore the strain potential is taken into account during the analysis. The obtained 

numerical results show that the strain capacity of the investigated rockmass is one of the 

contributing factors to the manifestation of the failure mechanism. 

 For the sparsely fractured model (P21=1) in Figure 7-4 the acquired numerical results 

indicate that the overall rockmass strength is a little lower than that of the massive rockmass, with 
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the acquired stress path reaching the DI strength envelope but not intersecting it. The obtained 

strength appears to be approximately similar to the strength of the massive rockmass. As observed 

in Figure 7-3, the crown of the excavation does not have a significant number of pre-existing joints 

around it. Therefore, the effect of structure despite existing is not that profound, and as in the 

previous case, stress induced fracturing initiates when σ1 is between 40% and 60% of the intact 

rock UCS. Additionally, σ3 is within a range of 1% and 4% of the UCS when stress induced 

fractures are created, similarly to the massive rockmass model. However, it is important to note 

that the crown has a significant amount of intact rock, as previously mentioned, hence leading the 

rockmass to have a response controlled mostly by the intact rock. This is also shown by examining 

the obtained volumetric strain in Figure 7-5. It can be observed that the volumetric strain, as in the 

massive rockmass case, appears to have a limiting value, which once exceeded is followed by the 

generation of fractures. Differences in the magnitude of that volumetric strain, however, are more 

profound in this geometry scenario, depending on the initial minor principal stress, hence showing 

that this volumetric strain capacity is affected at some extent by the stress regime present. 

 Regarding the moderately fractured rockmass case (P21=2) in Figure 7-4, the numerical 

results show that the strength of the rockmass is significantly reduced due to the presence of the 

denser, relative to the other scenarios, structure. As observed from the resulting stress paths, the 

loss of confinement due to the tunnel advancement leads to their intersection with the SL strength 

envelope and essentially follow the curve until the complete collapse of the material for the stress 

scenarios K=2 and 3. On the contrary, that does not happen for K=4, where the rockmass maintains 

its structural integrity and the collapsed material is quite limited in volume. It is of note that in this 

case as well, cracks start forming for confining stresses between 1% and 4% of the intact rock UCS. 

Given the specific stress conditions examined, it is shown that a denser joint network leads to a 

decrease in strength, which is reflected on the obtained lower σ1 values when cracks start forming. 

Stress induced cracks interact with the pre-existing structure, however, the introduced structural 
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and stress anisotropy (in situ stress ratios less or greater than unity K≠1) leads to more complex 

conditions. Joints can act as stress concentrators or even as stress barriers, hence locally changing 

the magnitude and direction of the in situ stresses. Further stress changes during an excavation 

result in additional fracturing, but given a specific joint network geometry it may or may not lead 

in unstable conditions as shown earlier. Additionally, by investigating the measured volumetric 

strain in Figure 7-5, it appears that, similarly to the previously presented scenarios, during the pre-

fracturing stage, the peak volumetric strain in contraction reaches a specific magnitude regardless 

of the initial in situ minor principal stress. Once this strain potential is exceeded, fracturing occurs 

followed by the rockmass expansion. Therefore, failure of rockmasses under low confinement 

environments, such as within the vicinity of tunnel excavations, can be very complex, involving 

multiple mechanisms depending on the stress and strain conditions imposed on the rockmass. 

7.5.2 Strain Bursting Assessment 

During the excavation within hard rockmasses, geometrical variances of the tunnel cross-sectional 

profile (as a result of the construction process, scaling, material collapse etc.) and the presence of 

pre-existing discontinuities are amongst the greatest contributors in storing and releasing energy, 

as the excavation advances. More specifically, in Figures 7-6a, c and e it can be observed that by 

assessing the strain energy density, the effect of structure is profound at an elemental volume level. 

A massive rockmass appears to store more energy within the intact material, while within a 

fractured rockmass part of strain energy is stored within the intact rock bridges and part of it in the 

discontinuities, hence lowering the accumulated strain energy within the intact rock. However, pre-

existing joints may increase the volume of rock that is mobilized and spontaneously fail as the 

structure interacts with the stress induced cracks. This can be observed in Figures 7-6b, d and f in 

which the total strain energy at a failed volume level is illustrated. In Table 7-4 it was shown that 

for every examined scenario, a different volume was mobilized and eventually ejected, and 

therefore the stored energy within that volume varies as it is a function of both the given stress and 
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joint geometry conditions (Table 7-5). In all examined cases some similarities can be observed, 

however. By plotting the total elastic strain energy and overall displacement overtime (Figures 7-

6b, d and f), and total strain energy versus displacement (Figure 7-7), it can be inferred that strain 

energy and displacement are accumulated over time, with high strain energy corresponding to 

significantly low displacement magnitudes before any stress induced fracturing occurs. Post-

fracturing, there is a sudden drop in the elastic strain energy as it is released, and a rapid increase 

in the measured displacements as the stored energy is turned into fracture, frictional energy and 

kinetic energy, with the numerical model capturing the dynamic nature of this phenomenon. 

 Once fracturing starts occurring, the stored strain energy is released through fracture energy 

(as previously mentioned interface elements start yielding once their strength is exceeded but 

fractures are not fully formed until their fracture energy has been consumed), energy dissipated 

through friction, and kinetic energy of the ejected rockmass. When strain bursting occurs, the 

ejected rockmass volume consists of blocks of various sizes and shapes, which are either part of 

the excavation boundary or come from the rockmass deeper within the highly damaged zone, and 

also have different velocities depending on the stress condition under which they are. Initially in 

Figure 7-10, from the cluster of points showing the block velocity versus the block size, it can be 

observed that for all joint geometries and all in situ stress conditions, blocks of smaller size tend to 

have higher velocities than more massive blocks that move slower. This becomes clearer in Figure 

7-16 in which all the data combined is illustrated, hence showing that there is a correlation between 

velocity and block size, with smaller blocks having higher velocities relative to their larger 

counterparts. 



272 

 

 
Figure 7-16: Independent block velocity versus block volume for all identified blocks from all 

simulations. 1,400 blocks were recorded. Note that for the 2D model Vb=0.001 m3/m 

corresponds to a block dimension of 3.3 cm or the approximate average finite element size. 

The accuracy of results for blocks with less than 3 finite elements (Vb< 0.003 m3/m) should be 

considered as limited due to possible numerical artifacts (e.g. influence of time step size, 

penetration between the elements etc.). 

 

 Further statistical analysis of the obtained data supports the aforementioned with the 

majority of the high velocity blocks encountered between 0.001 and 0.01 m3/m, as shown from the 

best-fit curve of the data in Figure 7-17a. More specifically, based on the employed statistical 

model, the 95% confidence band (The confidence band is the area that has a certain likelihood, 

typically 95%, of containing the true curve that fits the data) is illustrated (dark gray coloured area), 

along with the 95% prediction band (The prediction band is the area that has a certain likelihood, 

typically 95%, of containing any future data points and is always wider than the confidence band) 

of the best-fit curve, and they show that the created blocks are more likely to have velocities 

between 0 and 12 m/s, with that likelihood decreasing drastically for block velocities greater than 

that (Figure 7-17b). More specifically, it can be observed that based on the calculated 95% 

percentile of the total number of ejected blocks the maximum block velocity is approximately 11 
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m/s. Further processing of the data and by taking into account the contribution of each block to the 

overall ejected rockmass volume shows that the 95% percentile results in a lower velocity value 

which is approximately 9 m/s. These velocity values are also supported by plotting the block 

frequency depending on the block velocity in a form of a histogram, with the majority of the blocks 

being within a range of 0 to 10 m/s. 

 

 
Figure 7-17: (a) Independent block velocity versus block volume for all identified blocks from 

all simulations for 1,400 blocks, as shown in Figure 7-16. The derived best-fit curve of 

detached blocks with volume greater than this of the average volume of a single triangular 
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element (blue dots) is demonstrated (gray curve) along with the 95% confidence band (dark 

gray area) and the 95% prediction band (lighter gray area). Blocks with volume less than the 

average volume of a single triangular element (brown dots) are also demonstrated for 

comparison. The block with the maximum recorded velocity (27 m/s) is highlighted (red 

dashed circle). (b) Normal probability block velocity plot showing the 95% percentile of the 

detached blocks based on the number of blocks (black line), and the weighted 95% percentile 

based on the contribution of these blocks to the total ejected rockmass volume (red line). 

Moreover, the percentage of blocks relative to their total number (1,400 blocks) for each 

velocity range is also illustrated in a form of a histogram. 

 

However, as observed, recorded velocities showed magnitudes up to approximately 27 m/s. 

In order to investigate the reasons behind such high velocity values, the block with the maximum 

recorded velocity (Figure 7-16) from all analyses was examined. In Figure 7-18, its velocity 

magnitude is illustrated as a time series during the conducted analysis. It can be observed that 

initially the block is just deforming with its velocity being approximately zero until Step 133. After 

that, and under the influence of the sub-vertical joint above it, fracturing initiates and propagates, 

hence leading to the block’s detachment in Step 135. The ejected block then starts moving under a 

constant velocity of approximately 8 m/s (a value within the prediction of the statistical model in 

Figure 7-17), but at Step 137 it comes into contact with surrounding blocks (Figure 7-18). The 

observed acceleration of the block could be attributed to the impact resulting in a transfer of 

momentum to this specific block from its surrounding blocks, and hence to an increase in its kinetic 

energy (Step 138). However, further investigation is required in order to ensure that the mechanism 

is realistic and it is not the result of a numerical artifact due to the selected time step size or 

allowable penetration. Regardless, this is not the velocity that the block had once its associated 

bursting event occurred, and directly corresponds to its energy release. Additionally, it has to be 

noted that the presence of that sub-vertical joint close to this specific block influences significantly 

the energy storage and release conditions resulting in the ejection of the block, as the level of 

confinement decreases. 
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Figure 7-18: Velocity magnitude versus analysis step of the block with the highest recorded 

velocity in Figure 7-17. In the sub-figures showing Steps 133, 135, 137, 138 and 140, the red 

lines correspond to broken fractures in the model. Momentum transfer to this specific block 

from its surrounding blocks results in its accelerated motion, and an increase in its velocity 

and its kinetic energy. The velocity and kinetic energy before step 137 represents the 

contribution to support demand in this case. 

 

 In general, blocks of smaller size despite their high velocity, they are not expected to have 

a high kinetic energy as a result of their smaller mass when compared to bigger blocks. In Figure 

7-11, it can be observed that medium and larger size blocks tend to have a higher amount of kinetic 

energy even when they are moving relatively slower than the smaller size blocks. In Figure 7-19 

this becomes clearer, and when compared to Figure 7-16, it becomes evident that larger blocks have 

higher kinetic energies despite their lower ejection velocities. 
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Figure 7-19: Independent block kinetic energy versus block volume for all identified blocks 

from all simulations. 1,400 blocks were recorded. 

 

A similar statistical analysis of the one conducted for the acquired block velocities (Figure 

7-17) supports this finding and shows that a better correlation between block size and kinetic energy 

exists (Figure 7-20). Furthermore, the estimated 95% prediction band of the employed statistical 

model demonstrates the smaller likelihood of created smaller blocks having a high kinetic energy 

due to their higher velocity. It has to be noted, however, that due to the significant scatter of the 

values obtained both for the block velocities and kinetic energies, the regression equations are only 

used to demonstrate the general trends discussed and are not meant to be used as a predictive model. 
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Figure 7-20: Independent block kinetic energy versus block volume for all identified blocks 

from all simulations from 1,400 blocks, as shown in Figure 7-19. The derived best-fit curve of 

the data (gray curve) is demonstrated along with the 95% confidence band (dark gray area) 

and the 95% prediction band (lighter gray area). 

 

From the aforementioned it becomes evident that larger size blocks have the potential of 

higher kinetic energies due to the larger mobilized rock volume that they have. However, it is not 

clear how much they contribute to the total kinetic energy released. In order to overcome this, in 

Figure 7-12 the cumulative kinetic energy per block size was calculated, and compared to the total 

kinetic energy as the sum of the kinetic energy of all independent blocks, and to the kinetic energy 

based on the total ejected mass and the calculated mean velocity of it. From these plots it can be 

inferred that the estimation of the kinetic energy based on the average velocity of the ejected 

rockmass may provide a correct estimation of the total kinetic energy only when the larger blocks 

comprising the ejected rockmass are relatively small in size and with low kinetic energies. In such 
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a case, all blocks contribute approximately equally to the total kinetic energy. Therefore, the 

average velocity may be considered representative of the total ejected rockmass, hence making the 

kinetic energy calculation based on average mass velocity relatively accurate. However, as the 

number of larger blocks with a higher kinetic energy increases, their contribution becomes more 

significant and they represent a much larger portion of the total kinetic energy. The average mass 

velocity should not be assumed representative of the total ejected rockmass volume and each block 

should be examined independently in order to determine the total kinetic energy of the ejected 

material. 

Continuing, another important factor determining the velocity, size and kinetic energy of a 

block is its initial location within the rockmass relative to the excavation boundary. As observed in 

Figure 7-14, blocks located along the circumference of the excavation boundary appear to have 

higher velocities than the blocks further away from the tunnel walls. By monitoring selected 

individual blocks (Figure 7-13), it is shown that blocks located on the tunnel circumference (black 

blocks) once ejected move faster and have a higher kinetic energy than blocks coming from behind 

(red blocks), initially located deeper in the rockmass. More specifically, for the cases of the massive 

and the moderately fractured (P21=2) rockmasses, blocks of approximately the same size were 

selected. The blocks on the tunnel circumference (coloured black) had both the most strain energy 

stored and kinetic energy released pre and post ejection respectively than the blocks behind them. 

However, for the sparsely fracture model (P21=1), selecting blocks of similar size was not possible. 

The deeper block (coloured red) has a larger volume and its stored strain energy is larger than that 

of the block closer to the tunnel boundary (coloured black). It is observed though that their released 

kinetic energy is approximately the same. From this it can be inferred that the ‘black’ block moves 

faster than the ‘red’ block, and its kinetic energy matches the one of the ‘red’ block’ because of its 

higher velocity despite its lower volume. 
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Furthermore, blocks formed close to the tunnel profile are in general smaller in size than 

the blocks from deeper into the rockmass. However, the rockmass structure is also a factor 

determining the formation of the ejected blocks, as shown in Figure 7-14. By examining the 

obtained block size distributions in Figure 7-10, it is shown that for the different stress scenarios 

and depending on the origin of the failed material (crown or floor of the excavation), the mobilized 

ejected volume is also governed by the pre-existing structure within the vicinity of the excavation. 

From Figure 7-10 it can be seen that as the in situ stresses tend to be more uniformly distributed, 

the size of the ejected blocks tends to increase and larger volumes are mobilized, regardless of the 

employed joint geometry. More specifically, when K=4, between 50% and 100% of the passing 

volumes is less than 0.01 m3/m, with that range being 20% and 40% when K=3, and 20% and 30% 

when K=4. Therefore, the in situ stresses appear to contribute in defining the size of the ejected 

blocks. Differences of course do exist as a result of the local joint geometry conditions at the crown 

and the floor of the excavation, and the overall DFN geometry employed in the models. When 

compared to the massive rockmass (no pre-existing structure) model, the models with pre-existing 

discontinuities appear to favor the generation of larger ejected volumes with the structure governing 

their shape and size, which would have a significant impact on the appropriate design of the support 

system if the method was to be used. 

7.5.3 Stress-Structure Interaction and its Effect on Strain Bursting 

Factors adding in the highly anisotropic nature of rockmasses are predominantly the presence of 

pre-existing joints and the highly anisotropic loading conditions occurring as a result of the non-

uniformly distributed in situ stresses. In deep tunnelling, their interaction may result in unfavorable 

and unexpected conditions leading to significant challenges, hence pushing the limits of the 

engineering design. In Figure 7-15 it can be observed that for a specific joint geometry, the 

rockmass response during an excavation can be significantly different depending on the adopted 

stress regime. As the excavation core is completely removed in Step 134, fractures start forming 
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due to the redistribution of the stresses as the strength of the contact elements is exceeded. While 

more softened contacts are created when K=4 relative to the other two scenarios, more softened 

contacts appear to surround the tunnel boundary when K=2, but without significant variations 

through all of three models. In Step 160 (after Step 134 the analysis is run for more steps in order 

to reach equilibrium if possible) it becomes evident that around the tunnel more contacts are 

softened when K=2 and 3 than when K=4, and the damage intensity is greater for these two cases. 

More specifically, for K=2 the damage intensity is greater than this for K=3. 

However, as seen in Figure 7-3 (P21=2), the stress scenario for K=3 is the most unstable 

and results in a total collapse of the excavation while the other two maintain their structural 

integrity. For K=3 in Figure 7-15 it can be observed that at the left wall of the excavation a tensile 

fracture has formed at the upper part and it propagates and interacts with the fractures at the lower 

end of the left wall. This has as a result the integrity of the left wall to be compromised and collapse. 

That triggers further fracture generation and propagation that leads in the collapse of the tunnel 

(Figure 7-3). This phenomenon is not observed in the other models, thus showing the importance 

of these very specific stress and joint geometry conditions that triggered a ‘domino’ effect 

following the initial bursting at the crown and floor of the excavation. 

While it may be counterintuitive that a lower stress regime leads to the collapse of an 

excavation, rather than higher magnitude stresses, the reader needs to be reminded that the added 

structure does not only result in different rock volumes being mobilized during the excavation, but 

also in a redistribution of stresses and the in situ stress regime already being subjected to stress 

localizations due the pre-existing joints. These stress localizations are responsible for the extreme 

loss of confinement at the left wall of the excavation when K=3, leading eventually to the loss of 

the internal support mechanisms of the underground opening and the total collapse of the tunnel 

due to the stress-structure interaction. 
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7.5.4 Validity of the Numerical Model and Support Design Implementation 

As previously mentioned, in deep excavations a large amount of elastic strain energy can be 

accumulated as the tunnel advances. This elastic energy is stored within the intact, massive rock 

and pre-existing discontinuities, if they are present. Once the strength of the rockmass in situ and 

its strain capacity are exceeded, part of this energy is dissipated through different mechanisms 

including generation of new fractures and energy consumption during fracturing, dissipation of 

energy through friction when shear sliding along joints occurs etc.. However, elastic strain energy 

is not dissipated in its entirety and part of it is released by converting into kinetic energy, hence 

leading to block ejections (He, et al., 2016). In nature rockmasses are already under a stress state 

generated as the result of various reasons including gravity driven stresses, stresses generated as 

the result of an active tectonic environment etc.. Therefore, strain energy is already stored in them 

and it is redistributed when an underground excavation is taking place, hence causing an imbalance 

in the static equilibrium that was previously achieved, and resulting in rockbursting. 

The aforementioned energy dissipation and release mechanisms are fully implemented into 

the numerical model, with stored strain energy being consumed due to fracturing and creation of 

new cracks (in either tension or shear) and/or dissipated due to friction as pre-existing joints or 

newly formed ones shear. The kinetic energy of detached blocks is the amount of strain energy that 

was not dissipated, hence giving the detached blocks their initial velocity. In the present analyses, 

gravitational acceleration was neglected, therefore the recorded velocities of the blocks correspond 

to their initial ones vo. This is reflected on the monitored velocities and displacements of the 

individual blocks coming from the excavation boundary (Figure 7-13), with the monitored 

velocities being constant and the obtained displacements being a linear function of time. Deviations 

in both quantities observed for the block coming from within the rockmass are due to their 

interaction with other blocks that surround them as they are ejected from the main rockmass body. 

However, the question remaining is how well such numerical models predict the rockmass 

response when strain bursting occurs, and how representative are the velocities recorded from the 
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model when compared to real underground excavation observations. The average block velocities 

for larger blocks are reasonable and match observations by the authors. However, in Figure 7-10 it 

can be seen that in some cases the numerical models predict velocities up to 20 m/s for specific 

blocks. Qiu et al. (2014) showed through their analysis for the case of the Jinping II tunnels (Zhang, 

et al., 2012) that such velocity magnitudes are possible for very small ejected volumes. This is in 

agreement with the obtained numerical results, and such numerical models could be potentially 

used at some extent in the assessment of rockbursting in hard rock underground excavations. 

However, caution is required as every numerical method comes with its limitations. 

The damage extents obtained from the numerical analyses and presented in Table 5 are 

plotted against the maximum tunnel stress to UCS ratio in Figure 7-21. The black and white circles 

in the original figure were obtained mostly from underground excavations within massive rocks 

with no or really few fractures (Martin, et al., 1999). As observed, the numerical results of this 

study for the intact, massive rockmass model (no fractures) (green diamonds) correspond quite well 

with the in situ observations. However, once pre-existing joints are incorporated into the numerical 

model, the damage extents become larger for the same σmax/UCS ratios, hence highlighting the 

effect of structure, and how it can promote greater rock volumes to be mobilized and generate 

greater damage extents. Such numerical simulations can further enhance our understanding of the 

behaviour of brittle rockmasses and provide reasonable predictions of the expected damage extents, 

hence potentially assisting in the design process. 
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Figure 7-21: Depth of damage around a tunnel (Modified after Diederichs, 2018). Crack 

initiation stress, CI (Diederichs & Martin, 2010), is typically 0.4-0.5 for crystalline rocks. The 

black dashed vertical lines show the magnitude range of the maximum stress σmax/UCS 

(UCS≈200 Mpa) in this study. Green points were obtained from the numerical models in this 

study. The diamonds correspond to the models simulating a massive rockmass (no fractures), 

the squares the models with P21=1 m/m2, and the triangles the models with P21=2 m/m2. The 

fracture conditions correspond to a Geological Strength Index (GSI) (Hoek & Marinos, 2000) 

between 75 and 85 (non-persistent joints that do not form full blocks). The calculation of the 

spalling depth was based on the extent of the EDZ presented in Table 7-4. 

 

Furthermore, these numerical models could provide a better insight of the rockmass 

response when strain bursting is expected, as different stress and joint geometry scenarios can be 

investigated in order to potentially assist in the design of an appropriate support or mitigation 

system. Numerical results can be used along with empirical or semi-empirical approaches in that 

direction. Weighted average ejection velocities and damage extents acquired from the numerical 

model can assist in determining the average energy demand for the support system, as shown in 

Figure 7-22. The results are summarized in Table 7-6. By comparing the energy required from the 

support based on the chart in Figure 7-22 with the kinetic energy calculated from the numerical 
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models (Table 7-5), in Table 7-6, it is shown that the kinetic energy per area obtained from the 

numerical results is in most cases in agreement with the predicted required support energy from the 

chart, with their deviation being approximately between 10% and 30% for most cases. The greatest 

difference between the numerical simulation results and the semi-empirical chart occurs for the 

models with P21=2 and K=4 and P21=1 and K=3. For the case P21=2 and K=4, the model at the 

crown hardly fails as seen in Figure 7-3; therefore, this skews the results at some extent. For the 

case P21=1 and K=3, the deviation for both the crown and the floor of the excavation is due to 

difficulties in determining accurately both the extent of the damage along the tunnel circumference 

and the thickness of the HDZ, hence affecting the final calculations. However, in both cases the 

magnitude of the calculated energies is not dissimilar and it is of the same order of magnitude. 

While further investigation is required in order to validate the developed numerical models, the 

FDEM method shows the potential of not only capturing the brittle failure mechanisms involved in 

strain bursting but also the potential of assessing the support energy required by providing 

reasonable estimates. 
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Table 7-6: Comparison between the support energy demand provided by the chart in Figure 

7-22 and the estimated required support energy based on the numerical model results. 

Crown/Configuration K ratio 

Kinetic 
energy/Damage 
extent (model) 

(kJ/m2) 

Average energy 
demand for 

support system 
(kJ/m2) 

Deviation (%) 

Massive 
4 2.29 2.50 -8.4 
3 2.58 3.50 -26.3 
2 4.44 6.00 -26.0 

     

P21=1 
4 2.83 3.00 -5.7 
3 4.50 9.00 50.0 
2 4.66 6.00 -22.3 

     

P21=2 
4 1.38 5.00 -72.4 
3 N/A1 N/A1 N/A1 
2 28.11 25.00 -12.4 

Floor/Configuration K ratio 
Kinetic 

energy/Damage 
extent (kJ/m2) 

Average energy 
demand for 

support system 
(kJ/m2) 

Deviation (%) 

Massive 
4 1.78 2.00 -11.0 
3 1.82 3.00 -39.0 
2 4.38 5.00 -12.4 

     

P21=1 
4 6.51 8.00 -18.6 
3 7.62 4.00 90.5 
2 6.10 7.00 -12.9 

     

P21=2 
4 2.41 3.00 -19.7 
3 N/A1 N/A1 N/A1 
2 7.50 9.00 -16.7 

Note: 1. For the joint geometry P21=2 m/m2 and for the stress scenario K=3 the values are not provided due 

to the total collapse of the model which did not make possible to reach an equilibrium state. 
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Figure 7-22: Energy demand for support as a function of ejection velocity and failure 

thickness (Modified after Diederichs, 2018). The axes of the graph are colour-coded based on 

different classes depending on the magnitude of the velocity (X-axis) and the magnitude of 

the energy demand (Y-axis). Added points correspond to the weighted average block velocity 

(average block velocity by taking into account the contribution of these blocks to the total 

ejected rockmass volume) based on the numerical analysis results in this study. 

 

7.6 Conclusions 

The FDEM method was used in order to examine its utility to assess strain bursting conditions in 

deep underground excavations under high magnitude stresses. Models were developed in order to 

both assess the method itself in being able to capture in a realistic manner the dynamic phenomena 

related with rockbursting in hard excavations and additionally examine the explicit simulation of 

pre-existing joints within the numerical model under different stress conditions. Based on the 

results of this study: 
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• Brittle failure due to extensile fracturing dominates the rockmass response during an 

excavation under high magnitude anisotropic stress regimes. The presence of joints decreases the 

overall rockmass strength with fracturing initiating at a lower stress level than that of the massive 

rockmass and within a short range of confining stresses varying between 1% and 4% of the UCS 

of the intact rock. It was also accompanied by similar maximum volumetric strain values, each 

unique for every joint geometry scenario. 

• A rigorous analysis of the blocks comprising the ejected rockmass showed that the joint 

network geometry and stress state dictate both the block size and velocity depending on their initial 

location in situ. Smaller blocks tend to have higher velocities, especially when located close to the 

tunnel boundary, but they do not have high kinetic energies. Conversely, larger blocks appear to 

have higher kinetic energies despite their lower velocities due to their mass, and they contribute 

more in the accumulated total kinetic energy released. Furthermore, blocks of similar size and shape 

appear to have more kinetic energy when are closer to the excavation boundary rather than when 

they are located deeper in the rockmass. 

• The effect of structure becomes more significant as the tunnel advances and confinement 

decreases. Stress redistribution and stress-strain localizations may result in unstable fracture 

propagation and coalescence that may trigger further bursting phenomena as the excavation losses 

its overall stability. The numerical model in such cases can provide a deeper insight of the rockmass 

response that may prove useful during the design process. 

• It was demonstrated that measured damage extents for a massive rockmass are in a good 

agreement with in situ observations. However, the addition of joints resulted in greater rock 

volumes to be mobilized and fail, showing that further investigation is required on the effect of 

non-persistent structure on brittle fracturing and strain bursting. 

• Ejected rockmass velocity and damage thickness acquired from the numerical model can 

be used along with a semi-empirical approach in order to estimate the average energy demand for 
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a support system. Furthermore, the obtained energy values when compared to the kinetic energy 

per damage extent length, which were calculated from the numerical models, yielded a relatively 

small deviation in most cases, hence demonstrating the potential of the method to assist in the 

engineering design process. 
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Chapter 8 

Conclusions 

8.1 Overall Conclusions 

The main objective of this thesis was to develop a primary framework for assessing the influence 

of non-persistent, pre-existing discontinuities with respect to the response of hard rockmasses under 

high magnitude in situ stresses during an underground excavation by using a combination of 

advanced field data collection and numerical techniques. In order to achieve this, a step-by-step 

methodology was introduced by the author, depicting the requisite steps for (1) discontinuity 

geometrical data collection using state-of-the-art technologies (such as LIDAR) within unsupported 

sections of an underground opening, (2) the use of the collected data to obtain the necessary input 

parameters for the geometrical modelling of rockmasses by employing a DFN modelling technique 

and the validation of the generated joint network geometries, (3) the appropriateness of the DEM 

and FDEM numerical methods for simulating the brittle response of hard massive rockmasses, (4) 

the integration of the generated joints into the numerical model in order to explicitly simulate the 

pre-existing rockmass structure and investigate its impact on hard rockmasses at low confinement 

environments, (5) the assessment of the discontinuity influence on the rockmass mechanical 

properties and the evaluation of the evolution of the excavation induced damage, and, (6) the 

practical implementation of this methodology into the engineering design process. 

In this thesis, data collected using LiDAR scanning for an unsupported railway tunnel 

located in Brockville, Ontario, Canada served as input parameters for the generation of DFN 

geometries for that given rockmass. After being validated against the collected field data, the DFN 

models were used to provide a methodology for optimizing the generation process (Chapter 3). 

Following the calibration of a Voronoi DEM model based on the intact mechanical properties of 

the LdB granite, 2D sections extracted from the DFN geometries were imported into the calibrated 



290 

 

DEM models in order to examine the scale and confinement dependency of the mechanical 

properties of slightly to moderately rockmasses. The insight provided by brittle fracturing of such 

rockmasses from the SRM models assisted in the development of tunnel scale models. By applying 

the FDEM method, the tunnel scale model was initially calibrated to replicate the observed failure 

conditions at the URL Test Tunnel which was excavated within the massive, fracture-free at that 

depth LdB granite. Acting as a baseline, this model was enriched with DFN geometries and by 

examining multiple joint geometry, joint strength and stress scenarios the influence of pre-existing 

rockmass structure and its role on brittle fracturing, excavation induced damage and strain bursting 

were investigated for deep hard rock excavations. 

Previous research has shown that continuum based numerical techniques using 

conventional shear failure criteria for elasto-plastic materials are not appropriate for capturing the 

brittle processes and fracturing in extension occurring at hard rockmass excavations under high 

magnitude, anisotropic stress regimes. Such approaches fail to capture the failure mechanisms, and 

the shape and extent of stress induced damage in deep underground excavations. On the contrary, 

discontinuum approaches such as the DEM and FDEM methods have the ability to replicate such 

phenomena by allowing the medium to transition from a “continuum” to a “discontinuum” 

behaviour via fracturing and fragmentation processes. 

Unlike shear failure driven mechanisms occurring in heavily fractured rockmasses, slightly 

to moderately fractured rocks within low confinement environments, such as the conditions 

encountered around an underground opening, fail due to complex brittle fracturing mechanisms 

involving extensile cracking. First, the developed SRM models were used to examine the scale 

dependency of the geometrical and mechanical rockmass properties in order to determine an 

acceptable sample size at which the number of pre-existing joints included in a sample is 

representative of the rockmass (Chapter 4). Once the REV size was established, emphasis was 

given to the confinement dependency of the material strength and Young’s modulus. Regarding the 
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strength of a rockmass with non-persistent joints, it was shown that the derived strength envelope 

is of an S-shape, a finding that is not in agreement with the rockmass strength predicted by 

conventional shear failure based criteria (i.e. the Hoek-Brown criterion in this case). The SRM 

results not only highlight the critical role of confinement, especially at low magnitude confining 

stresses, but also the dependency of the rockmass strength on the direction of the loading relative 

to the orientation of the pre-existing joint network geometry (Chapter 4). Moreover, previous 

research has the shown the dependency of the rockmass modulus on its degree of fracturing, such 

as the relationships proposed for estimating the rockmass modulus based on the GSI. In a similar 

fashion, the results obtained from the SRM models did not only highlight the impact of confinement 

on the modulus (especially at low confining stresses), but by using additional datasets a semi-

empirical equation was developed showing the influence of the fracture intensity, joint normal 

stiffness and potentially other discontinuity parameters that may be incorporated into assessing the 

modulus of a rockmass (Chapter 4). 

More complex loading conditions and the subsequent rockmass response were examined 

by developing tunnel scale models by applying the FDEM method. The calibration of the tunnel 

model in order to replicate the URL failure observations within a massive, “fracture-free” rockmass 

revealed the ability of the FDEM method to capture the occurring brittle processes and extensile 

fracturing resulting in the formation of a v-shaped notch. The calibrated tunnel model was not only 

able to capture the developed HDZ, but the obtained EDZ was in agreement with AE and MS events 

recorded in situ, hence showing that the EDZ is an emergent outcome of an appropriate calibration 

process. Furthermore, in situ stress and displacement measurements compared to the numerical 

results revealed that the FDEM model is able to simulate complex fracturing and fragmentation 

processes in order to replicate the observed stress and deformation conditions (Chapter 5). By 

integrating DFN geometries into this baseline model, the role of the pre-existing joints in brittle 

fracturing and the evolution of the excavation induced damage were investigated. Multiple stress 
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and joint geometry scenarios highlighted the complex stress redistributions due to the loss of 

confinement as the excavation face advances, and the subsequent interactions between stress 

induced fractures and pre-existing joints (Chapter 6). Obtained numerical results showed the 

significant role of the joint geometry pattern in the manifested excavation induced damage, the 

impact of pre-existing joints on stress localization and dissipation, as well as their ability to re-

direct and contain the damage within a specific region. Increased areal fracture intensity values 

under a constant persistence conditions led to a greater rockmass strength and extensile potential 

reductions, as well as greater stress induced damage extents. However, by varying the persistence 

under a constant fracture intensity value provided a variation of results that revealed the importance 

of the position of the discontinuities relative to the excavation boundary and their overall spatial 

distribution. Moreover, from the conducted analyses for different joint strength parameters it was 

inferred that the role of the discontinuity geometry pattern and discontinuity spatial distribution are 

more critical in non-persistent discontinuous systems than the applied discontinuity strength unless 

really high values were used. Additionally, by using this approach, the in situ stress-discontinuity 

network geometry interaction showed that specific stress localization and stress relief conditions 

because of a particular joint pattern may lead to extensive collapses even at lower value mean 

stresses, as result of the extreme changes in geometry caused by the excavation induced damage 

around the underground opening (Chapters 6 and 7). Except for contributing to brittle fracturing 

under low confinement, pre-existing discontinuities were also examined as driving mechanisms for 

strain energy storage and rapid release resulting in strain bursting. By exploiting the capability of 

the FDEM method to simulate strain energy accumulation by treating the medium as a deformable 

body prior to any fracturing, as well as energy dissipation through fracturing and fragmentation, 

the velocity and mass of detached blocks was assessed and their kinetic energy was calculated. 

From the obtained results it appears that depending on the discontinuity network geometry and in 

situ stresses bursting phenomena can be enhanced, with the natural discontinuities affecting the 
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area of the rockmass that is mobilized and ejected, with blocks closer to the excavation moving 

faster than blocks coming from deeper parts of the rockmass (Chapter 7). Further investigation 

yielded that smaller volume blocks appear to be moving faster than larger blocks, with however, 

the released kinetic energy being higher among larger blocks due to their size. Momentum and 

energy transfer between ejected blocks may also play an important role in the recorded velocities, 

and therefore, such mechanisms should be taken into account during the design process, as in such 

cases the results may be misleading when designing a support system for this kind of excavations 

(Chapter 7). Finally, excavation induced damage extent and depth, and ejected rockmass velocity 

served as input for empirical approaches in estimating the energy demand for a support system with 

obtained energy values being in agreement with the kinetic energies calculated from the numerical 

models for various cases. This highlights the utility of the method and its potential to be integrated 

into the design process of deep hard rock excavations within which strain bursting may occur 

(Chapter 7). 

8.2 Specific Contributions of this Body of Research 

Original contributions of this work include: 

1. A systematic approach to determine the number of required realizations and model size of 

DFN geometries. Discontinuity data obtained from LIDAR scanning in the field were used 

after identifying the advantages and limitations associated with that, and served as the 

initial stage of the overall approach of optimizing DFN modelling (Chapter 3). 

 

2. SRM model results allowed for the development of a semi-empirical formula for the 

estimation of the modulus of rockmasses with pre-existing joints depending on the 

magnitude of confining stresses and well-defined discontinuity quantities including areal 

fracture intensity, joint stiffness, and potentially initial joint aperture and mean joint trace 
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length, as well the intact material and rockmass moduli under unconfined conditions 

(Chapter 4). 

 

3. This research presents the first fully quantitative simulation of the Canadian URL using 

the FDEM method, hence, demonstrating its capacity to capture brittle processes and 

extensile fracturing in deep hard rock excavations. By using the field observations of the 

HDZ of the tunnel to calibrate the numerical model, it was shown how the EDZ and stress 

measurements resulting from the model are in agreement with field observations and 

measurements, as an emergent output of the model given that the calibration is appropriate 

(Chapter 5). 

 

4. This research provided useful insights into the brittle fracturing mechanisms of rockmasses 

with non-persistent discontinuities by demonstrating (1) the critical role of the joint 

network geometry on the excavation induced damage, (2) the impact of pre-existing joints 

on the in situ rockmass strength and extensile strain potential that govern the manifested 

failure mechanisms, (3) the stress induced-natural discontinuity interaction on the 

excavation damage evolution, (4) the minor impact of discontinuity strength on the damage 

depth and extent under specific conditions, and (5) the in situ stress-joint geometry 

interaction influencing the stress induced damage during the tunnel advancement (Chapter 

6). 

 

5. This research is the first study to quantitatively capture strain bursting phenomena through 

numerical simulation and proceed with their assessment. This was achieved by overcoming 

limitations of other discontinuum methods which do not take into account the energy 

dissipation as a result of the fracturing processes, hence allowing for physically realistic 

velocities of the ejected rockmass to be captured. Geometrical characteristics of the 

excavation induced damage were used along with the obtained velocities of the ejected 
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rockmass blocks in order to estimate the energy demand for support based on empirical 

approaches. The acquired energy was compared to the kinetic energy calculated from the 

numerical model based on the mass and velocity of the ejected rock blocks illustrating the 

potential of the FDEM method to be directly integrated into the design process of deep 

hard rock excavations (Chapter 7). 

8.3 Future Work and Recommendations 

Based on the approach adopted, the results reported in this thesis and the acquired experience during 

this research program, the following recommendations for future research should be considered: 

1. Automate the extraction process of discontinuity geometrical data that will serve as 

input parameters for DFN modelling. 

 

For the purposes of this study, discontinuity data from LiDAR scanning were obtained 

by applying manual mapping techniques within the 3D surface. However, this can be 

a tedious and rather time-consuming work, and therefore the need for a reliable 

automated mapping process is important. Additionally to other ongoing research the 

use of space-frequency transforms has shown potential and preliminary work by 

Bolkas et al. (2018) highlights the value of further pursue in that front. 

 

2. Use of SRM models in order to develop an approach of estimating the rockmass 

strength based on directly measured quantities from discontinuity mapping and 

validation of the suggested formula on the rockmass modulus confinement dependency. 

 

Based on the work conducted in this thesis, SRM models were used in order to evaluate 

the effect of pre-existing joints on the rockmass strength and modulus. While 

methodologies for estimating both based on empirical approaches, such as the GSI, do 

exist, indices used to quantify the degree of fracturing and joint surface condition 
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usually rely on qualitative rather than quantitative parameters. Therefore, similarly to 

the proposed semi-empirical equation for the estimation of the rockmass modulus in 

Chapter 4, future work should involve the development of a similar formula where the 

areal fracture intensity P21 or the volumetric fracture intensity P32 would provide a fully 

quantifiable measure for the rockmass degree of fracturing, along with other joint 

parameters such as the normal and shear stiffnesses. Moreover, the suggested formulas 

for the modulus estimation require further analyses to be conducted in order to further 

validate it and show its general applicability. 

 

3. Requirement for an upscaling methodology in terms of the input parameters required 

in the FDEM method. 

 

As part of this thesis, the utility of the FDEM method in capturing brittle fracturing 

was highlighted by using the well-documented case of the Canadian URL. However, 

due to the lack of a quantitative relationship between laboratory- and field-scale 

parameters, the developed model was calibrated for and corresponds only to this 

specific site, and maybe with few adjustments to other hard rocks. The connection 

between laboratory obtained material parameters and large scale models is of critical 

importance. Furthermore, the mesh size sensitivity that influences the model behaviour 

and the material strength for a specific set of input parameters has to be further 

investigated. Therefore, the development of a robust approach in order to determine 

the required input parameters is important and its validation through other real cases, 

similarly to the Canadian URL, is required. 
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4. Further investigation on the impact of the joint network geometry, joint stiffness and 

joint strength on brittle failure. 

 

In this thesis, a number of scenarios were examined in order to investigate the influence 

of pre-existing, non-persistent discontinuities within hard rockmasses. While the 

obtained results provided a useful insight on the role of joints on brittle failure due to 

the low confinement around deep underground openings, a larger number of DFN 

geometries needs to be tested in order to better understand the evolution of the 

excavation induced damage and why some numerical models were led to a catastrophic 

collapse. Moreover, initial assessment of the joint strength of non-persistent joints 

regarding its impact on stress induced damage showed that unless really high strength 

parameters are adopted, it is the spatial distribution of the joints mainly controlling the 

damage rather the strength of the joints. Therefore, further numerical modelling and 

comparison with in situ observations will be required in order to come a definitive 

conclusion. Finally, joint stiffness and its impact on brittle failure was not evaluated in 

this study. Hence, numerical modelling focusing on that will be required. 

 

5. Assessment of the long-term response of hard rockmasses for deep excavations. 

 

The present work focused on the short-term material response during an underground 

excavation. The long-term material behaviour, however, is of great significance and 

needs to be accounted for, especially due to the complexity of the associated 

mechanisms that govern it such as hydro-mechanical coupled processes (desaturation, 

time-dependent pore pressure etc.), changes in the excavation contour geometry as a 

result of sub-critical crack growth under constant stresses, induced seismicity of major 

rockmass structure, stress induced fractures caused by the initial excavation of the 
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opening etc.. Therefore, a methodology that takes into consideration all of these 

components is important, especially for projects that are designed to have a rather long 

operational life such as the DGRs for nuclear waste management. 

 

6. Investigation of the role of the excavation face in brittle failure, and the energy storage 

and energy release mechanisms within rockmasses with pre-existing joints when strain 

bursting is expected. 

 

The 2D numerical models presented in this thesis provide useful insights of the brittle 

fracturing processes taking place in deep hard rock excavations. While 2D analyses are 

able to capture the in plane material response, the influence of the excavation face and 

its behaviour during the advancement of a tunnel are not captured. More specifically, 

issues including the effect of the intermediate principal stress σ2, the rotation of the 

principal stress axes ahead of the face, the support provided by the excavation face to 

the surrounding ground within its vicinity etc. can only be analysed through the 

development of 3D models. Additionally, the explicit simulation of the face may be 

critical for an underground development especially in cases where rock bursting may 

occur, with the face of an excavation being one of the most vulnerable components of 

an underground opening in terms of strain energy storage and release. 

 

 In conclusion, this body of research advances our understanding of modelling of hard 

rockmasses with non-persistent joints to assess the stress induced damage of deep excavations. 

However, there are clearly additional research efforts that will contribute significant, additional, 

and useful, applied insights and techniques for the future. 
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Appendix A 

Discontinuum Numerical Modelling 

A.1 Introduction 

In general the microstructure of engineering materials is discontinuous but it is common practice 

to ignore that “discontinuous” nature for a wide range of engineering problems, as it is not 

considered necessary to take it into account. Due to the magnitude of most problems that involve 

materials in quantities large enough so that the microstructure can be described by averaged 

material properties, this is a valid assumption and the material is considered to be a continuous 

medium with its properties defined as continuous functions of volume, as shown in Equation A-1: 

 
ρ =

dm
dV

 
[A-1]

where ρ is the material density, m the mass and V the volume. 

Therefore, the microscopic distribution of the material properties in space is substituted by 

macroscopic continuous properties. For instance, in Equation A-1 the macroscopic density ρ 

replaces the microscopic discontinuous masses in a specific volume. 

 The assumption of a continuum medium is valid given that the characteristic length of the 

examined engineering problem is much greater than the mean free path of its smaller components 

comprising it. This characteristic length is determined by either the smallest dimension of that 

specific problem or the smallest dimension of that part of the problem that is of interest (Munjiza, 

2004). Therefore, the continua hypothesis is built on treating the physical properties of a material 

as continuous functions of volume, hence forming its physical equations or its constitutive law, 

which are then combined with balance principles, which include conservation of mass, 

conservation of energy, preservation of momentum balance etc. (Munjiza, 2004). The result of this 

amalgamation is the creation of a set of governing equations usually given in the form of partial 

differential or integral equations, in which the balance principles describe materials in sufficient 
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bulk thus neglecting their microstructure. Numerical methods utilizing the equivalent continuum 

hypothesis are the finite difference method (FDM), the finite volume method (FVM), the finite 

element method (FEM) etc.. 

The FEM method in particular considers a material contained within a domain as an 

assembly of finite sub-domains called finite elements. These finite elements are connected through 

nodes, edges and surfaces hence creating a finite element mesh. When the FEM method is applied 

shape functions are used in order to achieve the problem solution over the individual elements 

comprising the domain. A system of simultaneous algebraic equations substitutes the governing 

partial differential equations with the solution of which leading to results obtained at the nodes of 

the finite elements. 

While for a great number of problem continuum models are valid and yield reasonable 

results, in specific cases the pose a rather crude representation that is not adequately capturing the 

physics of the problem. Such a case is the so called container problem (Munjiza, 2004), as shown 

in Figure A-1. In this problem a cloud of particles is generated within a bounding box with specific 

dimensions, and these particles are let to fall from a specific height under the effect of gravity. As 

these particles fall, they are allowed to interact with one another and with the walls of the bounding 

box which results in energy dissipation, and eventually all particles find themselves at a state of 

rest. From this problem, it becomes evident that if Equation A-1 is used then the mass of the system 

M should be calculated based on Equation A-2: 

 M = ρdV [A-2]

However, that is not valid with the total mass of the system given in reality from the sum of the 

masses of the different particles comprising the system as shown in Equation A-3: 

 
M = m  

[A-3]

where mi is the mass of an individual particle and N the total number of particles. 
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In this case, it has to be noted that the size of the bounding box is not that much larger than the 

average size of the particles comprising the assembly. This has a result for the mass of the particles 

as they pack to be a function of the size of the bounding box, the particle size used, the method that 

the particle were deposited, the time sequence of the deposition etc.. 

 
Figure A-1: Configuration of the container problem. Particles of different size and shape are 

let to pack within the bounding box under the effect of gravity (Munjiza, 2004). 

 

 From the aforementioned, it becomes evident that the modelling of the container problem 

is required to take into account the shape, size and mass of all particles separately. Furthermore, 

the interaction between the individual particles has to be taken into consideration, as well as their 

interaction with the bounding box. Therefore, an interaction law for each possible combination has 

to be determined which is combined with a momentum balance principle to form the governing 

equations describing the particle. Sets of differential equations for every particle are coupled 

through inter-particle interaction to form a global set of equations to describe the behaviour of the 

particle assembly as a whole. Numerical methods usually employed to provide solutions for such 

problems that are described as discontinuum problems include the discontinuous deformation 

analysis (DDA) and discrete element methods (DEM). These methods are designed to simulate 
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contact problems for a large number of irregular particles, with DDA being more suitable for static 

problems, while DEM is better suited for problem having a transient dynamic component until a 

steady state or a state of rest is achieved (Munjiza, 2004). 

 In this study, in order to capture the brittle failure of hard rock materials with non-persistent 

joints two different numerical techniques where employed including the distinct element method 

(DEM) by using the numerical software UDEC (Itasca, 2014), and the hybrid finite-discrete 

element method (FDEM) by using the software Irazu (Geomechanica Inc., 2017). The two methods 

are briefly introduced in the following sections. 

A.2 The Distinct Element Method (DEM) 

A.2.1 DEM Overview 

When the distinct element method (DEM) is employed, the rockmass is represented as an assembly 

of discrete blocks. Discontinuities are simulated as interfaces between the distinct bodies with them 

being treated as boundary conditions. The movements of the blocks are traced and through a series 

of calculations the contact forces and displacements at the interfaces of the stressed block assembly 

are determined. The propagation of disturbances caused by applied loads or body forces results in 

movements, and the speed of propagation depends on the physical properties of the discrete system. 

 The numerical representation of the dynamic response of the system is conducted by a 

time-stepping algorithm with the time step size constrained by the assumption that velocities and 

accelerations are constant within the time step. The DEM method is based on the concept of a 

sufficiently small time step so that during a single step disturbances do not propagate between a 

discrete body and the neighbors within its immediate vicinity, since the information transmission 

in any physical medium has a limited speed. 

 The performed calculations can be divided into two groups including (i) the application of 

a force-displacement law at all interfaces, and (ii) Newton’s second law at all blocks. Contact forces 

from known (and fixed) displacements are calculated based on the force-displacement law, and 
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Newton’s second law is utilized to calculate the motion of the blocks due to the known (and fixed) 

forces acting on them. In the case of deformable blocks motion, the grid points of triangular finite-

strain elements within the blocks are used to calculate the motion. In Figure A-2 the calculation 

cycle for the DEM method is demonstrated. The equations in Figure A-2 are further discussed in 

the following sections. 

 

Figure A-2: Calculation cycle for the distinct element method (Itasca, 2014). 

  



336 

 

A.2.2 Equations of Motion 

The motion of an individual block is determined by the magnitude and direction of the resultant 

out-of-balance moment and forces acting on it. By considering the one-dimensional (1D) motion 

of a single mass with a varying force F(t) acting on it, Newton’s second law of motion is given by 

Equation A-4: 

 du̇
dt

=
F
m

 
[A-4]

where ̇  is the velocity, t the time and m the mass. 

By using the central difference scheme Equation A-4 can be written in Equation A-5 at time t: 

 du̇
dt

=
u̇( / ) − u̇( / )

Δt
 [A-5]

and by substituting Equation A-4 in Equation A-5 and rearranging yield: 

 
u̇( / ) = u̇( / ) +

F( )

m
Δt 

[A-6]

With velocities stored at the half –time step point, it is possible to express displacements as: 

 u( ) = u( ) + u̇( / )Δt [A-7]

Because the force depends on displacement, the force/displacement calculation is done at one time 

instant. It is important to note that the central difference scheme is “second order accurate” (i.e. 

first order error terms vanish from the solution) which prevents long-term drift in a distinct element 

simulation. 

 By extending that to two dimensions (2D) for a block and with ̇  being the angular velocity, 

the new location of the block is given from: 

 x( ) = x( ) + u̇( / )Δt [A-8]

 θ( ) = θ( ) + θ̇( / )Δt [A-9]

where θ is the rotation of block about its centroid and xi the coordinates of block centroid. 

In summary, each time step produces new block positions hence generating new contact forces. 

Resultant forces and moments are used to linear and angular accelerations of each block, and their 

corresponding velocities and displacements are calculated by integrating the time increments. This 
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iterative process is repeated until either an accepted state of equilibrium or one continuing failure 

is reached. Mechanical damping is utilized in the equations of motion in order to provide both static 

and dynamic solutions. 

A.2.3 Conservation of Momentum and Energy in DEM 

Based on the use of Newton’s laws of motion, the equations used rely on the interaction of bodies 

by means of springs, and the response of the discrete bodies to applied forces (Figure A-2). More 

specifically, according to Newton’s laws the momentum balance between two discrete bodies A 

and B that are in contact for time T can be expressed as: 

 m ü dt = − m ü dt [A-10]

 m u̇( ) + m u̇( ) = m u̇( ) + m u̇( ) [A-11]

 

hence showing the momentum balance of the system. However, errors may occur due to the 

integration and calculation processes taking place. High-precision coordinates and suitable time 

steps can secure that this error due to the integration can be minimised. 

 Furthermore, energy balance has to be satisfied. By assuming that a body with a constant 

mass m and it has an initial velocity vo brought to a final velocity v in a distance, S, by a constant 

force, F, results in the following equation: 

 
1
2

m(v − v ) = FS [A-12]

Which expresses the fact that the work due to the applied force is equal to the change in the body’s 

kinetic energy. Equation A-12 can be written in Equation A-13 if the force opposing motion is 

related to the displacement by the equation F=-kS, where k denotes the spring stiffness. 

 
1
2

m(v − v ) =
1
2

kS  [A-13]

In such a case, the decrease in kinetic energy equals the energy stored in the spring, and in reverse 

a decrease in the stored energy of the spring results in an increase of the kinetic energy of the body. 
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Therefore, after an elastic collision between two bodies the kinetic energy of the body pre and post 

collision is the same. 

A.2.4 Contact Detection and Identification 

For each pair of blocks that touch (or have a small enough gap in between) data elements are created 

to represent point contacts. In Figure A-3a the general scheme for the representation of contacts is 

illustrated. In the case of rigid blocks, contacts are created at each corner interacting with a corner 

or edge of an opposing block. If the blocks are deformable, point contacts are created at all 

gridpoints located on the block edge in contact. Hence, the number of contact points increases as a 

function of the internal zoning of the blocks within range. 

 Contact issues related with sharp edges and corners that may comprise the numerical 

stability of the numerical analysis (Itasca, 2014) can be overcome by employing corner rounding. 

The rounding of the corners allows for a smooth sliding between the blocks when two opposing 

corners interact. Corner rounding in UDEC is employed by specifying a circular arc for each block 

corner (Figure A-3b). However, if the rounding is too large, this can introduce inaccuracies in the 

solution. 

 Contact points are updated automatically as block motion occurs. Therefore, the employed 

algorithms have to be computationally efficient, especially in cases where large displacements may 

take place and contacts may be needed to be deleted or added during the dynamic simulation. 

Contact update is triggered by significant relative motion within a domain. A fictitious 

displacement, which is the accumulated maximum relative distance between any two corners in a 

domain times the time step, accumulated for each domain is related to the relative motion that has 

taken place in the domain since the previous update. During an update, new contacts are created 

and old ones may be deleted depending on the relative motion at each contact. 

 Regarding the contact detection, a cell mapping logic is integrated into UDEC in order to 

detect contact, in which the space containing the system of blocks is divided into rectangular cells. 
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Each block is mapped within the cell or cells that it occupies with the occupied space being defined 

as the smallest box with sides parallel to the coordinate system axes containing the block. Figure 

A-4 illustrates the mapping logic for a 2D space. By employing this approach it becomes easy to 

identify the neighbouring blocks of a specific block. As a block moves during the analysis, 

however, it is remapped and tested for contact with other blocks within its vicinity, and this process 

is triggered by the accumulated movement of the block once it exceeds a specific tolerance. By 

employing a scheme for triggering neighborhood searches it is ensured that the data structure for 

all potential contacts is in place before physical contact takes place. Furthermore, it is ensured that 

contact searching is only done for moving blocks, and therefore time is not wasted on relatively 

inactive blocks. 

 

Figure A-3: (a) Contacts between two rigid blocks, and (b) detail of rounded corner-to-edge 

contact (rounding length is exaggerated) (Itasca, 2014) 

 

 

Figure A-4: Example of block mapping to cell space in 2D (Itasca, 2014). 
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A.2.5 Joint Behaviour Model 

While for the numerical representation of a block system corner-to-corner contacts and edge-to-

corner contacts need to be defined, physically it is also important to fully define edge-to-edge 

contacts, especially in rock joint simulations which are closed along their entire length. A joint 

comprising a physical contact consists of two numerical contacts and is divided in half. Each of the 

two separate parts supports its own contact stress (Figure A-5), and incremental normal and shear 

displacements are calculated for each point contact and associated length. 

 

Figure A-5: Contacts and domains between two deformable blocks (Itasca, 2014). 

 

 Edge-to-edge contacts can be assigned a constitutive model in order to perform the 

necessary calculations, and in UDEC the assigned constitutive model aims for the application of 

features corresponding to the physical response of rock joints. In the normal direction, a linear 

stress-displacement is adopted based on Equation A-14: 

 Δσ = −k Δu  [A-14]

where  is the effective normal stress increment,  the normal stiffness, and  the normal 

displacement increment. 
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Furthermore, the joint is also assigned strength properties which describe its response 

relative to the imposed load conditions. More specifically, for a limiting tensile strength ft assigned 

to the contact, as soon as the contact normal stress exceeds that, the normal stress is set to 0 as the 

contact fails in tension. In a similar fashion, in shear the contact response is controlled by the shear 

stiffness , cohesion C and friction angle φ according to Equations A-15 and A-16: 

 |τ | ≤ C + σ tan φ = τ  [A-15]

 Δτ = −k Δu  [A-16]

where  is the ultimate shear strength, | | the shear stress at a given moment,  the effective 

shear stress increment, and  the elastic component of the incremental shear displacement. When 

the imposed shear stress exceeds the ultimate shear strength then: 

 τ = sign(Δu )τ  [A-17]

where sign(x) is the signum function. 

 The aforementioned form the Coulomb slip model used in UDEC. Moreover, as joint 

dilation is possible to occur at the onset of the joint slip (non-elastic sliding), a dilation angle ψ can 

be specified. The accumulated dilation is in general limited under high normal stresses or large 

cumulative shear displacements exceeding a limiting value. These constraints aim to capture the 

effect of asperities crushing under high normal loads or large shearing that would prevent joint 

dilation. Other more sophisticated models are also available in UDEC but out of the scope of this 

study. 

A.2.6 Deformability of Blocks 

Depending on the model specifications blocks in the DEM method may be either rigid or 

deformable. Rigid blocks (Cundall, et al., 1978) are appropriate for some problems in which distinct 

blocks are not expected to have their shape changed due to the imposed loads (e.g. low stress 

environment conditions). 

 However, this is not the usual case. In order to capture the block deformability, blocks are 

discretized internally by using finite-difference triangular elements, as shown in Figure A-6. 
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Triangular elements are preferred over constant-strain, finite-difference quadrilaterals that may 

have hourglassing problems (Itasca, 2014). The vertices of the triangular elements are gridpoints 

with the equations of motion for each gridpoint i following Equation A-18: 

 ü =
∫ σ n ds + F

m
+ g  [A-18]

where s is the surface enclosing the mass m lumped at the gridpoint,  is the unit normal to s,  is 

the resultant of all external forces applied to the gridpoint (externally applied loads, contact forces, 

internal stresses at the zones), and is the gravitational acceleration. For more information the 

reader is referred to Itasca (2014). 

 

Figure A-6: Zoning within a model containing a system of continuous and discontinuous 

joints (Itasca, 2014). 

 

A.2.7 Mechanical Damping 

In the DEM method mechanical damping is employed in order to deal with static (non-inertial) and 

dynamic problems. For problems under static conditions, an approach similar to dynamic 

relaxation, as proposed by Otter et al. (1966), is adopted. Within this approach, the equations of 

motion are damped to achieve a force equilibrium state as quickly as possible depending on the 
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applied initial and boundary conditions. The magnitude of the applied damping force is 

proportional to the velocity of the blocks, either by employing an adaptive global damping scheme 

(Cundall, 1982) (i.e. a numerical servomechanism approach), in which the damping constant is 

automatically adjusted so that the absorbed power is proportional to the rate of change of kinetic 

energy in the system, or a local damping scheme by adjusting the damping force on a node by 

making it proportional to the magnitude of the unbalanced force. In the later, energy is always 

dissipated. For problems of dynamic nature, damping during the numerical simulation needs to 

approximately reproduce the energy losses in the natural system. However, due to the mainly 

hysteretic (i.e. independent of frequency) natural damping in soils and rocks, it is difficult to 

reproduce this type of damping numerically. In UDEC Rayleigh damping is such cases and the 

reader is referred to Itasca (2014) for more information. 

A.2.8 Mechanical Time Step and Solution Stability 

The DEM method uses a conditionally stable solution scheme by employing a limiting time step 

which satisfies the stability criterion for both the calculation of internal block deformation and 

inter-block relative displacement. The required time step  is given from: 

 Δt = 2 min 
m
k

.
 [A-19]

where  is the mass associated with the block node i, and  is the measure of stiffness of the 

elements surrounding the node. The stiffness term is determined based on the combined effect of 

both the intact rock and the discontinuities present. 

 For calculations of inter-block relative displacement, similarly to a single degree-of-

freedom system, the limiting time step  is given from: 

 Δt = frac 2 
M
K

.
 [A-20]

where frac is a value typically selected as 0.1 accounting for the fact that a single block may be in 

contact with several blocks simultaneously,  is the mass of the smallest block in the system, 
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and  is the maximum contact stiffness. The controlling time step is given as the minimum 

between Equations A-19 and A-20. 

A.3 The Finite-Discrete Element Method (FDEM) 

A.3.1 FDEM Overview 

The combined finite-discrete element method (FDEM) merges finite element tools and techniques 

with discrete element algorithms. More specifically, finite element-based analysis of continua is 

combined with discrete element-based transient dynamics, contact detection and contact interaction 

solutions. Therefore, systems comprising of a large number of deformable bodies may interact with 

one another and in this process they can break, fracture or fragment (Munjiza, 2004). Due to the 

capability of the method to allow for the dynamic simulation of multiple interacting objects, a 

simulation can begin with either a single intact domain or a collection of discrete intact bodies, as 

shown in Figure A-7. 

 

Figure A-7: A combined finite-discrete element problem consisting of two discrete elements 

with each discrete body being discretized into finite elements (Munjiza, 2004). 
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 During the simulation the two bodies can deform elastically, translate, rotate, interact, and 

fracture depending on the fracture criteria assigned to the model, hence resulting in new discrete 

bodies (Geomechanica Inc., 2017). The discrete bodies created, as a result of the fracturing 

processes taking place during the simulation, can undergo further movement, deformation, 

interaction and fracture. As the nature of the deformation of the individual discrete elements may 

involve finite rotations, finite strains, and material non-linearity including fracture and 

fragmentation, the transition from continua to discontinua leads to an ever changing geometry of 

individual discrete elements and/or changing the total number of discrete bodies present in the 

model (Munjiza, 2004). Furthermore, the transient dynamics of each discrete element together with 

the possible state of rest, and energy dissipation mechanisms (such as elastic hysteresis, non-

reversible plastic strain, material fracturing and friction) are taken into account during the analysis. 

A.3.2 Governing Equation 

Within Irazu (Geomechanica Inc., 2017), each of the intact model domains is discretized with a 

mesh comprised of 3-node, constant strain triangular elements and the calculations are based on 

the generalized governing equation of motion as shown: 

 ü + Cu̇ + f (u) − f (u) − f (u) − f (u)=0 [A-21]

where M is the lumped mass matrix (diagonal), C the viscous damping matrix (diagonal) which is 

required to account for energy dissipation due to non-linear material behaviour and model quasi-

static phenomena by dynamic relaxation (Munjiza, 2004), ̈ , ̇  and  vectors of nodal accelerations, 

velocities and displacements respectively,  is the vector of internal resisting forces defined as 

the sum of elastic reaction forces, crack element bonding forces, and reinforcement forces,  is 

the vector of applied external loads,  is the vector of contact forces, and  is the vector of fluid-

pressure forces (if applicable in the analysis). 

 At each simulation time step the nodal coordinates are updated by integrating Equation A-

21. For each node the velocity is obtained at time t+Δt from Equation A-22: 
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 u̇ = u̇ +
f

m
Δt [A-22]

where  is the integration time step, f is the vectorial sum of all applied forces to the node, and m 

is the nodal mass. Then, the updated nodal position is determined as: 

 u = u + u̇ Δt [A-23]

By imposing a zero velocity boundary condition a zero nodal displacement condition is applied. 

For the conducted calculations an explicit time integration scheme is adopted and the solver is 

conditionally stable. Therefore, in order to ensure the convergence of the analysis the selected time 

step size is required to be smaller than a critical value, as shown for the DEM method as well. This 

critical value is proportional to the smallest element size in the model divided by the P-wave 

velocity of the elastic medium. Additionally, the stability of the numerical analysis depends on the 

selected value of the viscous damping coefficient and the adopted penalty terms. The overall 

simulation procedure in Irazu is shown in Figure A-8. 

 

 

Figure A-8: Complete simulation workflow in Irazu (recreated after Geomechanica Inc., 

2017). 
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A.3.3 Deformation of Finite Elements 

Within the FDEM method, the elastic deformation of intact material is simulated as a continua 

based on the principles of the linear elastic theory by using constant-strain triangular elements 

(Munjiza, 2004; Lisjak, et al., 2014a). By using the finite element strains, the stresses of the 

elements are calculated by using a constitutive relationship by assuming either isotropic or 

transversely isotropic conditions. As a result of the elastic deformation that the material 

experiences, equivalent nodal forces are calculated and used to solve the motion equation (Equation 

A-21) over the next integration time step. In the Irazu software nodal deformation forces are 

calculated for all elements with the exception of elements that are marked as excavated 

(Geomechanica Inc., 2017). 

 At each time step the deformation of the elements is determined based on the difference 

between the initial configuration of the model (i.e. undeformed state) and its current configuration 

(i.e. deformed state), described by three systems of reference (Figure A-9): 

1. Global frame: Reference frame defined by a pair of orthogonal unit vectors coincidental to 

the axes of the Cartesian coordinate system (unit vectors i and j in Figure A-9). 

2. Initial local frame: Reference frame fixed in space and made to coincide with the edges of 

the finite element. It is defined by a pair of non-orthogonal, non-unit vectors ̂ and ̂. 

3. Deformed local frame: Reference frame moving along with the edges of the finite element 

to which it is made to coincide. It is defined by a pair of non-orthogonal non-unit vectors ̌ 

and ̌. 
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Figure A-9: A constant strain 3-node triangular finite element in its initial (i-subscript), 

undeformed state, and its current, deformed state (c-subscript) (Geomechanica Inc., 2017). 

 

 Based on the global frame, the deformation gradient tensor, F, and the velocity (v) gradient 

tensor, L, are expressed as matrices and calculated as follows: 

 F =

⎣
⎢
⎢
⎢
⎡
∂x
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= L F  [A-25]

By using the deformation gradient tensor, the matrix of the Cauchy-Green strain tensor, B, for small 

strains is calculated as: 

 B = FF =
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 [A-26]

and based on the obtained velocity tensor, the matrix of the rate of deformation tensor, D: 
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 [A-27]

therefore, finally, the matrix of the Green-St. Venant strain tensor, E, is calculated from: 

 E =
1
2

(B − I) [A-28]

where I is the identity matrix. 

 Once the strain tensor has been determined, constitutive laws based on isotropic linear 

elasticity and transversely isotropic linear elasticity are used in order to calculate the obtained 

strains. Specifically, for the case of materials simulated using the isotropic model, the Cauchy stress 

tensor, and for the application of the method in tunnelling models, is obtained for plain strain 

conditions based on the following formulation: 

 

σ
σ
σ
σ

=
E

(1 − 2v)(1 + v)

1 − v v
v 1 − v
0        0
0        0

     0            0
     0            0

     1 − 2v 0
     0 1 − 2v

ε
ε
ε
ε

 [A-29]

where E is the Young’s modulus, v is the Poisson’s ratio, σij the stress and εij the strain. Other 

models are also available in Irazu (plane stress, Lamé etc.) but there are out of the scope of this 

study. For more information the reader is referred to Irazu’s manual (Geomechanica Inc., 2017). 

Regarding the viscous stresses, these are computed by multiplying the deformation rate tensor, D, 

by the viscous damping coefficient, kvs, and then added to the elastic stresses. The theoretical critical 

damping coefficient, by assuming that a 3-node element is a one-degree-of-freedom-mass-spring-

dashpot system, is given by: 

 k , = 2h ρE [A-30]

where ρ is the density of the element, and h is the average edge length of the element. 

 Once the stresses have been calculated, for each node of the triangular element, normal 

vectors of the opposite edge are calculated. The edge traction for each of the three edges is equally 

distributed among each of the nodes that belong to a specific edge. To the nodal forces due to the 
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element deformation, external loads according to Equation A-21, including pressure and 

gravitational force, are also taken into account in order to complete the calculations. 

A.3.4 Interaction between Discrete Elements 

During an FDEM simulation, a large number of discrete elements can interact, and to accurately 

capture this behaviour the contacting elements need to be detected first. From the detected contacts 

the interaction forces can be then calculated, with the contact interaction forces being determined 

for the elements that overlap in space. 

 Based on the distributed contact force penalty function method proposed by Munjiza and 

Andrews (2000), the repulsive forces between contacting elements are calculated. The main 

assumption of this method is that contacting element couples penetrate into each other which result 

in contact forces depending on the size and shape of the resulting overlapping area. In Figure A-10 

an illustration of that concept is demonstrated. As observed, the overlapping area S of two discrete 

bodies, namely the contactor Ec and the target Et with Γi the perimeter of each one, creates 

infinitesimal repulsive interaction forces, df, due to the infinitesimal area, dA. These repulsive 

forces are given by the difference in the gradients of the potential functions of the elements φc and 

φt at the points Pt and Pc according to: 

 df = [gradφ (P ) − gradφ (P )]dA [A-31]

with the total force obtained by integrating this infinitesimal force over the overlapping area S 

according to Equation A-32. 

 f = [gradφ (P ) − gradφ (P )]
∩

dA [A-32]

Assuming that each of these two discrete bodies is discretized into a different number of finite 

elements respectively, the potential functions φc and φt can be expressed as the summation of the 

potentials for the constituent triangular finite elements. Subsequently, the total repulsive force can 

be expressed as a summation over the finite elements. 
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Figure A-10: Illustration of infinitesimal repulsive force which is generated due to the 

infinitesimal penetration of two discrete bodies (Tatone & Grasselli, 2015). 

 

 For two interacting bodies consisting of finite elements (Figure A-11a), by focusing on two 

contacting triangular finite elements (Figure A-11b), the potential at each point P is given by: 

 φ (P) = P is inside E , p ∙ min{3A A⁄ , 3A A, 3A A}⁄⁄
Else                                                0             

 [A-33]

where pn is the normal penalty coefficient, A is the elemental area, A1, A2, and A3 are the areas of 

the triangles formed by nodes 1, 2 and 3 to the point P. Therefore, by adopting this approach the 

potential is equal to pn at the centroid of the triangular element and zero at its edges. Via 

interpolation between the centre point and the nodes of Ecj the potential at the intersection points Pi 

is determined (Figure A-11c). The area representing the distribution of the potential on AB defines 

the total contact force exerted on the edge AB of Ecj due to the potential of the element Eti. This 

force is applied as equivalent nodal forces at points A and B and as reaction forces in the opposing 

direction on the nodes of Eti (Figure A-11d). To determine the total interaction force this process is 

repeated for the remaining edges of the element Ecj. 
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 As the penalty value tends to an infinite value, the discrete bodies approach an 

impenetrability condition. In practice, however, a finite value needs to be assigned, and as larger 

values are adopted temporal integration problems may rise. Despite the reduction in the overall 

stiffness of a model due to allowing some amount of elemental interpenetration, this effect can be 

minimized if a sufficiently large value for the penalty value pn is adopted. 

 

Figure A-11: Determination of repulsive forces: (a) two interacting discrete bodies comprised 

of triangular finite elements. (b) Two interacting triangular elements. (c) Distribution of 

potential of element Etj on edge AB. (d) Equivalent nodal forces due to the potential of Etj on 

edge AB (Tatone & Grasselli, 2015). 

 

 Moreover, frictional forces between contacting elements are computed by employing a 

Coulomb-type friction law (Mahabadi, et al., 2012b). Frictional forces can be applied to intact 

material, pre-existing and newly generated fractures. Due to the use of an explicit integration 

scheme, frictional resistance has to be mobilized over some finite amount of displacement between 
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the interacting edges. This displacement is controlled by a tangential penalty term, pt, as shown in 

Figure A-12. The sliding distance δs, which is the relative displacement along the interacting edges 

of the triangles Eti and Ecj, is initially zero and is updated at every time step. In Figure A-12 it is 

shown that the tangential stress σtan is calculated according to Equation A-34: 

 σ = min[p ∙ h ∙ |δ |, |μ ∙ σ |] [A-34]

where h is the element edge length, σn is the normal stress across the interacting edges, and μ the 

friction coefficient (i.e. the tangent of the friction angle tanφr). The sign of the tangential stress is 

given by that of the sliding distance. In similar fashion to the repulsive interaction forces, the 

tangential stresses are applied as equivalent nodal forces. For the interacting edge of the triangle 

Eti, they are distributed between the nodes comprising the element, and for the edge of Ecj parallel 

to the vector t, they are applied as reactionary forces. Once δs is such that | ∙ | ≤ ∙ ℎ ∙ | |, its 

value is set to: 

 δ =
σ
p ∙ h

 [A-35]

This ensures that σtang is given by the value of ∙  for all subsequent time steps. 

 As the tangential penalty value tends to infinity, a condition of complete friction 

mobilization at the initiation of sliding is approached. Similarly to the normal penalty value, when 

large values of the tangential penalty term are adopted, temporal integration problems may occur. 

While the overall stiffness of the system decreases as a result of allowing some amount of inter-

elemental sliding, if an appropriate value is selected then this contribution becomes negligible; 

hence ensuring that inter-elemental sliding is such that no integration problems rise and the impact 

on the system stiffness is limited. 



354 

 

 

Figure A-12: Definition of tangential frictional force as a function of the relative sliding 

distance between interacting elements (Tatone & Grasselli, 2015). 

 

A.3.5 Damage and Fracture 

According to the concepts of non-linear fracture mechanics introduced by Dugdale (1960) and 

Barenblatt (1962), initiation and propagation of fractures are captured explicitly within Irazu by 

using the FDEM method. The simulation principles rely on the fact that once the tensile strength 

of the material is exceeded at the tip of a crack, a disturbed zone around it is created. The material 

response within this zone is non-linear and is known as the fracture process zone (FPZ), as shown 

in Figure A-13a. For materials with a brittle behaviour, such as hard rockmasses, their response 

and therefore the FPZ are characterized by micro-cracking and interlocking, with the FPZ being 

able to transfer load across the fracture walls (Labuz et al., 1985) (Figure A-13a). 

 In order to replicate the creation and load carrying capacity of the FPZ, 4-node interface 

crack elements are used (Figure A-13a). These elements follow the edges between the triangular 
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elements and they have nodes that coincide with them (Figure A-13a). Therefore, the application 

of a constitutive model that controls the material behaviour, which is essential for continuum 

approaches (FEM, FDM etc.), is not necessary in the FDEM method. On the contrary, the material 

strength is controlled by the strength of these interface elements and the onset and propagation of 

fractures does not need to be predetermined, hence fracture trajectories can develop arbitrarily 

within the constraints imposed by the mesh topology. Depending on the imposed loading 

conditions, developed local stresses and relative fracture wall displacements, the interface elements 

may yield and break in tension (Mode I or opening mode), in shear (Mode II-sliding mode) or in 

mixed condition in which both tension and shear lead to fracturing (Mode I-II or mixed mode), as 

shown in Figure A-13b and c. 

 Based on the principles of the cohesive model originally proposed by Hillerborg et al. 

(1976), fracture initiation and propagation due to tension (Mode I) occurs once the opening of the 

interface element (or crack element), o, reaches a critical value , op, which corresponds to the 

intrinsic tensile strength of the element, ft (Figure A-13b). As the opening becomes larger, a decay 

in the imposed normal stress, σn, occurs until a residual opening value, or, is reached; hence 

resulting in the creation of a traction-free surface. For Mode II fractures, a slip-weakening model, 

similar to the one proposed by Ida (1972), is adopted to simulate fracture initiation and propagation 

in shear when the tangential slip of a crack element, s, reaches a critical value, sp, corresponding to 

the intrinsic shear strength of the element, fs (Figure A-13b) given by: 

 f = c + σ tanφ  [A-36]

where c is the internal cohesion, φi is the internal friction angle, and the normal stress acting across 

the interface element σn. As the crack element undergoes further slip, once its shear strength is 

exceeded, a gradual reduction in the tangential stress occurs until the residual slippage, sr, is 

exceeded. At this point, a physical discontinuity is formed and the fracture walls have a purely 

frictional resistance for the rest of the simulation depending on the friction angle and the imposed 

normal stress. 
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 When the crack element undergoes a combination of Mode I and Mode II fracturing (mixed 

mode), the resultant crack displacement is taken into account to determine the fracturing process 

via the following criterion: 

 
o − o
o − o

+
s − s
s − s

≥ 1 [A-37]

where the values of the residual opening and slip are expressed as a function of the tensile and shear 

strengths ft and fs of the crack element respectively, and the fracture energies in Mode I and Mode 

II GIi and GIIi according to: 

 o = o
3G

f
 [A-38]

 s = s
3G

f
 [A-39]

with peak opening and slip determined as: 

 o = 2hf p⁄  [A-40]

 s = 2hf p⁄  [A-41]

where h is the nominal element edge length, and pf the fracture penalty term. 

 As shown in Figure A-13b, the values of the fracture energies are equal to the area under 

the curves and they include the contributions of the surface energy of the newly created fracture 

surfaces along with the energy consumed in the damage process. The post-peak gradual reduction 

of the normal σ and tangential τ stresses acting on a crack element is controlled by a softening law 

(Munjiza, et al., 1999) according to: 

 σ = f(D) ∙ f  [A-42]

 τ = f(D) ∙ f  [A-43]

where f(D) is a heuristic function that approximates the shape of the experimental stress-

displacement curves of Evans and Marathe (1968). As an interface element yields these bonding 

(normal and tangential) stresses are applied as equivalent nodal forces, and once it breaks, the crack 

element is effectively removed from the model. Following that, the response of the element edges 
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is controlled by the interaction algorithms. For more information the reader is referred to Munjiza 

(2004), Tatone and Grasselli (2015), and the Irazu manual (Geomechanica Inc., 2017). 

 

 

Figure A-13: (a) Fracturing process implemented into Irazu based on the FDEM approach: 

(Top) Conceptual model of tensile fracturing in a heterogeneous rock material, (Middle) 

theoretical Fracture Process Zone (FPZ) model of Hillerborg et al. (1976), and (Bottom) 

FDEM representation of a fracturable body. (b) Constitutive behaviour of interface elements: 

(Top) Failure of the interface elements in tension-Mode I, and (Bottom) in in-plane shearing-

Mode II. (c) Representation of the coupling relationship between crack opening and crack 

slip for mixed-mode fracturing (Recreated after Lisjak, 2013). 
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Appendix B 

Discontinuum Analysis for Tunnelling Purposes: Procedure and 

Considerations for Creating 2D Models by Applying the FDEM Method 

This appendix is presented as a paper in the Proceedings of the 71st Annual Conference of the Canadian 
Geotechnical Society (CGS) GeoEdmonton 2018, Edmonton, Canada, Sept. 23-26 2018: 
Vlachopoulos, N., and Vazaios, I. 2018. Discontinuum Analysis for Tunnelling Purposes: Procedure and 
Considerations for Creating 2D Models by Applying the FDEM Method. In the Proceedings of the 71st 
Canadian Geotechnical Conference GeoEdmonton, Edmonton, Canada, September 23-26 2018. 
 
 

B.1 Introduction 

Underground excavations are becoming more and more common as alternative infrastructure 

‘spaces’ as civil surface infrastructure becomes more congested and constrained. These spaces, 

serving multiple purposes, including: transportation, mining, containment of hazardous 

contaminants, storage of valuable resources etc. have become more complex due to modern 

society’s requirements and as a result of the increasing demand in underground development. As 

such, numerous projects take place at greater depths under high magnitude stresses and within more 

competent, hard rockmasses. 

Numerical modelling has proven a valuable tool for the design process of such projects as 

it allows the design engineers to simulate various conditions and take into consideration multiple 

scenarios in order to obtain a better insight of the rockmass response during the excavation process 

and to assist in optimizing the employed design. Developed underground excavation and tunnel 

numerical models in most cases are based on traditional failure criteria such as the Mohr-Coulomb 

or the Hoek-Brown (Hoek, et al., 2002) which depend on the peak shear strength of a material to 

predict its response during an excavation process. Work by various researchers (Vlachopoulos, 

2009; Vlachopoulos, et al., 2013; Oke, et al., 2014a; Langford, et al., 2015) have shown the 

applicability of such an approach within weak rockmasses (i.e. heavily fractured, disturbed, and 
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soft rocks) in which high magnitude displacements are expected. Under these rockmass conditions 

shearing is the dominant failure mechanism and the numerical analysis results are in agreement 

with relevant field observations. 

However, within hard, competent, massive, highly interlocked rockmasses at low 

confinement environments around a tunnel excavation boundary, the material response in not 

driven by shear failure. On the contrary, brittle failure associated with hard rock underground 

excavations is well documented (Kaiser & McCreath, 1994; Lee, et al., 2004; Diederichs, et al., 

2004) and the material response is governed by the tensile strength of the rockmass, with the 

medium failing in extension due to high magnitude compressive induced stresses as a result of the 

excavation (Diederichs, 2003; 2007). Therefore, conventional shear based failure criteria are not 

appropriate for capturing this rockmass brittle behaviour (Appendix C) and other numerical 

techniques are more appropriate for such instances. Different approaches for the numerical 

simulation of brittle failure include the use of continuum modelling and the application of a 

cohesion weakening friction strengthening (CWFS) model (Hajiabdolmajid, et al., 2002; 

Diederichs, 2007; Perras & Diederichs, 2016), discontinuum modelling based on the discrete 

element method (DEM) (Potyondy & Cundall, 2004; Shin, 2010; Farahmand, et al., 2017), and the 

hybrid finite-discrete element method (FDEM) (Mahabadi, 2012; Lisjak, et al., 2015) 

The modelling procedure of a two-dimensional (2D) numerical model for the simulation 

of a tunnel excavation at great depths in a massive rockmass by applying the FDEM method is 

discussed herein. The tunnel scale model is built in the numerical package Irazu (Geomechanica 

Inc., 2017) and various aspects of the model are examined in order to provide guidelines for the 

setup of a numerical model at a tunnel scale. 

B.2 Model Setup 

Brittle fracturing within hard rock excavations is controlled by extensile cracks along the direction 

of high magnitude compressive stresses forming around the tunnel boundary as the in situ stress 
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field changes due to the underground opening. The potential of the FDEM method to capture these 

complex failure mechanisms under low confining stresses was demonstrated in this study by using 

the well documented case of the Underground Research Laboratory (URL) Test Tunnel (Martin, et 

al., 1997), located in Pinawa, Manitoba in Canada. The numerical model that was generated for 

this purpose is illustrated in Figure B-1, and hereafter it will be used in this paper as the reference 

model in order to discuss the features, considerations and limitations of this modelling approach 

for deep, underground, hard rock excavations. 

 
Figure B-1: Tunnel model configuration for the URL Test Tunnel created in Irazu. The model 

is divided into four different areas A, B, C and D with the element size being 0.03-0.5 m, 0.03 

m (constant size employed), 0.03-1.5m, and 1.5-2.5 m respectively. 

 

B.2.1 Element Size 

In continuum numerical techniques, usually smaller element sizes result in higher accuracy results. 

However, as noted by Diederichs (2007), for the simulation of brittle processes, small element sizes 

may lead to unrealistic stress and strain localization, with a coarser mesh of higher order elements 
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being more preferable to capture the high stress gradients of the lower order elements of a finer 

mesh. 

 Unlike continuum approaches, in order to capture the brittle fracturing processes of hard 

rock excavations, the adopted element size should be small enough relative to the scale of the model 

in order to secure that the generated fracture pattern is going to be relatively independent of the 

adopted mesh configuration and that the fracturing mechanisms are adequately captured (Gao & 

Stead 2014, Farahmand & Diederichs 2015, Tatone & Grasselli 2015). For the reference model the 

selected element size was approximately 2% of the tunnel radius R=1.75 m (i.e. 0.03 m) which is 

considered adequate for the simulation of brittle fracturing. This element size was uniform and was 

adopted for only a smaller sub-domain of the numerical model within which material fracturing 

was expected. In this domain of interest, it is strongly advised that a graded mesh be avoided and a 

mesh with a uniform element size is required. Larger element sizes as one is moving towards the 

model boundaries (similar technique as that used within continuum models) can be adopted and 

out of the area of inters a graded mesh can be used (Figure B-1). 

B.2.2 External Boundary and Boundary Conditions 

In most geomechanics problems, a semi-infinite medium (i.e. the ground surrounding an 

excavation) is involved, however, the FDEM method, similar to the finite element method (FEM) 

and the discrete element method (DEM) requires a finite computational domain. Therefore, the 

need for artificial far-field boundary conditions arises (Mahabadi, 2012). 

 For tunnel models using the FEM method, pins and rollers are typically used in order to 

simulate the far field conditions depending on the specific requirements of the project. For example, 

for the simulation of a tunnel close to the ground surface where the vertical displacement needs to 

be captured, a free boundary is assigned to the ground surface, rollers (i.e. zero horizontal 

displacement) are assigned to the sides and pins (i.e. zero horizontal and vertical displacements) at 
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the bottom of the tunnel. On the contrary, for a deep tunnel there is no such requirement and usually 

pins are utilized along the external boundary. 

In a similar fashion within the FDEM method, the external boundaries are assigned a 

displacement condition for the simulation of the far field conditions. However, in dynamic 

problems, these boundary conditions may cause unrealistic reflections of outward propagation 

stress waves (Mahabadi, 2012). One way to prevent boundary effects is by extending the domain 

boundaries far enough away. This is similar to techniques used in FEM tunnel models in which the 

plastic zone surrounding the opening dictates the external boundaries (Oke, et al., 2014b). 

However, due to the high speed of elastic waves in rock materials, this solution is often 

computationally impractical. A valid alternative integrated into Irazu (Geomechanica Inc., 2017) is 

the use of an absorbing (non-reflective) boundary condition which allows for the necessary energy 

dissipation. Based on the solution proposed by Lysmer and Kuhlemeyer (1969), viscous boundary 

tractions are used to numerically absorb the kinetic energy of incident waves (Mahabadi, 2012). 

Based on the work by Lisjak (2013) and the modelling conducted in this study, the ratio between 

the width of the external boundary and the diameter of the opening (W/D) should be at least 

between 10 and 15, and an absorbing boundary condition should be applied. 

B.2.3 Field Stresses 

The final stress state, deformation, stability conditions and the potential failure mode within the 

vicinity of an underground opening depends on the in situ stress distribution and magnitude. In the 

FDEM method, the specified stress state is translated into nodal forces that gradually deform the 

finite element mesh until a static equilibrium has been achieved. These assigned stresses form the 

initial conditions of the rockmass prior to the excavation. 

For tunnelling projects, and especially for deep tunnels in situ stresses are frequently 

initialized by assigning a uniform Cauchy stress tensor in the entirety of the modelling domain 
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(deep tunnel assumption). In this way, gravity induced stress gradients are neglected, which are 

more appropriate for a tunnels closer to the ground surface. 

B.2.4 Analysis Method for Capturing 3D in 2D Analysis 

Since the effect of an excavation in a rockmass is 3D in nature, within 2D plain strain analyses, the 

progressive displacement of the tunnel boundary must be recreated in order to replicate the gradual 

loss of confinement due to the excavation sequence. 

Within the Irazu software, the face replacement method is used in order to replicate the 3D 

effect. Plane strain simulation of tunnel advance in this method involves the replacement of the 

tunnel core with unstressed, elastic material of reduced modulus during each step. In this way the 

tunnel boundary is allowed to converge during the subsequent model step until the stresses 

reestablish in the tunnel core and a temporary equilibrium is reached (Vlachopoulos & Diederichs, 

2014). 

The reduction of the modulus is performed in a linear fashion over a number of steps until 

the complete removal of the excavation material. Since the excavation within the FDEM method is 

a dynamic process, the user must ensure that a large number of steps is employed in order to secure 

that pseudo-static stress conditions are maintained at each stage of the excavation and dynamic 

oscillations are avoided. If the number of steps in not adequate for the simulation of the excavation, 

then dynamic effects may occur which may result in unrealistic fracturing processes and damage 

extents. 

B.2.5 Selection of Penalty Values 

Without the presence of the interface elements, the emergent tangent elastic modulus and Poisson’s 

ratio measured in an unconfined compression strength (UCS) test should match the input values 

(Tatone & Grasselli, 2015). However, due to the presence of the interface elements that are 

necessary for the simulation of the fracturing processes, the overall effective stiffness of the system 

is reduced as a result of the finite stiffness of these elements and the infinitesimal inter-element 



365 

 

penetrations. To maintain the correct emergent elastic behaviour (Figure B-2) appropriate values 

of the Young’s modulus, Poisson’s ratio, and the penalty terms used have to be selected. While 

large penalty term values ensure that the linear elastic response is achieved, smaller time steps are 

required in order to maintain numerical stability during the analysis. Therefore, a balance between 

computational cost and the desired material response is required. 

In order to achieve the emergent elastic properties of a given rock material, Tatone and 

Grasselli (2015) used the modulus and Poisson’s ratio obtained from laboratory testing as input and 

then calibrated the three penalty terms (normal contact penalty, tangential contact penalty, and 

fracture penalty). On the other hand, in terms of the simulation of the URL Test Tunnel, an 

assumption that the penalty terms are an order of magnitude mode that Young’s modulus was made 

and calibrated the modulus and Poisson’s ratio based on that assumption. This ensured that the 

already small time step (due to the element size) would not have to be further decreased. 

 

 
Figure B-2: (a) Photograph of the URL Test Tunnel (after Diederichs 2007) showing the 

damage profile observed in situ. (b) Damage profile from the FDEM model (highlighted 

black) after the completion of the numerical analysis. Fractures in extension (Mode I) are red 

and fractures in shear (Mode II) are green. 

 

B.2.6 Strength Parameter Selection 

Having determined the penalty terms and the deformability parameters of the numerical model, the 

parameters controlling the fracturing process of the material can then be calibrated. Tatone and 

Grasselli (2015) suggest that cohesion c, friction angle φ, and tensile strength ft can be used initially 
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directly from laboratory testing results and the fracture energy parameters are determined in order 

to recreate the observed failure mechanisms in UCS and Brazilian numerical tests. Furthermore, it 

is noted that multiple combinations of fracture parameters can yield the same peak macroscopic 

strength. 

For a tunnel scale model, however, this calibration can be more complicated as the in situ 

rockmass strength is almost always lower than the strength obtained in the lab. For the simulation 

of the URL Test Tunnel, initially an attempt to calibrate a large scale UCS and Brazilian test was 

performed in order to determine a set of parameters yielding the same UCS and indirect tensile 

strength as the massive granite of the URL (Martin, 1994). However, once these strength 

parameters were applied in a tunnel scale model, no fracturing was observed, hence, indicating that 

reduced strength parameter values should be used. 

The second phase of the calibration process focused on using the laboratory test results for 

c, φ, and ft and adjust GI and GII to capture the v-shaped notch observed at the URL Test Tunnel. 

Slight adjustments of the c, φ, and ft allowed for the replication of both the damage extent and the 

failure mechanism (spalling) within the numerical model based on field observations, as shown in 

Figure B-2. By using these established strength parameters within a UCS, numerical test showed 

that the UCS strength of the rockmass in situ is almost half of what reported from lab testing (Figure 

B-3); a finding consistent with other researchers (Hajiabdolmajid, et al., 2002; Potyondy & Cundall, 

2004; Cai & Kaiser, 2014). In a similar fashion, Lisjak et al. (2015) also reported that calibration 

of a tunnel scale model based on laboratory tests results does not yield results consistent with in 

situ observations and calibration of the tunnel scale model has to be performed based on material 

response observed in the field. 
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Figure B-3: Stress-strain curves obtained from the UCS test using calibrated strength 

parameters for the interface elements. 

 

B.2.7 Damping Coefficient 

For quasi-static problems, such as a tunnel excavation, a critical damping factor should be used in 

order to dissipate unwanted dynamic oscillations. Higher values of the damping coefficient 

suppress high-frequency stress waves, hence, resulting in the in the replication of quasi-static 

conditions (Tatone & Grasselli, 2015). However, by increasing significantly the viscous damping, 

the time step size decreases and therefore a balance needs to be maintained as it affects the total 

computation time. 

B.2.8 Timestep and Analysis Steps 

Having established the aforementioned parameters of the analysis for a tunnel scale model, the final 

step is to determine the required timestep size and the number of required time steps to run the 

analysis. If the timestep size is too big, the model will not run or will undergo numerical instability. 

On the contrary, very small timesteps result in very long computational times if results are to be 

obtained. The timestep size depends on several factors which include: the element size (larger 
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elements result in larger timesteps while smaller elements in smaller timesteps), the density of the 

material (by increasing the material density the timestep size increases), the Young modulus of the 

material (large Young moduli values result in smaller timesteps), the viscous damping (increase in 

damping requires smaller timesteps), and the penalty terms (increased values of the penalty terms 

decrease the required timestep). In order to achieve an optimal timestep, a trial-and-error process 

is required depending on the model requirements and the simulated materials. 

Once the timestep size has been established, the number of time steps for the analysis have 

to be determined. Typical simulations require from a few hundreds of thousands to several million 

time steps. The number of time steps required depends on the timestep size, as an analysis with a 

larger timestep size requires less steps than an analysis with a smaller timestep size until accurate 

results are obtained. Based on the work in this study for a timestep size between 4×10-8 s and 6×10-

8 s a number between 300,000 to 600,000 for the initialization of the geostatic stress state, 1,500,000 

to 3,000,000 steps for the excavation process, and 500,000 to 700,000 for the establishment of 

equilibrium after the complete removal of the tunnel core material appears to be adequate for a 

tunnel scale simulation in brittle rocks. Additionally, the expected damage extent around the 

excavation should be taken into account as well in order to determine the number of time steps 

required. 

B.3 Model Verification 

After the model has been generated, the user has to ensure that that the input and run parameters 

are appropriate and that they simulate the required field conditions. In this section, a verification 

process of the model is discussed in order to provide selected preliminary guidelines for the user. 

B.3.1 Geostatic Stress State 

Similar to tunnel scale models using the FEM method, prior to the excavation, the in situ stresses 

have to be initialized. In nature, an undisturbed rockmass is under static equilibrium conditions 

which means that the field stresses are balanced and the rockmass remains undeformed unless the 
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in situ stress regime changes. Therefore, in the numerical model the initial stresses have to reflect 

the in situ stress state, and after their initialization the resulting displacements and velocities have 

to be of a very low magnitude approximating zero. In an FDEM model, an adequate number of 

steps during the establishment of the geostatic stresses is important in order to create the required 

field stress regime (Figure B-4). 

 
Figure B-4: Displacement magnitude contours at the completion of the geostatic stage of the 

model. 

 

B.3.2 Model Elastic Response 

During the analysis and by assuming that no-fracturing occurs, the FDEM model should be able to 

reproduce the results of a FEM analysis given the same conditions, as shown in Figure B-5. This 

ensures that the model when behaving elastically produces the same results as well established 

solutions. 
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Figure B-5: Comparison between FDEM and FEM principal stress results. The 

measurements were taken along a horizontal line starting at point A. 

 

B.3.3 Fracturing of Interface Elements 

A properly calibrated model will fracture and form a damaged zone surrounding the underground 

opening, as shown in Figure B-2. The fracturing process depends on the assigned strength 

parameters of the interface elements (as discussed in the previous sections) which once exceeded, 

results in the formation and propagation of cracks. In brittle rockmasses the dominant failure mode 

of the interface elements is in tension due to the extensile state that the material undergoes as a 

result of the high compressive major principal stresses as the tunnel advances. In Figure B-6, it can 

be observed the deconfinement that the rockmass undergoes at the crown of the excavation and the 

resulting failure due to tension. 
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Figure B-6: Crack elements failure envelope and Mohr circles of a single crack element 

failing in extension. 

 

B.4 Model Validation 

Following the calibration and verification of the FDEM tunnel scale model, the obtained results 

have to be compared to the results of established solutions in order to ensure the validity of the 

model and its results. Numerical models developed using the FEM method are usually compared 

to the results of established solutions in order to ensure the validity of the model and its results. 

Numerical models developed using the FEM method are usually compared to well-established 

analytical solutions and field observations in order to validate the results. Especially for weak 

rockmasses, shear based failure criteria integrated into FEM models have produced good results 

(Vlachopoulos, et al., 2013; Oke, et al., 2014a; Langford, et al., 2015) which are validated from 

analytical solutions as well. However, that is not the case for brittle failure as the extensile 
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fracturing involves complex failure mechanisms that are hard to capture based on analytical 

methods. 

While analytical solutions for the brittle failure of hard rocks in tunnel excavations are not 

readily available, well-established continuum modelling methods like the CWFS model 

(Hajiabdolmajid, et al., 2002) or the damage initiation spalling limit (DISL) method (Diederichs, 

2007) can be used for the simulation of brittle fracturing in massive rockmasses, and their results 

can be compared to the FDEM model results. The work in this study demonstrated that the results 

between the continuum approach of the DISL method and the discontinuum FDEM model for the 

simulation of the URL Test Tunnel are in good agreement; mostly regarding the extent of the HDZ 

(Figure B-7). Additionally, acoustic emission (AE) and micro-seismic (MS) events recorded at the 

URL Test Tunnel are in good agreement with the FDEM results. It has to be noted that the 

calibration of the FDEM model using the URL field observations was based on the simulation of 

the HDZ. The EDZ obtained in the numerical model is an emergent feature showing that its 

calibration results in a good representation of the material in situ. Additionally, the results of large 

scale UCS models (Figure B-3) yield similar results to other researchers’ work, as discussed in 

Chapter 5. For more information on the details of the validation process, the reader is referred to 

Appendix C. 

For the modelling of hard rock excavations by applying the FDEM method, the validation of the 

model can be performed by using well-established methodologies of brittle failure based on 

continuum models, with an emphasis on massive, hard rockmasses. Validation of the numerical 

model can also be performed based on field observations given a specific site, if suitable field data 

is available. 
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Figure B-7: Damage profiles obtained from the FDEM model and the FEM model using the 

DISL approach. 

 

B.5 Considerations and Limitations 

B.5.1 Mesh Sensitivity 

The calibration of an FDEM model is performed for a given element size that has to be small 

enough in order to be able to capture the fracturing processes in brittle rocks as discussed earlier. 

Furthermore, numerical methods utilizing a mesh approach for the discretization of the modelling 

domain have an inherent sensitivity to the mesh topology, which may affect the fracture trajectories. 

In order to overcome this, a random discretization scheme should be adopted. Mahabadi et al. 

DISL
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(2012b) and Lisjak et al. (2014) suggest the use of an unstructured Delaunay triangulation scheme 

that should be applied in order to minimize the constraints imposed by the mesh configuration. 

By maintaining the same input parameters but varying the element size, an investigation 

was conducted in order to examine its effect on the tunnel scale model response. From Figure B-8, 

it can be seen that by transitioning from an element size of 0.03 m to 0.05 m and finally to 0.10 m, 

the system response is becoming stiffer and stronger due to the penetration of discrete bodies and 

the critical openings increase with increasing of the element size (Mahabadi, 2012). As observed, 

the stronger and stiffer configurations suppress the extensile cracks and therefore, not only do they 

not replicate the damage extent observed in the field but they also fail to replicate the extensile 

failure mechanism in brittle rocks. Therefore, it becomes evident that the calibrated strength 

parameters for one element size cannot be used for another, and the calibration process has to be 

repeated for the given element size. 
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Figure B-8: Failure mechanisms and damage extent for the general model configuration 

shown in Figure B-1 but different nominal element sizes for the refined area of the model: 

(a) 0.03 m, (b) 0.05 m, and (c) 0.10 m. Tensile fractures are red and shear fractures are 

green. 
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B.5.2 Density Scaling 

When DEM modelling approaches are employed for the simulation of geomaterials, the required 

computational time required poses a major problem for the numerical simulation, especially for 

system with a large number of discrete bodies. As previously discussed, in the FDEM method, a 

density increase results in increased timestep sizes, and therefore, this may result in less time steps 

required to obtain results and subsequently less computational time. Researchers by using other 

DEM methods (Thornton, 2000; O’Sullivan & Bray, 2004) used a density scaling approach in order 

to reduce the computational time. For quasi-static problems this could be an appropriate way to 

shorten simulation times (Zhao, 2011). However, such a technique should be used with caution as 

it may affect significantly the simulation process and yield unrealistic results if very high density 

values are used. 

B.5.3 Out-of-Plane Stress 

Within the 2D FDEM method, the crack elements do not account for the influence of the out-of-

plane stress component of the in situ stresses. Therefore, during the simulation, fracture nucleation 

and growth are determined only by the in-plane stresses, and the deconfinement effect of the tunnel 

core softening. In this way, however, the impact of the intermediate principal stress on the rockmass 

strength is neglected, and its effect should be taken into account through the proper calibration of 

the input strength parameters based on field observations. 

B.6 Summary 

The numerical simulation of hard rock excavations can be particularly complicated and 

challenging, as a result of the complexity of the failure mechanisms that are required to be captured. 

In this study, a comprehensive overview of the different components which have to be taken into 

consideration for the numerical modelling of deep underground excavations within hard, massive 

rockmasses using the FDEM method was presented and discussed. Furthermore, a set of specific 

guidelines for the initial model setup and determination of its input parameters was provided 
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(Figure B-9). The authors would like to note that the development of a numerical model is tied to 

the in situ specific conditions of a project and the field observations should guide and update the 

numerical model as required. 

 
Figure B-9: Calibration process for a tunnel scale FDEM model for hard rockmass 

underground excavations at great depths. 
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Appendix C 

The numerical simulation of hard rocks for tunnelling purposes at great 

depths: A comparison between the hybrid FDEM method and 

continuous techniques. 

An extended version of this appendix has been published in the journal Advances in Civil Engineering: 
Vlachopoulos, N., and Vazaios, I. 2018. The numerical simulation of hard rocks for tunnelling purposes at 
great depths: A comparison between the hybrid FDEM method and continuous techniques. Advances in Civil 
Engineering, pgs. 18, DOI: 10.1155/2018/3868716. 
 

A link to the published paper can be found at: 
https://doi.org/10.1155/2018/3868716 

 
 

C.1 Introduction 

Significant changes in the stress regime and material properties of a rockmass are the result of the 

construction of underground openings (Addenbrooke & Potts, 2001). Induced stresses because of 

an excavation and subsequent stress redistributions result in damage, fracturing, desaturation etc., 

hence leading to the creation of a zone around the underground opening that the rockmass is 

disturbed with properties (strength, deformability, permeability etc.) that differ from the original 

material properties (Kwon, et al., 2009). Understanding the geomaterial response under such 

conditions is critical to the design and construction of an underground project, especially at great 

depths. Therefore, assessment of the damaged zone around an excavation is of great significance 

in evaluating the effects on the support requirements and the underground opening stability. 

 The damage zone surrounding an underground opening is comprised of different subzones 

depending on the intensity of the induced damage, but these zones are usually referred to 

collectively as the excavation damage zone (EDZ). The intensity of the damage usually depends 

on the distance of an examined point of the rockmass from the excavation, with the increase in 
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distance resulting in the decrease in the influence of the excavation to the surrounding rock (Perras 

& Diederichs, 2016). By disregarding rockmass damage associated with the construction method 

employed, as it can be eliminated by taking necessary precautions (Martino, et al., 2007; Jonsson, 

et al., 2009) damage associated with stress changes, the excavation geometrical features, pre-

existent joints within the rockmass etc. can be evaluated based on fracture coalescence (Bossart, et 

al., 2002) and divided into the highly damaged zone (HDZ), the excavation damage zone (EDZ) 

and the excavation influence zone (EIZ) (Perras & Diederichs,2016). 

 Given the specific requirements of a project, numerical modelling can be utilized in order 

to provide a better insight of the rockmass response during the excavation and assist in the 

geotechnical and geological design. Especially regarding the numerical simulation of rock 

fracturing, this has been the focus of interest for various researchers (Potyondy & Cundall, 2004; 

Christianson, et al., 2006; Cho, et al., 2007; Mas Ivars, et al, 2008; Kazerani & Zhao, 2010; 

Potyondy, 2012; Mahabadi, 2012). However, the conducted numerical modelling is only as good 

as the applied input parameters and assumptions that are integrated into the model, which is 

required to be able to simulate the expected rockmass behaviour under specific conditions. Within 

this paper, the short-term mechanical response of an underground excavation within a hard, highly 

interlocked rockmass is examined by employing two different numerical techniques, the finite 

element method (FEM) and the hybrid finite-discrete element method (FDEM). For the developed 

FEM models, the constitutive assumptions adopted include the use of the Hoek-Brown criterion 

(Hoek & Brown, 1997) and the damage initiation-spalling limit (DISL) model as proposed by 

Diederichs (2007), while for the developed FDEM model the finite-discrete element method as 

proposed by Munjiza (2004) is adopted. Furthermore, two different scenarios including a “fracture 

free” and a fractured model are utilized by integrating a discrete fracture network (DFN) within the 

numerical models. For the properties of the intact rock, the well-established case of the Atomic 

Energy of Canada Limited’s (AECL) Underground Research laboratory (URL) (Chandler, 2003) 
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is used in order to examine the mechanical response of the geomaterial during the excavation. Based 

on the obtained numerical results it is shown that continuum techniques can capture brittle failure 

in hard rockmasses at some extent, by making appropriate modifications in the constitutive 

assumptions. However, certain aspects such as the clear distinction between the highly damaged 

zone (HDZ) (collapsed material) and the excavation damage zone (EDZ) (fractured material that 

maintains its structural integrity and does not collapse) are not captured by continuum approaches 

adequately. On the contrary, the FDEM method appears to be a better fit for simulating brittle 

fracturing, as it is capable of capturing the complex phenomena associated with brittle failure in 

hard rock excavations in low confinement environments. 

C.2 Short-term mechanical response of hard rockmasses and constitutive 

assumptions for continuum codes 

Instability of underground openings occurs as a result of gravity driven fallouts which are 

controlled by the rockmass structure or are stress driven as the rockmass strength is exceeded. In 

both cases, the rockmass behaviour is controlled by two major factors including the in situ stress 

regime and the rockmass degree of fracturing (Diederichs, 2003). Common assumptions within the 

engineering design include full persistence of joints. However, at great depths non-persistent 

jointing environments away from zones where tectonic processes take place (faulting, shear zones, 

folding etc.) are more likely to be encountered. Therefore, the presence of rock bridges along with 

the existent joints are the two contributing factors controlling the behaviour of massive and/or 

rockmasses with non-persistent joints. 

 For cases in which stress driven rockmass failure is expected to occur, constitutive models 

that are based on the shear strength of the examined materials is commonly applied. However, their 

ability to capture the behaviour of massive or moderately fractured rockmasses around underground 

excavations has been proven to be limited. As documented in the literature, damage within hard 

rocks is the result of extensile fracturing parallel to the direction of the maximum principal stress 
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σ1, as a result of exceeding the tensile strength of the rock (Hoek, 1968; Stacey, 1981; Diederichs, 

2003; 2007). This results in a lower overall rockmass strength observed in situ, which cannot be 

predicted by shear failure based criteria which consistently overestimate the rockmass strength in 

the numerical models; hence shear failure based criteria are not appropriate to use in such cases 

and other techniques need to be employed. 

 The Hoek-Brown failure criterion (Hoek, et al., 2002) (Equation C-1) is best suited for 

rockmasses which can be described as ductile (elastic-perfectly plastic) or rockmasses exhibiting 

strain weakening (post yield strength decreases) (Perras & Diederichs, 2016). 

 

 
σ = σ + σ m

σ
σ

+ s  

 

[C-1]

σ1, σ3: Major and minor principal stresses respectively 

σci: Unconfined compressive strength of the intact rock 

mb: Reduced value of the material constant for the intact rock mi according to Equation C-2: 

 

 
m = m exp

GSI − 100
28 − 14D

 

 

[C-2]

 

GSI: Geological Strength Index (Hoek & Marinos, 2000) 

D: A factor which depends on the degree of the ground disturbance to which the rockmass has 

been subjected by blast damage and stress relaxation 

s and α are constants for the rockmass given by Equations C-3 and C-4: 
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s = exp

GSI − 100
9 − 3D

 

 

[C-3]
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For underground excavations such conditions arise for shallow openings, and therefore low 

confinement conditions (as long as structurally driven failures such as wedge failures, unravelling 

etc. are not expected), or deep openings for which the rockmass strength is relatively lower to the 

in situ stress regime (e.g. squeezing ground conditions). However, as previously mentioned, for 

brittle rockmasses with non-persistent joints and of high strength under high stresses, the Hoek-

Brown criterion is not appropriate to use. 

 Brittle damage as a result of induced stresses during an excavation is commonly simulated 

by employing a cohesion weakening and friction mobilization approach (Martin, 1997; Diederichs, 

1999; Kaiser, et al., 2000; Diederichs, 2003; Hajiabdolmajid, et al., 2002), with this approach being 

used for massive and moderately jointed rocks. Diederichs (2007) developed the DISL method in 

order to capture the response of brittle rockmasses by using the generalized Hoek-Brown criterion 

(Hoek, et al., 2002) as a base by using Equation C-1. This modified approach utilizes the peak and 

residual strength envelopes of the Hoek-Brown criterion, based on the parameters listed in Table 

C-1, in order to simulate brittle fracturing within conventional and commonly available numerical 

packages. The method involves the damage initiation as representation of an elevated cohesion and 

low friction, transitioning to the spalling limit which is represented by cohesion loss and friction 

mobilization, in order to capture the brittle behaviour of the rockmass at low confinement 

environments around an underground opening as the tunnel advances. In Figure C-1, the Hoek-

Brown and DISL strength envelopes are demonstrated. In this study, the Hoek-Brown criterion and 
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the DISL method are used within the FEM numerical software RS2 (Rocscience Inc., 2015), in 

order to be compared to the developed FDEM model as described in the following sections. 

 

Figure C-1: Schematic of the Hoek-Brown criterion strength envelope and the composite 

strength envelope of the DISL model (Modified after Diederichs, 2007). 

 

Table C-1: The equations for determining the DISL model input parameters after Diederichs, 

2007. The parameters α, s, and m shown here are defined as material constants based on the 

crack initiation (CI) stress, the unconfined compressive strength (UCS), and the tensile 

strength (T) of the rock. The subscripts p and r stand for the peak and residual values, 

respectively (adopted from Perras & Diederichs, 2016). 

Modelling method Peak Residual 
Input parameter Value/equation Input parameter Value/Equation 

DISL αp 0.25 αr 0.75 

 sp /

 
sr 0.001 

 mp 
| |  mr 6-12 
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C.3 Geological Conditions 

In order to study the brittle behaviour of a hard rockmass during the excavation of an underground 

opening, the material properties of the Lac du Bonnet (LdB) granite and information collected from 

the case study of the URL Test Tunnel, located in Pinawa, Manitoba, Canada were used (Chandler, 

2003). The URL Test Tunnel was excavated at a depth of 420 m comprising of a circular cross-

section of a 3.5 m diameter within the LdB granite in a virtually fracture free environment (Martin, 

et al., 1997). Overall, the LdB granite at that depth and within the vicinity of the tunnel can be 

assumed as a hard, massive, brittle rockmass that is homogeneous and isotropic. Based on data 

obtained from laboratory testing on intact specimens (Martin, 1994), the mechanical properties of 

the intact LdB Granite are listed in Table C-2. Additionally, the stresses measured in situ at the 

URL Test Tunnel (Martin, et al., 1997), as shown in Table C-3, were used for the FEM and FDEM 

models in this study. 

 

Table C-2: Experimental values (average value and range) of the mechanical properties of 

the intact Lac du Bonnet granite (Martin, 1994). 

Mechanical Property Value 

Young’s Modulus E (GPa) 69.0±5.8 

Poisson’s ratio ν 0.22±0.04 

Unconfined Compressive Strength UCS (MPa) 213±20 

Crack Initiation Stress (CI) (MPa) 90 

Crack Damage Stress (CD) (MPa) 172 

Tensile Strength σt (MPa) 9.3±1.3 

Cohesion c (MPa) 30 

Friction angle φ (o) 59 
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Table C-3: Stress field conditions applied in the FDEM model in Irazu (Negative values 

denote compression). 

Stress component σ (MPa) 

σxx -58.0 

σyy -13.0 

τxy -9.2 

 

C.4 Numerical Model Setup 

C.4.1 Geometry, Mesh Configuration and Excavation Sequence 

The geometry of both the FEM and FDEM models that were developed follow the geometrical 

characteristics of the URL Test Tunnel. In Figure C-2, it can be seen that both models are comprised 

of a 60 m × 60 m master domain, with the FEM model having a smaller 15 m × 15 m domain in 

which the employed mesh is finer. The size of the outer domain was selected as such so that 

potential boundary effects would be avoided (Vlachopoulos & Diederichs, 2014). In a similar 

fashion, the FDEM model is also comprised of smaller sub-domains with elements varying in size 

per domain in order to optimize the computational cost without compromising the accuracy of the 

obtained results. The sub-domain close to the vicinity of the excavation consists of approximately 

0.03 m elements in order to secure that the potential fracture patterns would be independent of the 

mesh topology, as previously mentioned. The specifics of the models are listed in Table C-4. The 

equations of motion for the discretized system were integrated with a time step of 6.1 × 10-8 s for 

the intact model and 4.2 × 10-8 s for the fractured model in order to ensure numerical stability for 

the explicit solver of the code. 
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Table C-4: Model configuration specifications. The intact model configurations (FEM and 

FDEM) and the fractured model configurations (FEM-DFN and FDEM-DFN) are listed. 

Model Element size* (m) Number of elements  
FEM 0.40 12,838 
FEM-DFN 0.40 21,484 
FDEM 0.03 674,407 
FDEM-DFN 0.05 233,453 

*Size assigned to the elements in the high resolution area. 
 

 Regarding the simulation of the tunnel advancement, the induced three-dimensional (3D) 

effects on the rockmass are simulated by applying the excavation induced stresses as a distributed 

load on the excavation boundary for the FEM models, and the face replacement method 

(Vlachopoulos & Diederichs, 2014) for the FDEM models. For the FEM models, after the 

initialization of the geostatic stresses, the excavation material is removed and substituted with a 

uniform load applied on the tunnel boundary. This load is gradually reduced to zero in order to 

cause the destressing effect of the tunnel excavation. For the FDEM models, the advancement of 

the tunnel involves the replacement of the material within the excavation boundary with unstressed, 

elastic material during each step, hence leading to the “softening” of the tunnel core and the tunnel 

circumference to converge. The stability of the numerical analyses conducted both with the FEM 

and the FDEM models was secured by employing a relatively large number of steps. For the FEM 

models, the simulation process was comprised of twenty stages in order to simulate the 

advancement of the excavation face, and at each stage the induced stresses were decreased by 5 % 

until no load was applied on the excavation boundary. For the FDEM models, a large number of 

steps was employed in order to secure the equilibrium at the establishment of the geostatic stress 

stage (600,000 steps), the elimination of dynamic effects during the advancing excavation face 

(2,200,000 steps), and the subsequent complete removal of the material within the excavation 

boundary (700,000 steps). 
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Figure C-2: Tunnel model configuration created in Irazu (Left) and in RS2 (Right). The 

geometrical characteristics of the excavation and the applied geostatic stresses correspond to 

the ones recorded and monitored at the URL Test Tunnel. 

 

C.4.2 Field Stress and Boundary Conditions 

The field stresses assigned to the tunnel models replicate the in situ stress conditions encountered 

during the excavation of the URL Test Tunnel (Martin, et al., 1997). For the purposes of this study, 

only the in-plane stresses were used for the FDEM models, since the adopted cohesive elements do 

not account for the influence of the out-of-plane stress on fracture nucleation and growth. On the 

contrary, the FEM models were assigned an out-of-plane stress of the same magnitude as the 

recorded intermediate principal stress σ2 in the URL Test Tunnel, which was 45 MPa. The effect 

of gravitational forces and gravity-induced stress gradients were not taken into consideration in the 

numerical model and a uniform constant stress field was assigned instead (deep tunnel 

assumption).Regarding the far-field boundary conditions, displacements are fixed in the horizontal 

and vertical direction for both the FDEM and FEM models. Additionally, for the case of the FDEM 

model an absorbing boundary condition was employed in order to minimize dynamic oscillations. 
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C.4.3 Mechanical Input Parameters, Model Calibration and Discrete Fracture Networks 

C.4.3.1 Deformability Parameters 

In order to determine the deformability parameters that are required for the numerical analysis, the 

properties of the LdB granite and the in situ rockmass conditions at the URL were assessed. Since 

the rockmass within the tunnel was virtually free of fractures, it can be assumed that deformability 

properties (Young’s Modulus Erm and Poisson’s ratio νrm) of the rockmass may be approximately 

the same as these of the intact rock. For the conducted FEM analyses, the modulus and Poisson’s 

ratio values of the intact LdB granite, as listed in Table C-1, were used directly into RS2. 

 However, for the FDEM model these values cannot be used directly, as the overall stiffness 

of the system is affected by the employed penalty coefficients (Tatone & Grasselli, 2015). 

Therefore, the selected modulus and Poisson’s ratio values need to be adjusted properly. In order 

to overcome this, a numerical model of an unconfined compressive strength (UCS) test is used in 

order to calibrate the required deformability parameters and penalty coefficients so that the modulus 

and Poisson’s ratio of the LdB granite can be obtained. In Figures C-3 and C-4 the UCS model 

configuration and the obtained stress-strain curves are illustrated respectively. A viscous damping 

factor is introduced into the model in order to minimize numerical oscillations in the linear part of 

the stress strain-curves. As observed, before any fracturing occurs, the specimen has a linear-elastic 

response with the model behaviour governed by the 3-node elastic triangular elements, as long as 

the strength of the cohesive elements is not exceeded. The established parameters are listed in Table 

C-5. 
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Figure C-3: Unconfined compressive strength (UCS) test for the calibration of the FDEM 

elastic micro-parameters based on the deformability properties of the LdB granite. (a) The 

initial UCS configuration, and (b) the UCS specimen at its post-peak condition. Black 

fractures indicate failure in tension (Mode I) and yellow fractures indicate failure in shear 

(Mode II). 
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Figure C-4: Axial stress-axial strain, and axial stress-lateral strain curves obtained from UCS 

testing of the calibrated FDEM model. Recording of stress-strain results ceased once the peak 

strength was achieved, as the UCS numerical model is used only for the calibration of the 

elastic parameters of the model. 

 

C.4.3.2 Strength Parameters 

For the FEM models there are two major assumptions in order to simulate the strength of the 

rockmass. The first assumption is that the rockmass is going to behave according to the Hoek-

Brown criterion for a geological strength index (GSI) (Hoek & Marinos, 2000) value of 80 (massive 

rockmass with no or sparse fractures and moderate to good quality discontinuity surfaces) and a 

UCS value equal to 200 MPa, which falls within the range of the UCS of the LdB granite, as listed 

in Table C-1. The second assumption is that the rockmass is expected to behave according to the 

DISL model with the UCS of the intact rock being in this case as well 200 MPa, and the rest of the 

parameters of the modified Hoek-Brown adopted from (Diederichs, 2007). The complete set of 

parameters used is shown in Table C-5. 

 For the FDEM models, once the deformability parameters have been established, the 

strength properties of the cohesive elements need to be determined in order to replicate the field 
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conditions and failure mechanisms observed in field. It has to be noted that for the FDEM method 

no constitutive model is required and the fracturing occurring depends solely on the strength 

parameters of the cohesive elements. In order to achieve an agreement between field and model 

observations, a trial-and-error calibration process was employed. In Figure C-5 the formation of 

the “v-shaped” notch observed in situ and the spalling processes simulated in the FDEM model are 

illustrated. The established strength parameters of the cohesive elements are listed in Table C-5. In 

Figure C-6 a complete flowchart of the calibration methodology employed is demonstrated based 

on Vazaios and Vlachopoulos (2017). 

 

 

Figure C-5: (a) Photograph of URL test tunnel (after Diederichs, 2007 modified from Martin 

et al., 1997) showing the damage profile observed in-situ. (b) Damage profile from the FDEM 

model (highlighted black) after the completion of the numerical analysis. 
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Figure C-6: Calibration process employed for determining the required input parameters in 

the FDEM model. The microscopic Young’s modulus E and Poisson’s ratio v refer to the 

elastic constants of the triangular elements (E and v at element scale). The macroscopic values 

refer to the Young’s modulus and Poisson’s ratio obtained from the UCS testing in Figures 

C-2 and C-3 (Erm and vrm at 7.5 m height specimen scale). 
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(collapsed material) at the URL Test Tunnel

Does the highly 
damage zone extent 

of the FDEM model is 
in agreement with the 

field observations?

Calibrated model

No

Yes

Yes

No
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Table C-5: Input material parameters for all numerical models. 

Model Type Parameter Value 
FEM-Hoek Brown UCS (MPa) 200 
(Peak and residual values are the same) Young’s Modulus E (GPa) 69 
 Poisson’s ratio ν 0.22 
 GSI 80 
 α 0.50093 
 s 0.10837 
 mb 15.6653 
DFN parameters Friction angle φ (o) 35 
(Joints are assumed purely frictional) Normal stiffness kn (GPa/m) 690 
 Shear stiffness ks (GPa/m) 69 
FEM-DISL UCS (MPa) 200 
(subscripts p and r denote peak and Young’s Modulus E (GPa) 69 
residual values) Poisson’s ratio ν 0.22 
 αp 0.25 
 sp 0.033 
 mp 1 
 αr 0.75 
 sr 0 
 mr 9 
DFN parameters Friction angle φ (o) 35 
(Joints are assumed purely frictional) Normal stiffness kn (GPa/m) 690 
 Shear stiffness ks (GPa/m) 69 
FDEM Young’s Modulus E (GPa) 65 
 Poisson’s ratio ν 0.18 
 Viscous damping factor 1.0 
 Normal contact penalty pn (GPa m) 650 
 Tangential contact penalty pt (GPa/m) 650 
 Fracture penalty pf (GPa) 650 
 Friction coefficient μ 1.7 
 Cohesion c (MPa) 50 
 Tensile strength ft (MPa) 10 
 Mode I fracture energy GI (N/m) 300 
 Mode II fracture energy GII (N/m) 1900 
DFN parameters Discontinuity friction coefficient μf 0.7 
(Joints are assumed as purely frictional) Normal contact penalty pn (GPa m) 650 
 Tangential contact penalty pt (GPa/m) 650 

 

C.4.3.3 Discrete Fracture Networks 

For the purposes of this study, two types of models were developed within RS2 and Irazu. The first 

type of model was created in order to simulate the fracture conditions encountered at the URL Test 

Tunnel, hence no fractures are present (Martin, et al, 1997). The second type of model was assigned 

a discrete fracture network comprised of one sub-vertical (mean dip 800) and one sub-horizontal 

(mean dip 100) joint sets. The number of the generated fractures is determined by determining two 

additional parameters: a. the areal fracture intensity P21, defined as the sum of fracture trace lengths 

divided by the mapping area (Dershowitz & Herda, 1992), and b. the mean trace length of the 
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fracture traces. The input parameters for the generation of the employed DFN geometries used for 

both the FEM and FDEM models are listed in Table C-6. The generated DFN geometries were 

installed within the high resolution areas of all the models. Additionally, the fractures are assumed 

to have a purely frictional behaviour in order to simplify the conducted analyses and the 

interpretation of the obtained results. It has to be noted that these values have been selected 

arbitrarily in order to investigate the effect of the rockmass structure within the FEM and FDEM 

models, on the development of the fracturing mechanisms, and the extent of the damage based on 

each numerical method. 

 

Table C-6: Input parameters for the generation of the discrete fracture network (DFN) 

geometries. 

Joint set DFN parameters Value 
1 Mean dip (o) 80 
 Mean length (m) 1.0 
 Std. Dev. (m) 0.5 
 Intensity P2* 1 
2 Mean dip (o) 10 
 Mean length (m) 1.0 
 Std. Dev. (m) 0.5 
 Intensity P2* 1 

*P2=(sum of lengths)/area 
 

C.5. Results and Discussion 

C.5.1 Intact Models 

In order to assess the impact of the selection of the numerical method on the rockmass response 

and whether or not it captures the in situ rockmass behaviour, based on the field observations from 

the URL Test Tunnel, initially the extent of the potential damage on the rockmass due to the 

excavation is examined for the models that do not have a DFN assigned to them. In the FEM models 

the extent of the damage is initially assessed by identifying the yielded elements around the 

excavation circumference. Regarding the FDEM model, the numerical results are assessed based 

on the material that collapses as a result of the fracturing processes taking place. The yielded 
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elements for the FEM models are illustrated in Figures C-7 and C-8. The collapsed material within 

the FDEM model is highlighted in Figure C-9. 

 
Figure C-7: Major principal stress σ1 contours of the intact FEM model using the Hoek-

Brown criterion (GSI=80). (a) Elastic response of the model at 60 % of the induced stresses 

(tunnel advancing), and (b) final model state after the completion of the excavation. Yielded 

elements in shear (×) and in tension (o) are plotted. 
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Figure C-8: Major principal stress σ1 contours of the intact FEM model using the DISL 

approach (Diederichs, 2007). (a) Elastic response of the model at 60 % of the induced stresses 

(tunnel advancing), and (b) final model state after the completion of the excavation. Yielded 

elements in shear (×) and in tension (o) are plotted. Yielded elements in tension at the crown 

and floor of the excavation are the result of extensile fracturing. Numerical results are 

consistent with the results by Diederichs (2007). 
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Figure C-9: Major principal stress σ1 contours of the intact FDEM model. (a) Elastic response 

of the model at 60 % of the induced stresses (tunnel advancing), and (b) final model state 

after the completion of the excavation. Cohesive elements failing in tension (Mode I fractures) 

are coloured red and cohesive elements failing in shear (Mode II fractures) are coloured 

yellow. 

 

In Figures C-7a, C-8a and C-9a, results obtained for the same amount of de-confinement 

(40 % decrease of the initial stress state) show that all numerical models still have a linear-elastic 

behaviour, as no fracturing has occurred yet. Based on the major principal stress contours, the 
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magnitude of the monitored stresses is approximately the same, as expected, as the models are still 

in a pre-peak state. However, as further destressing is taking place with the advancement of the 

face, yielding and fracturing occurs. By recording the extent of damage based on the criteria above, 

in Figure C-10 the damage profiles are compared for the fracture free models between one another 

and the actual damage profile from the URL Test Tunnel. As it can be observed, the damage profile 

resulting from the FEM model using the DISL approach resembles the damage profile obtained 

from the FDEM model. Furthermore, both of them show that are able to provide a reasonable 

estimate of the highly damaged area. However, the model using the conventional Hoek-Brown 

criterion is not able to capture the failure mechanism in a realistic manner. 

 
Figure C-10: Damage profiles obtained from each intact numerical model (DFN geometries 

are not integrated in the models): purple continuous line-FEM Hoek-Brown model, red 

dashed line-FEM DISL model, blue dotted line-collapsed material of the FDEM model 

(HDZ), blue dash-dotted line-damaged (fractured) material of the FDEM model (EDZ). In 

Figure C-8 it can be observed that the collapsed material is detaching from the rockmass. On 

the contrary, the damaged material fractures but maintains its integrity and does not 

collapse. The results are compared to the actual damaged profile as observed at the URL Test 

Tunnel (Martin & Kaiser, 1996), and acoustic emission (AE) and micro-seismic (MS) events 

are also plotted for comparison Cai, et al. (2001). 
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As discussed in the previous sections, the excavation response of a brittle rockmass cannot 

be captured by conventional shear failure criteria, since the failure mechanism is not controlled by 

the shear strength of the rockmass. More specifically, in Figure C-10 it is shown that at the locations 

in which field observations suggest material collapse, the numerical model using the Hoek-Brown 

criterion shows the lowest extent of damage based on the recorded yielded elements. Furthermore, 

the shape of the damage extent is completely different than the estimations of the other two 

numerical models and the collapsed material monitored in situ. More specifically, it resembles more 

a “butterfly” shape than the characteristic “v-shaped notch”. This is attributed to the application of 

the Hoek-Brown criterion which essentially predicts a higher rockmass strength than that of the 

actual rockmass strength in situ. This higher strength allows the rockmass to withstand the high 

compressive stresses that manifest at the crown and floor of the excavation due to the tunnel 

advancement. This results in zero stress release at these locations and it promotes failure at the 

sidewalls of the excavation which are under a tensile regime. 

 On the contrary, the DISL model efficiently captures the shape of the highly damaged zone 

(HDZ) and is able to simulate the brittle response of the rockmass based on the modified parameters 

of the Hoek-Brown criterion. Furthermore, the model predicts tensile failure at the sidewalls of the 

excavation. While in situ no tensile cracks were observed, acoustic emission events (Cai, et al., 

2001) suggest tensile micro-cracking around the area that the elements are yielding (Figures C-8 

and C-10). A similar observation can be done within the FDEM model as shown in Figures C-9 

and C-10. 

 The DISL approach is able to capture the brittle response of the rockmass based on the 

instantaneous cohesion-weakening frictional strengthening model with the Hoek-Brown 

parameters. This method is relatively simpler than other approaches such as the one proposed by 

Hajiabdolmajid et al. (2002), in which the cohesive strength reduction and frictional strength 

mobilization reach their post-peak values depending on the magnitude of the accumulated plastic 
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strain. However, the DISL approach does not come without some limitations. As observed in Figure 

C-10, while the FEM model using the DISL approach captures the highly damaged zone (i.e. the 

collapsed material as a result of the brittle fracturing), the rockmass beyond that area behaves 

elastically as no more elements are yielding past that extent. Micro-seismic events (MS) (Cai, et 

al., 2001), however, suggest that stress-induced damage because of the excavation is extending 

beyond the highly damaged zone. In FEM models the elements are assigned a constitutive model 

in order to simulate the material failure. As a result of this, the HDZ is captured quite well with the 

DISL approach which provides a good constitutive assumption for simulating brittle fracturing 

based on the yielding of the elements. However, beyond that yielded material area, the yielded 

elements cannot be used as a precursor of the damage and other measured quantities (volumetric 

strain and principal stress concentrations) need to be assessed in order to evaluate the damage extent 

(Perras & Diederichs, 2016) and the captured fracturing processes. As observed in Figure C-12, a 

distinction has been made for the FEM-DISL model between the HDZ and EDZ based on the major 

principal stress. By comparing the results with the recorded MS events, it shown that the potential 

EDZ extent is underestimated as the proper mechanics of stress-redistribution due to fracturing are 

not adequately captured. The FDEM approach, on the other hand, allows for the direct distinction 

between HDZ and EDZ and it is more capable of capturing fracturing micro-processes as it allows 

for fracture propagation and interaction while the overall material maintains its structural integrity. 

As shown in Figures C-9 and C-10, this excavation damaged zone (EDZ) can be captured by the 

calibrated FDEM model, hence overcoming the limitations of the FEM-DISL model. Furthermore, 

as observed in Figure C-9, the collapsed material fails as a result of extensile fracturing (red lines) 

due to exceeding the tensile strength of the rock close to the excavation boundary where 

confinement is low. Therefore, the developed FDEM model and the FDEM method show that are 

capable of simulating the actual failure mechanisms in order to replicate the in situ conditions. 
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 The accurate simulation of the physical phenomena taking place and resulting in brittle 

fracturing under high stresses is of great importance, as they affect the design process and the 

selection of the appropriate temporary support measures. In Figure C-11, a monitoring line starting 

at the crown of the excavation and going into the rockmass for a length of 2.25 m is shown. In 

Figures C-12 and C-13, stress measurements taken along this line highlight the difference between 

each model and field stress measurements conducted at the URL Test Tunnel (SM-5 stress cell) 

(Falmagne, 2001), and their subsequent implications in the design process. It can be observed that 

despite the fact that the in situ measured stresses are not in a very good agreement with the 

numerical results in terms of the absolute values and location, the FDEM model is capturing the 

possible stress conditions at the URL Test Tunnel. More specifically, in Figures C-12 and C-13, 

the principal stresses σ1 and σ3 which were recorded from the numerical models are higher than the 

stresses recorded at the SM-5 stress cell of the URL Test Tunnel. However, that stress measurement 

point was located in the disturbed zone around the excavation. The numerical results from the 

FDEM model show that the highly damaged zone along the monitored line extends up to 25 cm 

from the excavation boundary (blue dashed line). Within that range, the stresses monitored are zero, 

since the material is collapsing. Beyond that distance (blue box), however, a great fluctuation in 

the recorded stresses can be observed as the monitoring line now lies within the excavation 

damaged zone. The occurred fracturing results in a non-smooth stress distribution along the line, 

with some points close to the SM-5 stress cell recording similar stress magnitude values. Of course, 

the exact same location is not the one monitored, a factor that also contributes in not obtaining the 

exact same value. On the contrary, from the FEM models a distinction between the HDZ and the 

EDZ cannot be made instantaneously based on the extent of the yielded elements. In this case, as 

previously mentioned, the principal stress components were examined in order to determine the 

extent of the HDZ and EDZ, as suggested by Perras and Diederichs (2016). The model using the 

Hoek-Brown criterion predicts a significantly smaller area affected by the excavation, along the 
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monitoring line. Furthermore, the stresses beyond that distance, correspond to these obtained from 

material with a linear elastic behaviour, when from acoustic emission events (Cai, et al., 2001) it is 

clear that the rockmass is damaged even beyond the collapsed material. For the FEM model in 

which the DISL approach was applied, according to the major principal stress measurements 

(change in the slope of the curve in Figure C-12), it is shown that the estimated HDZ extent (red 

dashed line) is approximately the same as the one measured in the FDEM model (blue dashed line). 

However, the estimated extent of the EDZ is less than the one predicted from the FDEM model, 

which is more in agreement with the field observations. Furthermore, it fails to replicate the stress 

conditions which are monitored by the SM-5 stress cell. Therefore, the conducted stress 

measurements clearly show the merits of the creation of a more advanced numerical model in order 

to simulate such rockmass and stress conditions, and promote a more efficient support design. 

 

 
Figure C-11: Monitoring line along the Y axis placed at the crown of the tunnel within the 

intact FDEM (Left) and FEM (Right) models for monitoring the principal stresses. The 

symbols (A) and (B) indicate the starting and ending point of the monitoring line respectively. 

The obtained stress results are shown in Figures C-12 and C-13 for the major and minor 

principal stresses respectively. (Left) Cohesive elements failing in tension (Mode I fractures) 

are coloured red and cohesive elements failing in shear (Mode II fractures) are coloured 

yellow. (Right) Yielded elements in shear (×) and in tension (o) are plotted. 
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Figure C-12: Major principal stresses σ1 monitored along the line (AB) (Figure C-11) for the 

intact FEM Hoek-Brown model (purple line), the intact FEM DISL model (red line) and the 

intact FDEM model (blue line). In situ stress measurements (Stress cell SM-5) are plotted for 

comparison (Falmagne, 2001). The purple hatched area indicates the extent of the damaged 

zone (yielded elements) for the FEM Hoek-Brown model along line (AB). The red hatched 

area indicates the extent of the damaged zone (yielded elements) for the FEM DISL model 

along line (AB). The blue hatched area indicates the extent of the damaged zone (failure of 

cohesive elements) for the FDEM model along line (AB). The blue dashed line indicates the 

ending point of the collapsed material and the starting point of the damaged zone in the 

FDEM model. The red dashed line indicates the ending point of the HDZ and the starting 

point of the EDZ in the FEM-DISL model. The red continuous line indicates the ending point 

of the EDZ in the FEM-DISL model. 

-20

0

20

40

60

80

100

120

140

160

0 0.25 0.5 0.75 1 1.25 1.5 1.75 2 2.25

M
aj

or
 p

rin
ip

al
 s

tre
ss

 σ
1

(M
P

a)

Distance from excavation boundary de (m)

Hoek-Brown, GSI=80
DISL
FDEM
SM-5

A B
M

aj
or

 p
rin

ci
pa

l s
tre

ss
 σ

1
(M

P
a)



405 

 

 
Figure C-13: Minor principal stresses σ3 monitored along the line (AB) (Figure C-11) for the 

intact FEM Hoek-Brown model (purple line), the intact FEM DISL model (red line) and the 

intact FDEM model (blue line). In situ stress measurements (Stress cell SM-5) are plotted for 

comparison (Falmagne, 2001). The purple hatched area indicates the extent of the damaged 

zone (yielded elements) for the FEM Hoek-Brown model along line (AB). The red hatched 

area indicates the extent of the damaged zone (yielded elements) for the FEM DISL model 

along line (AB). The blue hatched area indicates the extent of the damaged zone (failure of 

cohesive elements) for the FDEM model along line (AB). The blue dashed line indicates the 

ending point of the collapsed material and the starting point of the damaged zone in the 

FDEM. The red dashed line indicates the ending point of the HDZ and the starting point of 

the EDZ in the FEM-DISL model. The red continuous line indicates the ending point of the 

EDZ in the FEM-DISL model. 

 

C.5.2 Fractured Models 

In the previous section the FEM and FDEM models were used in order to replicate the conditions 

of the URL Test Tunnel for the virtually “fracture-free” LdB granite, based on the use of different 

constitutive assumptions for the FEM models and the employment of the FDEM method. By 
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assuming that the material parameters used in the previous section were representative of the intact 

rockmass, the same models were modified in order to include structure explicitly simulated within 

them. In order to achieve this a DFN geometry was assigned to each of the numerical models. 

Because the internal DFN generators incorporated within the Irazu and RS2 codes were used, while 

the initial DFN parameters were the same for both (Table C-6), the exact same geometry was not 

able to be created for both codes. However, after generating a number of different geometries, two 

were selected, one in Irazu and one in RS2, with similar joint patterns in order to obtain comparable 

results. 

 In Figures C-14, C-15 and C-16 the high resolution area of the numerical models containing 

the DFN geometries are illustrated. In the FEM model cases (Figures C-14 and C-15) the yielding 

elements, as in the previous section, are used in order to assess the stress-induced damage due to 

the tunnel advancement. Within the FDEM model (Figure C-16) the excavation damage zone is 

divided into two separate groups including: a. the material collapsing because of the spalling 

processes (HDZ), and b. the damaged rockmass that still maintains its structural integrity due to 

the confining stresses (EDZ). In all three different cases, it becomes evident that the explicit 

simulation of joints within the numerical models affects the stress induced damage. These 

discontinuity elements act both as stress barriers and stress concentrators, and the length and 

orientation of the rockmass joints control both the shape and extent of the stress induced damage.  

 More specifically, in Figure C-17 the different damage profiles are compared to one 

another, and they are also compared to the excavation damage profiles obtained from the intact 

models, as discussed in the previous section. As it can be seen, the fractured models are strongly 

influenced by the explicit integration of the DFN geometries within the numerical models in all 

three cases. In the case of the FEM models (Figures C-17a and C-17b) which have the same fracture 

pattern, it can be observed that similar damage profiles are obtained, both in terms of magnitude 

and shape. The joints highlighted in Figures C-14 and C-15 control the inflicted damage to the 
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rockmass (yielded elements) around the excavation. However, the use of a different constitutive 

approach in these two models results in a larger damage extent at the crown and floor of the 

excavation when the DISL approach is employed. On the contrary, when the conventional Hoek-

Brown criterion is employed, the crown and floor damage appear to be minimal. In Figures C-14 

and C-15, it can be seen that at the crown and floor of the tunnel two relatively big areas are fracture 

free. Therefore, the rockmass behaviour in these two particular regions is controlled by the presence 

of these rock bridges (intact parts of rock), and the selection of the constitutive model for the 

rockmass simulation affects how the material is going to fail. More particularly, the DISL approach 

is promoting the brittle rockmass failure, as in the case of the intact model. On the contrary, the 

Hoek-Brown criterion overestimates the rockmass strength resulting in minimal damage at the 

crown and floor of the excavation. 

 

 

Figure C-14: Major principal stress σ1 contours of the fractured FEM model using the Hoek-

Brown criterion (GSI=80). Yielded elements in shear (×) and in tension (o) are plotted. The 

dashed black line indicates the damage profile based on the recorded yielded elements. White 

lines indicate the contributing joints to the obtained damage profile. 
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Figure C-15: Major principal stress σ1 contours of the fractured FEM model using the DISL 

approach (Diederichs, 2007). Yielded elements in shear (×) and in tension (o) are plotted. The 

dashed black line indicates the damage profile based on the recorded yielded elements. White 

lines indicate the contributing joints to the obtained damage profile. 

 

 
Figure C-16: Major principal stress σ1 contours of the fractured FDEM model. Cohesive 

elements failing in tension (Mode I fractures) are coloured red and cohesive elements failing 

in shear (Mode II fractures) are coloured yellow. The dashed black line indicates the damage 

profile based on the monitored fractures. The continuous black line indicates the collapsed 

material. White lines indicate the contributing joints to the obtained damage profile. 
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As discussed in the previous section, the FDEM method can capture the behaviour of brittle 

rockmasses by simulating the extensile fracturing that is taking place, once the tensile strength of 

the intact rockmass is exceeded, and hence forming fractures that propagate along the direction of 

the major principal stresses σ1. As a result of this, the damage profiles between the FDEM and 

DISL-FEM models have similarities due to their capability of simulating the brittle response of the 

excavation as the face advances. As observed in Figures C-17b and C-17c, the damage inflicted on 

the rockmass at the crown and the floor of the excavation due to brittle failure, where intact parts 

of rock are present, is captured in both models. However, in the FDEM model a clearer distinction 

between the HDZ and the EDZ can be made as result of the complete simulation of fracture 

initiation and growth. 

 
Figure C-17: Comparison between damage profiles for (a) the FEM Hoek-Brown intact 

(purple continuous line) and fractured (black dashed line) models, (b) the FEM DISL intact 

(red dashed line) and fractured (black dashed line) models, and (c) the FDEM intact (blue 

dotted line-collapsed material, blue dash-dotted line damaged material) and fractured (black 

continuous line-collapsed material, black dashed line-damaged material) models. 

 

Following the comparison between the fractured models with one another, each intact 

model is also compared to its corresponding fractured model in order to investigate both the impact 
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of the constitutive model and the employed fracture pattern. In sparsely to moderately jointed 

rockmasses, the material behaviour is governed by the existence of intact rock parts between the 

joints present. In this study, joint structure was explicitly simulated, and therefore the behaviour of 

the medium and the damage extent due to the excavation are controlled by both the constitutive 

assumptions of the intact rock (rock bridges) and the overall geometry of the joint system. In Figure 

C-17a, it can be observed that the applied DFN geometry influences the damage profile at some 

extent, especially in areas that the fracture intensity is higher. However, in areas where the influence 

of the structure in not that significant (excavation crown and floor), the damage extent is similar in 

both models due to the higher strength predicted by the Hoek-Brown criterion. The overall shape 

of the damage profiles though is not significantly different between the two analyses, as the overall 

rockmass behaviour is dictated by the employed constitutive model that promotes yielding towards 

specific directions because of the rockmass shear strength; hence decreasing the impact of the pre-

existent joints.  

In the FEM-DISL model, however, that is not the case. As observed in Figure C-17b, by 

taking into account the brittle response of the intact material, through the application of the DISL 

approach, results in significantly different damage profile for the intact and fractured model. Since 

the constitutive model of the intact rock promotes brittle failure, this leads to accumulation of 

damage at the intact rock parts located at the roof and floor of the tunnel in both cases. However, 

the presence of structure within the rockmass in the fractured model governs the propagation of the 

yielded elements. The sub-horizontal and sub-vertical joints close to the excavation act as stress 

barriers and stress elevators at specific locations, hence shaping the formed damaged zone. This 

becomes more evident at the sidewalls of the excavation. In the intact model the high horizontal 

stress leads to a high bending moment at the sidewalls, hence resulting in tensile failure due to 

bending. However, in the fractured model that is not happening. The rockmass structure leads to a 

redistribution of the induced stresses in a way that this bending effect is not influencing 
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significantly the excavation. On the contrary, it results in accumulation of damage at the upper and 

lower half of the tunnel. 

A similar observation can be made for the FDEM model (Figure C-17c). The effect of the 

pre-existent joints in this case becomes evident on both the collapsed material (HDZ) and the 

damaged material (EDZ). As seen, the collapsed material in the case of the intact model (blue dotted 

line) is dictated by the applied anisotropic stress regime, with the formation of the notch following 

the general direction of the geostatic minor principal stress σ3. On the contrary, for the fractured 

model, the notch formation (black continuous line) is influenced by the occurring extensile 

fracturing but at the crown is also controlled by a strong sub-horizontal joint. This joint redirects 

the induced stresses and makes the notch to form to the right. That is not the case though for the 

floor of the excavation (black continuous line). In both models a large area of intact rock can be 

seen. Therefore, the stress induced fracturing is mainly the result of spalling; hence leading to 

similar HDZ profiles for the excavation floor. Regarding the EDZ, the influence of the DFN 

geometry is stronger. In the intact model the EDZ follows the general direction of the HDZ. 

However, the damaged material is contained at the upper and lower parts around the excavation 

(blue dash-dot line), with minor tensile fracturing occurring at the sidewalls (blue dotted line) 

because of bending. In the fractured model, the pre-existent joints result in a wider area around the 

excavation to be damaged (black dashed line). In Figure C-16, the rockmass structure controlling 

the EDZ (white lines) creates specific blocks of intact material that restrain the stress induced 

cracks. More specifically, strong sub-horizontal joints at the crown guide fracture propagation to 

the right of the excavation, and the sub-vertical joints at this location act as constraints for the 

propagating cracks. For the excavation floor, fracturing is intensified due to the presence of some 

joints, but the damage of the material is mainly controlled by spalling due to the presence of rock 

bridges. Finally, the sidewalls are not imposed to significant damage due to the stress redistribution. 
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However, it is evident that pre-existent sub-vertical joints interact with one another resulting in the 

coalescence of adjacent discontinuities. 

C.6 Conclusions 

The numerical modelling of hard rockmasses has been attempted by employing different numerical 

techniques, including the use of continuum and discontinuum based approaches. In the present 

study the numerical codes RS2 and Irazu were used in order to perform the numerical simulations 

using the FEM and the FDEM methods respectively. The FEM models simulating the fracture free 

rockmass were based on data obtained from the URL Test Tunnel for the LdB granite and relevant 

research that has been done on that specific site. Furthermore, the intact FDEM model was 

calibrated in order to replicate the failure mechanism observed at the URL Test Tunnel. 

 Once the intact numerical models were established, DFN geometries were integrated into 

them in order to investigate the impact of joints on the rockmass behaviour during an excavation 

when different constitutive assumptions are made and the joints are explicitly simulated. For the 

FEM models using the conventional Hoek-Brown criterion, for a GSI=80, it was shown that the 

estimated damage profile does not correspond to the field observations for the intact model. 

Furthermore, the addition of joints while it changes the shape and extent of the damage profile, it 

does not result in significant changes. The rockmass constitutive model in this case appears to be 

the main contributing factor in the rockmass response. However, this does not lead to a realistic 

damage profile. The FEM models using the DISL approach have the capability of capturing the 

brittle response of the rockmass when a continuum technique is employed. For the intact model, 

the URL field observations are replicated to an extent and the simulation of the physical processes 

taking place is more accurate than using the conventional Hoek-Brown criterion. However, HDZ 

and EDZ cannot be distinguished directly and additional processing is required. On the other hand, 

the intact FDEM model is capable of simulating the extensile fracturing occurring during spalling 

and a clear distinction between the HDZ and the EDZ can be made. While both the FEM-DISL 
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model and the FDEM model provide similar predictions of the HDZ, the EDZ predicted by the 

FDEM model is in a better agreement with field observations, as the numerical results are more 

consistent with AE and MS data from the URL Test Tunnel. Additionally, in situ stress 

measurements correspond better with stress measurements from the FDEM model. 

 Once joints are added in the FEM-DISL and the FDEM models, it can be observed that 

similar damage profiles are obtained, since both the effect of the intact rock and the rockmass 

structure can be adequately captured. However, again the distinction between the HDZ and the 

EDZ is clearer in the FDEM model where the effect of pre-existent joints on the rockmass response 

is more profound. This highlights the merits of such an advanced numerical technique which has 

the potential of assisting greatly in the design of an efficient support system for such rockmasses, 

as the stress and damage state of the material surrounding an excavation can be more realistically 

captured. 
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Appendix D 

Computational Time of the Numerical Simulations 

D.1 Run Times of the FDEM and Selected DEM Models 

The simulations presented in this thesis were carried out using the UDEC software by Itasca for the 

SRM models by applying the DEM method, and the FDEM Irazu software by Geomechanica for 

the tunnel scale models. The run times of selected simulations are reported in Table D.1. The SRM 

models using UDEC were run using an Intel Core i7-4770K CPU @ 3.50 GHz with 32.0 GB. The 

tunnel scale models using Irazu were run using an Intel Core i7-4930K CPU at 3.40 GHz, 16 GB 

RAM and an AMD Radeon HD 7970 GPU. The characteristics of the DFN configurations can be 

found in Chapters 4, 6 and 7. 

Table D.1: Run times of selected DEM and FDEM models. 

Model Software Element/Grain 

size (m) 

Number of 

elements 

(FDEM)/grains 

(DEM) 

Time 

step 

size (s) 

Number of 

time steps 

(FDEM)/cycles 

(DEM) 

Physical 

Time (s) 

Total 

run 

time 

(h) 

Tunnel 

(massive) 
Irazu 0.03 674,407 6.1×10-8 1,400,000 0.09 30 

        

Tunnel 

(fractured-

DFN 1) 

Irazu 0.03 662,510 5.2×10-8 3,500,000 0.18 72 

        

Tunnel 

(fractured-

DFN 2) 

Irazu 0.03 625,236 4.2×10-8 3,500,000 0.15 120 

        

Tunnel 

(fractured-

DFN 3) 

Irazu 0.03 612,424 3.8×10-8 3,500,000 0.13 120 

        

Tunnel 

(fractured-

DFN 4) 

Irazu 0.03 599,266 5.0×10-8 3,500,000 0.18 110 
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Tunnel 

(fractured-

DFN 5) 

Irazu 0.03-0.05 233,453 8.9×10-8 3,500,000 0.31 144 

        

Large 

scale UCS 

Test 

(massive) 

Irazu 0.03 71,066 1.0×10-7 6,000,000 0.6 10 

        

UCS 

Test@REV 

(fractured) 

UDEC 0.03 ~25,000 N/A ~500,000 N/A ~100 

        

UCS Test-

H=5 m 

(fractured) 

UDEC 0.03 ~12,000 N/A ~1,000,000 N/A ~100 

        

UCS Test-

H=10 m 

(fractured) 

UDEC 0.03 ~45,000 N/A ~600,000 N/A ~150 
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In this appendix published work by the author related to this thesis in the form of journal articles, 
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