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Abstract 

The repair and replacement of bridge decks represents a large portion of infrastructure spending. Gaining a 

better understanding of bridge deck behaviour through more representative vehicular loading can lead to a 

reduction in the costs, time and environmental impacts associated with construction. Past studies have most 

often used fixed pulsating loads to represent cyclic loading on a bridge deck. However, it has been shown 

that these types of loading do not induce the most critical conditions when compared with moving loads. 

This thesis is the first part of a long-term study intended to compare the loading effects of fixed pulsating 

cyclic loads against moving wheel loads, up to 3000 load cycles. The study also compares different types 

of deck reinforcement and construction methods, namely conventional steel reinforcing bar, glass fibre 

reinforced polymer (GFRP) rebar and GFRP stay-in-place (SIP) structural forms for rapid construction. A 

slab-on-girder reinforced concrete bridge deck with dimensions of 15.24 m x 3.89 m x 210 mm and a girder 

spacing of 3.05 m was designed according to the Canadian Highway Bridge Design Code (CHBDC) and 

constructed in the laboratory. Detailing and construction procedures have also been proposed for the new 

GFRP SIP structural form system. The deck was conceptually divided into four sections but all were 

monolithically cast. Sections 1 and 4, at either ends of the deck, were identical and reinforced with GFRP 

bars, Section 2 incorporated the novel GFRP SIP form system and Section 3 was reinforced with 

conventional steel rebar. Section 1 was subjected to pulsating loads and Sections 2-4 were subjected to 

moving wheel loads. Monotonic load tests were performed at various cycling intervals to establish stiffness 

degradation. After 3000 load cycles, the maximum values of reinforcement and concrete strain were well 

within their ultimate limits, signifying the deck was not at risk of failure. Section 4 experienced a larger 

reduction in stiffness than Section 1, suggesting that the moving loads were more damaging than the 

pulsating loads. It is important to note that observations could change at higher levels of cyclic loading, 

which is beyond the scope of this thesis.  
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Chapter 1: Introduction 

1.1 General 

Bridges play an integral role in transportation networks and therefore in economic prosperity. It is 

crucial to minimize the infrastructural and financial burdens imposed by the repair and replacement 

of bridge decks. In Ontario, 36% of bridges are greater than 50 years old (Ahmad 2015), placing 

them within the typical bridge lifespan of 50-100 years (Hong et al. 2016). Given this growing 

proportion of aging bridges, an improved understanding of the deterioration mechanisms of bridges 

under more representative vehicle loading will optimize the timing of bridge repair and 

replacement. 

 Decks of bridges come in direct contact with vehicles and de-icing salts and therefore 

usually deteriorate faster than the rest of the bridge structure (Nelson and Fam 2014). Research 

examining the effects of fatigue loading on bridge deck deterioration has primarily employed the 

use of static and fixed pulsating loads (Carvelli et al. 2010; El-Ragaby et al. 2007; Graddy et al. 

2002; Richardson et al. 2013). However, it has been shown that pulsating loads do not provide the 

most critical loading case when testing the fatigue life of a reinforced concrete (RC) structure 

(Perdikaris et al. 1989; Perdikaris and Beim 1988; Sonoda and Horikawa 1982). Moving wheel 

loads more accurately represent the vehicular loading of a bridge. This is likely due to the effects 

of stress reversals that are present in the case of moving loads but not pulsating loads. This is 

illustrated in Figure 1-1 where pulsating loads generate a stress ratio of R=0 in the concrete while 

moving loads generate principal stress reversals with a stress ratio R= -1. Stress reversals have been 

shown to cause the fatigue life of concrete to decrease (Zhang et al. 1996).  

Sustainability in concrete construction is a growing concern. The use of fibre reinforced 

polymer (FRP) composites in concrete structures has been gaining acceptance as a good alternative 

for concrete reinforcement over conventional steel rebar. FRP materials are more lightweight than 
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steel rebar and are corrosion resistant. The design and construction of bridge decks using glass-

FRP (GFRP) bars is addressed in the Canadian Highway Bridge Design Code (CHBDC) (CSA 

2014a). Another method of incorporating FRP materials into bridge deck construction is using 

GFRP stay-in-place (SIP) formwork. The SIP forms act as bottom tensile reinforcement and as 

formwork during the construction phase that does not need to be stripped. This method increases 

the speed of construction, thereby reducing time and labour costs. The design of bridge decks using 

SIP forms is not currently included in the CHBDC (CSA 2014a) but will be incorporated in the 

commentary section of the upcoming version. 

 

Figure 1-1. Principal stress effects for pulsating vs moving loads 

 This thesis investigates the behaviour of a full-scale slab-on-girder type bridge deck 

subjected to 3000 cycles of loading as part of a longer-term fatigue study. The effects of moving 

loads induced by full-sized truck tires are compared to fixed pulsating loads applied by a hydraulic 

actuator. Additionally, different types of internal concrete reinforcement are compared, namely 

steel rebar, GFRP bars and a novel system of GFRP SIP formwork that has never been studied 

before. 

1.2 Objectives 

One of the main objectives of this research is to test the hypothesis that cycles induced by a moving 

load will be more critical than those of a pulsating load, leading to faster deterioration of a bridge 

deck. In this thesis, the hypothesis presented above is tested under early loading cycles, up to 3000 

cycles. To test this hypothesis, the performance of a RC bridge deck is studied under the following 

Loading Loading

N moving < N pulsating
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types of loads: (a) cyclic moving loads and (b) cyclic fixed pulsating loads. The specific objectives 

of the proposed research are: 

1. Compare the behaviour of bridge decks with different types of reinforcement, namely 

decks reinforced with GFRP bars, GFRP SIP forms and conventional steel bars. 

2. Compare the effects of cyclic moving loads against fixed pulsating loads. 

1.3 Scope 

The scope of this research consists of an experimental investigation into the behaviour of a full-

scale RC bridge deck under pulsating and moving cyclic loads. This was achieved by subjecting 

one section of the bridge deck to 3000 cycles of fixed pulsating loads using a hydraulic actuator 

and subjecting the remaining three sections of the bridge deck to 3000 cycles of moving wheel 

loads using a new state-of-the-art Rolling Load Simulator (ROLLS). The experimental results of 

this study are used to determine the stiffness degradation behaviour of the various reinforcement 

types and to compare the loading effects of moving wheel cyclic loads and fixed pulsating cyclic 

loads.  

Several valuable comparisons arise from the study of the full-scale bridge deck. The first 

comparison that can be made is between the fatigue behaviour of a GFRP-reinforced deck section 

under moving wheel loads and fixed pulsating loads. The two sections with GFRP reinforcement 

are identical to one another and are situated at either ends of the bridge deck. Three thousand cycles 

each of moving wheel loads and fixed pulsating loads are applied simultaneously and at the same 

frequency. The testing methods are compared by means of monitoring the crack growth and 

propagation in each of the two sections, as well as by monitoring the stiffness degradation 

behaviour and internal reinforcement strains through monotonic load tests at various cycling 

intervals.  

The second comparison is between the behaviour of a steel-reinforced concrete deck 

section and a GFRP-reinforced concrete deck section. The two deck sections are located side-by-
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side and are both subjected to cycles of moving wheel loads. The two reinforcement types are 

compared by monitoring the cracking patterns and the stiffness degradation behaviour throughout 

the cyclic loading program. 

Finally, the novel system of GFRP SIP forms is investigated and compared against the 

section reinforced using traditional GFRP bars. Both sections are tested under 3000 cycles of 

moving wheel loads. The two technologies are compared by monitoring the stiffness degradation 

of both sections. 

1.4 Thesis Format 

This thesis is divided into six chapters, as outlined below: 

Chapter 2: Provides a summary of the literature that is relevant to the current study. 

Chapter 3: Describes the detailed design of the bridge deck test specimen. 

Chapter 4: Describes the experimental program, including the materials used, fabrication, the 

loading plan and the test setup and instrumentation. 

Chapter 5: Provides a summary and discussion of the results. 

Chapter 6: Provides a summary and conclusions from this research and recommendations for 

future work. 
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Chapter 2: Literature Review 

2.1 Introduction 

This section summarizes the current research on cyclic bridge deck loading using fixed pulsating 

loads and moving wheel loads and presents the need for further research in this area. The benefits 

of GFRP-reinforced bridge decks are discussed and new research on SIP forms and their 

applications in bridge deck construction are presented. An overview of the unique ROLLS testing 

apparatus at Queen’s University is given. 

2.2 Effect of Load Type  

Research has shown that the use of fixed pulsating loads and static loads to study the fatigue life of 

concrete bridge decks does not represent the most critical loading case. One study found that the 

fatigue strength of scaled-down RC bridge decks subjected to 2 million cycles of loading was higher 

for pulsating loads at a fixed point than repeated moving loads (Sonoda and Horikawa 1982). The 

study concluded that the effect of one passage of a wheel load on the fatigue failure of a slab is 

equivalent to 80-600 cycles of central pulsating loads (Sonoda and Horikawa 1982). Another study 

found that one passage of a wheel load is equivalent to 150-1800 pulsating load cycles (Perdikaris 

et al. 1989). 

In a study on the shear fatigue behaviour of RC beams subjected to fixed pulsating and 

moving loads, it was found that the fatigue life of the beams under moving loads was 2-3 orders 

lower than that of fixed pulsating loads (Gebreyouhannes et al. 2008). This result was attributed to 

the effects of stress reversal as one of the principal causes of this behaviour. The conventional stress 

ratio is given in Equation 1 (Zhang et al. 1996): 

[1] 𝑅 =
𝑆𝑚𝑖𝑛

𝑆𝑚𝑎𝑥
 

where 𝑆𝑚𝑖𝑛 typically represents the dead load stress, 𝑆𝑚𝑎𝑥 represents the dead load plus the live 

load stress, thus 𝑆𝑚𝑎𝑥 − 𝑆𝑚𝑖𝑛 represents the stress range. The fatigue life of concrete decreases as 
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the stress range increases. When a concrete structure is only subjected to either tensile or 

compressive stresses, the stress ratio maintains a positive value; i.e. 𝑅 > 0. However, under stress 

reversals, when 𝑅 < 0, the concrete is subjected to alternate tension and compression. One study 

performed flexural fatigue tests on concrete beams and found that stress reversals cause the fatigue 

life of concrete beams to decrease (Zhang et al. 1996). The fatigue life of beams under moving 

loads is lower than that of fixed pulsating loads due to stress reversals (Gebreyouhannes et al. 

2008).  

 Research suggests that pulsating loads do not provide the most critical loading case when 

testing the fatigue life of RC structures. A study of scaled-down RC bridge deck slabs found that 

one passage of a wheel-load at 60% of static ultimate strength was equivalent to up to 1800 cycles 

of fixed pulsating loads (Perdikaris and Beim 1988). 

The type of loading also affects the cracking patterns experienced by RC bridge decks. 

Cracking is much more extensive in decks subjected to moving wheel-loads compared to fixed 

pulsating loads (Perdikaris and Beim 1988). Moving loads induce grid-like cracking patterns at the 

location of the bottom reinforcing wires whereas radial cracking patterns are formed under 

pulsating loads. Importantly, the grid-like or tortoiseshell-like cracking patterns more closely 

resemble those observed in actually damaged deck slabs in the field (Perdikaris et al. 1989; Sonoda 

and Horikawa 1982). 

2.3 Behaviour of Bridge Decks Reinforced with FRP Bars 

FRPs present an excellent alternative to steel reinforcement due to their corrosion-resistance, high 

strength-to-weight ratio, and fatigue resistance. Decks of bridges are often subjected to de-icing 

salts, especially in harsh Canadian winters. The presence of de-icing salts may lead to accelerated 

corrosion of the steel reinforcement, resulting in spalling of the concrete and premature failure of 

the bridge deck. One study that examined the effects of concentrated cyclic loading on full-size 

bridge decks with GFRP reinforcement found that the GFRP-reinforced decks had a 2.5 times 
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longer fatigue life compared to the control specimen constructed with steel reinforcement (El-

Ragaby et al. 2007). Possible explanations of this behaviour are that the elastic modulus of concrete 

and GFRP are similar and GFRP is linear-elastic to failure. The results confirm that the proposed 

FRP reinforcement ratio in the CHBDC is adequate to meet the fatigue strength, serviceability, and 

fatigue life requirements of concrete bridge decks.  

A second study investigated the behaviour of full-size concrete bridge decks reinforced 

with GFRP bars, but with the moving concentric loads simulated by two hydraulic jacks (Carvelli 

et al. 2010). The GFRP-reinforced decks performed well; all specimens could withstand higher 

fatigue loading than loads imposed by the European code. 

2.4 SIP Forms in Bridge Decks 

SIP forms are a novel building material with potential applications in the field of rapid bridge 

construction. SIP forms eliminate the need for wood or metal formwork and tensile steel 

reinforcement, thus allowing for more rapid and efficient construction of durable bridge decks 

(Noël et al. 2016). One study investigated the fatigue performance of full-scale bridge deck systems 

constructed with GFRP SIP forms (Richardson et al. 2013). The applied loading was equal to the 

maximum half-axle load of a design truck in the CHBDC plus the maximum prescribed dynamic 

load allowance. Each deck was subjected to 3 million cycles and was afterwards loaded 

monotonically to failure to determine the residual ultimate capacity. All deck specimens performed 

extremely well in fatigue; the deflections were within the strictest limits and the minimum residual 

strength was at least three times the service load in all cases. This study proves that bridge decks 

constructed with SIP forms have adequate fatigue performance under the current CHBDC 

guidelines.  

Another study investigated the fatigue behaviour and ultimate load capacity of FRP-

reinforced concrete bridge deck systems (Dieter 2002). Concrete bridge decks were simulated by 

panels that had FRP SIP formwork as the bottom transverse reinforcement and a bi-directional FRP 
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grid as the top layer. The panels were first subjected to a load equivalent to a double tire wheel load 

(AASHTO 1996), then monotonically loaded to failure. Although the flexural capacity was not 

reached, the FRP system still provided satisfactory punching shear capacity with factors of safety 

5-8 times the service load. Accelerated fatigue testing was performed on beams reinforced with a 

similar FRP reinforcement scheme to evaluate the fatigue resistance of these FRP materials. It was 

shown that the FRP system can provide adequate fatigue resistance when exposed to 2 million 

cycles. This thesis outlines the need for future research to address the areas of fatigue resistance 

under higher levels of stress and stress reversals. 

2.5 Rolling Load Simulator (ROLLS) 

ROLLS is a unique testing apparatus that is the first of its kind in Canada and is used to test the 

fatigue life of full-scale bridge superstructures. ROLLS has three components: a steel supporting 

structure, the rolling load vehicle (RLV), and a high-power electric motor. The steel structure 

consists of four steel portal frames that support the steel girders and guiderails. The RLV is 

composed of a primary ‘cart’ and a secondary ‘trailer’, each of which has a large tandem axle tire 

that is operated by its own hydraulic actuator. Each hydraulic actuator can apply a maximum load 

of 125 kN to the tire, which is equivalent to the maximum half-axle load of the CL-625 design 

truck found in the CHBDC plus a 40% dynamic load allowance (CSA 2014b). The RLV can reach 

a maximum acceleration of 3 m/s2 and a maximum speed of 6 m/s.  

 The performance of ROLLS was validated by running tests on a B900 prestressed concrete 

box girder, and a number of observations regarding the behaviour of ROLLS were made (Fam and 

Brennan 2019). With regards to its performance at various speeds, ROLLS achieved an almost-

linear position profile (thus near-constant velocity profile) at low speeds, while a sinusoidal 

position profile (thus linear velocity profile) was achieved at higher speeds (Figure 2-1(a)) (Fam 

and Brennan 2019). A lag in measured vs expected position was also observed due to ROLLS 

constantly recalculating its position in order to keep it constant (Figure 2-1(b)) (Fam and Brennan 
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2019). Although at lower cycle counts this lag was not noticeable, after 3 million cycles, a lag time 

of several days would accumulate.  

 
(a) (b) 

Figure 2-1. (a) Speed and acceleration profiles and (b) position profiles at various speeds 

(Fam and Brennan 2019) 

 Load fluctuations were observed for all levels of loading (40%, 60%, 80% and 100% of 

the design load of 115 kN). Figure 2-2 shows the load fluctuation with time for each load level 

(Fam and Brennan 2019). It was observed that the amount of load fluctuation was not dependent 

on the load level being applied. A maximum load fluctuation of 11 kN was observed. Thus, at 

higher load levels, the load fluctuation was relatively small compared to the design load (9%), while 

at lower load levels, the load fluctuation was significant (24%).  
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Figure 2-2. Wheel load vs time at various load increments (Fam and Brennan 2019) 
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Chapter 3: Design of Test Specimen  

In this section, the design process for the concrete deck slab and bridge superstructure are outlined. 

3.1 Design of Concrete Deck Slab 

The test specimen is a slab-on-girder RC bridge deck with a girder spacing of 3.05 m (Figure 

3-1(a)). The concrete deck slab has a 15.24 m length, 3.89 m total width and 210 mm thickness. 

The longitudinal span of the bridge girders is 14.70 m, taken as the distance between the centreline 

of the steel support plates. The bridge deck is divided into four sections (Figure 3-1(b)). Sections 

1, 3 and 4 were designed in accordance with the CHBDC (CSA 2014b). A new method was 

developed for the design of Section 2. The designs were reviewed and approved by engineers from 

the Ministry of Transportation of Ontario (MTO), who were closely involved in this project. 

 
(a) 

 

(b) 

Figure 3-1. (a) Overall dimensions and (b) sectional dimensions of bridge 
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3.1.1 Empirical Design Method  

The deck is designed in accordance with the empirical design method in Cl.8.18.4 of the CHBDC, 

which applies to deck slabs supported on steel girders (CSA 2014b). All requirements for the 

empirical method were met (Table 3-1). Note that Cl.8.18.4.1(d) and Cl.8.18.4.2(c-e) were not 

included because they were deemed not applicable. 

Table 3-1. Empirical design method requirement verification 

Clause No. Clause Check 
Pass? 

(Y/N) 

Cl.8.18.4.1(a) 

The deck slab is composite with the 

supporting beams, which are parallel to each 

other, and the lines of supports for the beams 

are also parallel to each other. 

Composite action is 

provided by shear 

studs; girders are 

parallel to each other. 

Y 

Cl.8.18.4.1(b) 

The ratio of the spacing of the supporting 

beams to the thickness of the slab is less or 

equal to 18.0. 

𝑆𝑝𝑎𝑐𝑖𝑛𝑔

𝑇ℎ𝑖𝑐𝑘𝑛𝑒𝑠𝑠
=

3.05 𝑚

0.21𝑚 
= 14.5 < 18 

Y 

Cl.8.18.4.1(c) 

The spacing of the supporting beams does 

not exceed 4.0 m and the slab extends 

sufficiently beyond the external beams to 

provide full development length for the 

bottom transverse reinforcement. 

Girder spacing is 3.05 

m (< 4 m); 

development length is 

checked in Section 

3.1.6. 

Y 

Cl.8.18.4.2(a) 

The deck slab contains two orthogonal 

assemblies of reinforcement, near the top 

and bottom of the slab, respectively, with ρ 

in each direction in each assembly being at 

least 0.003. 

See Section 3.1.3 & 

3.1.4. 
Y 

Cl.8.18.4.2(b) 

When the slab is supported on parallel 

beams, the reinforcement bars closest to the 

top and bottom of the slab are laid 

perpendicular to the axes of the supporting 

beams. 

All top- and bottom-

most reinforcing bars 

are transversely 

placed. 

Y 

Cl.8.18.4.2(c) 

The spacing of the reinforcement in each 

direction and in each assembly does not 

exceed 300 mm. 

The maximum 

reinforcement spacing 

is 300 mm. 

Y 
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3.1.2 Slab Thickness and Covers 

The concrete deck slab is 210 mm thick and has the covers shown in Figure 3-2(a) and (b). The 

210 mm thickness conforms to the minimum required slab thickness of 175 mm given in Cl.8.8.4 

of the CHBDC (CSA 2014b). The thickness was increased to accommodate the minimum specified 

concrete covers given in Cl.8.11.2.2 and Cl.16.4.4. The MTO typically uses a deck thickness of 

225 mm in new bridge construction projects. The thickness in the current study was chosen to be 

less than 225 mm to simulate a more critical case, while still conforming to the minimum standards 

specified in the CHBDC. 

The minimum concrete covers and tolerances for steel are given in Table 8.5 in the CHBDC 

(CSA 2014b). In the current study, the environmental exposure was assumed to include de-icing 

chemicals in order to design a structure suitable for real-world applications. The concrete cover and 

tolerance for cast-in-place concrete with reinforcing steel is 70 +/- 20 mm for the top surface of the 

structural component and 50 +/- 10 mm for the soffit of the slab. The minimum concrete cover for 

FRP bars and grids is 35 +/- 10 mm, as stated in Cl.16.4.4 of the CHBDC (CSA 2014b). 

The specific covers were chosen to create as similar elevations as possible between the two 

different reinforcing materials in adjacent sections of the bridge in order to increase ease of splicing. 

As such, the clear cover for the top transverse bars was selected to be 51 mm for steel and 26 mm 

for GFRP and was 40 mm for both steel and GFRP for the bottom transverse bars. The requirement 

of a minimum clear distance of 55 mm between the transverse bars has been satisfied for both steel 

and GFRP. 

In the SIP form section, the top grid of GFRP bars rests on the GFRP I-beams of the SIP 

system in order to satisfy the top cover requirement of 35 +/- 10 mm. The covers for the SIP form 

section are shown in Figure 3-3. 
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(a) 

 
(b) 

Figure 3-2. (a) GFRP bar covers and (b) Steel rebar covers (all dimensions in mm) 



 

15 

 

 

Figure 3-3. SIP form section covers (all dimensions in mm) 

3.1.3 Sections 1 and 4 

Sections 1 and 4 were reinforced with GFRP bars and were designed in accordance with the 

empirical design method located in Cl.16.8.8.1 of the CHBDC (CSA 2014b). The empirical method 

for steel-reinforced concrete deck slabs still applies to decks with FRP bars or grids, except three 

requirements replace Cl.8.18.4.2(a-c) of the CHBDC; these are verified in Table 3-2 (CSA 2014b). 

The GFRP bars were 15M, as required by the empirical method, and Grade 3 (mechanical 

properties are presented in Section 4.2.3), in accordance with MTO’s design standards. In the top 

grid of reinforcement, both the transverse and longitudinal bars were spaced at 300 mm (Figure 

3-4(a)). In the bottom grid, the transverse bars were spaced at 152 mm and the longitudinal bars 

were spaced at 300 mm (Figure 3-4(b)). The longitudinal bars were not distributed symmetrically 

about the centreline of the deck in order to avoid interference with the T-up ribs when splicing with 

the SIP form assembly in Section 2. Thus, all longitudinal bars in the bottom grid were shifted 50 

mm in the transverse direction. A clear cover from the end of each bar to the edge of the deck (side 
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form) of 5 mm was used to increase ease of constructability. The design calculations are presented 

in Appendix A. 

Table 3-2. Empirical design method for fibre-reinforced concrete deck slabs 

Clause No. Clause Check 
Pass? 

(Y/N) 

Cl.16.8.8.1(a) 

The deck slab shall contain two orthogonal 

assemblies of FRP bars, with the clear 

distance between the top and bottom 

transverse bars being at least 55 mm. The 

diameter of reinforcement bars shall not be 

less than 15 mm. 

The deck slab contains 

two grids of bars. The 

clear distance is 112.4 

mm (>55 mm). 15M 

(16 mm diameter) bars 

are used. 

Y 

Cl.16.8.8.1(b) 

For the transverse FRP bars in the bottom 

assembly, the minimum area of cross-

section in mm2/mm shall be 
500𝑑𝑠

𝐸𝐹𝑅𝑃
; 

See calculations in 

Appendix A. 
Y 

Cl.16.8.8.1(c) 

The longitudinal bars in the bottom 

assembly and the transverse and 

longitudinal bars in the top assembly shall 

be of GFRP with a minimum 𝜌𝑠 of 0.0035. 

See calculations in 

Appendix A. 
Y 

3.1.4 Section 2 

The SIP form section consisted of a novel system of GFRP materials for the bottom reinforcement 

(Figure 3-5) and a grid of GFRP bars for the top assembly. The GFRP I-beams spanned the 

transverse direction of the bridge deck at a spacing of 914 mm and were supported over the top 

flanges of the steel girders. Epoxy adhesive was used at the interface between the GFRP I-beams 

and the steel girders. The supported length, 178 mm, is equal to one-half-width of the flange of the 

steel girder. SIP forms cut to a length of 905 mm spanned the distance between the GFRP I-beams 

and rested on their bottom flanges with epoxy adhesive used at the interface (Figure 3-5).  

The SIP forms were attached together using a tongue-and-groove connection (Figure 3-6). 

Four full-width (609 mm) SIP forms were centred about the longitudinal centreline of the deck and 

two narrower (partial-width, 205 mm) SIP forms were placed at either end of each row assembly 

(Figure 3-8(b)). These SIP forms were cut to a partial width to avoid interference with the shear 

studs, which are described in Section 3.2.3. The SIP forms overlapped the top flanges of the steel 
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girders by a length of 77 mm for each girder. The GFRP I-beam spacing of 914 mm was selected 

such that: (a) the total cross sectional area of GFRP I-beams satisfied the requirements of 

Cl.16.8.8.1 for the design of bottom FRP reinforcement in the transverse direction and (b) the 

deflection of the SIP forms spanning between these I-beams did not exceed the limit of span/360 

under the self weight of freshly cast concrete.  

To provide additional resistance against interfacial shear stresses between the SIP forms 

and the bottom flanges of the I-beam, stainless steel self-drilling screws were installed from above 

at a spacing of 51 mm, such that two screws were installed between each set of ribs of the SIP form 

(Figure 3-7). The screws were 4.8 mm in diameter and 25.4 mm in length. 

The top reinforcement consisted of the same design as the sections reinforced by GFRP 

bars: a grid of 15M GFRP bars spaced at 300 mm in both directions (Figure 3-8(a)). The design 

calculations for this section are given in Appendix A.  

3.1.5 Section 3 

The steel-reinforced section is designed in accordance with the empirical method in Cl.8.18.4 of 

the CHBDC (CSA 2014b). Using the minimum reinforcement ratio of 0.3% and the maximum bar 

spacing of 300 mm, 15M bars were deemed satisfactory. Therefore, the steel section consisted of 

top and bottom assemblies of 15M steel bars (properties are provided in Section 4.2.4) spaced at 

300 mm in both directions (Figure 3-9). A clear cover of 5 mm from the end of each bar to the edge 

of the deck (side forms) was also used in this section. 
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(a) 

 
(b) 

Figure 3-4. Section 1 and 4 (a) top and (b) bottom reinforcement layout (all dimensions in 

mm) 
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Figure 3-5. SIP form section setup 

 

Figure 3-6. Tongue-and-groove connection between two adjacent SIP forms 

 

Figure 3-7. Top view of screw placement along one SIP form panel 
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(a) 

 
(b) 

Figure 3-8. Section 2 (a) top and (b) bottom reinforcement layout (all dimensions in mm) 



 

21 

 

 
(a) 

 
(b) 

Figure 3-9. Section 3 (a) top and (b) bottom reinforcement layout (all dimensions in mm) 
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3.1.6 Development Length  

The deck width was governed by the minimum required development length of the bars oriented in 

the transverse direction, particularly the top bars in tension. The minimum required development 

length was 421 mm and 560 mm for the steel and GFRP bars, respectively (Appendix A). The deck 

width had to be consistent across the length of the deck, so the governing development length of 

560 mm was used to determine the deck width. At a girder centre-to-centre spacing of 3.05 m, and 

with the development length assumed to start at the inner edge of the girder flange (Figure 3-10), 

the minimum deck width was 3.81 m. The maximum deck width, as governed by the space available 

within the confines of the ROLLS frame, was 3.89 m. The deck width was chosen to be 3.89 m to 

maximize the size of the test specimen and to decrease the risk of failure by pull-out of the bars. 

Given the clear cover of 5 mm from the end of each bar to the edge of the deck, the embedment 

length of all transverse bars was 593 mm. 

 

Figure 3-10. Development length of transverse bars 

3.1.7 Splicing 

The reinforcement systems in each of the four sections were spliced together to establish adequate 

continuity across the length of the bridge deck, which was cast monolithically. The splice design 

used the principle that overlapping the bars by the governing development length would provide 

adequate resistance against failure at the sectional interfaces of the deck. There were three locations 

of splicing: the GFRP bar-SIP form interface, the SIP form-steel bar interface and the steel bar-

GFRP bar interface. In each of these three splicing locations, at least one of the reinforcement types 
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was a GFRP bar; therefore, the overlap length had to be at least equal to the GFRP bar development 

length of 560 mm. An overlap length of 600 mm was chosen for simplification purposes. 

At the intersection of the GFRP and SIP form sections (Figure 3-11), the top longitudinal 

GFRP bars in the SIP form Section 2 extended 600 mm into the GFRP rebar Section 1. The bottom 

GFRP bars in the GFRP rebar Section 1 extended 686 mm into the SIP form Section 2 through 

holes drilled into the webs of the GFRP I-beams such that there was a 600 mm overlap between the 

GFRP bars and the SIP forms. 

At the intersection of the SIP form Section 2 and the steel Section 3 (Figure 3-12), the top 

longitudinal GFRP bars in the SIP form Section 2 extended 600 mm into the steel Section 3. The 

bottom steel bars in the steel section extended 686 mm into the SIP form Section 2 through holes 

drilled in the webs of the GFRP I-beams such that there was a 600 mm overlap between the steel 

bars and the SIP forms. 

At the intersection of the steel Section 3 and the GFRP rebar Section 4 (Figure 3-13), the 

top and bottom longitudinal bars extended 300 mm into the adjacent section, resulting in a total 

overlap length of 600 mm for each bar. 

 

Figure 3-11. Splice detail between Section 1 and 2 (all dimensions in mm) 
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Figure 3-12. Splice detail between Section 2 and 3 (all dimensions in mm) 

 

Figure 3-13. Splice detail between Section 3 and 4 (all dimensions in mm) 

3.2 Design of Bridge Superstructure 

The bridge superstructure consists of elements that directly receive load, including the deck, girders 

and cross-bracing. In this section, the design of these elements is described.  

3.2.1 Steel Girders 

The concrete deck was supported by two 15.24-metre-long custom built-up steel plate girders that 

consisted of 3” (76 mm) thick by 14” (356 mm) wide flanges welded to a ¾” (19 mm) thick by 24” 

(610 mm) tall web (Figure 3-14(a)). The girders had 13-mm 44W plate stiffeners welded at seven 

different locations (Figure 3-14(b)). The outer side of the upper flange of each girder had 1-1/8” 

(29 mm) holes spaced at 6” (152.4 mm) to allow for the attachment of sacrificial shear stud plates 

(Figure 3-14(c)), the design of which is discussed in Section 3.2.3. Thus, following the completion 

of testing, the shear stud plates can be removed while the girders are preserved for future projects.  
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(a) 

 
(b) 

 

(c) 

Figure 3-14. (a) Elevation view (all dimensions in mm), (b) side view (with plate stiffener 

spacing, which is symmetrical about centre) and (c) top view of steel girders 

3.2.2 Cross-Bracing 

Cross-bracing members could be attached at seven connection points along the span of the girders 

(Figure 3-14(b)). Each cross-bracing assembly consisted of two diagonal and one horizontal 

L5x5x1/2” (127x127x12.7 mm) member (Figure 3-15). According to Cl.8.18.5 of the CHBDC, 

cross-frames are required at a spacing of not greater than 8.0 m centre-to-centre for deck slabs 
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supported by steel I-girders that have been designed in accordance with the empirical design 

method (CSA 2014b). In the current study, three cross-bracing assemblies were used at a spacing 

of 7.39 m, two at either end and one at the mid-span of the girders. 

 

Figure 3-15. Cross-bracing assembly 

3.2.3 Shear Studs 

Resistance to shear at the interface between the steel girders and concrete slab was provided by 

mechanical shear connectors. The shear connectors were designed to resist both horizontal and 

vertical movements between the slab and girders. Shear stud plates were designed in which shear 

studs were welded to a ¾” (19 mm) plate (Figure 3-16), which was in turn bolted to the girders 

using Type 1 A325 heavy hex structural bolts with a 1” (25.4 mm) diameter and a 5-1/2” (139.7 

mm) length. The bolts were torqued using the turn-of-nut method per Cl.A10.1.6.7 in the CHBDC 

(CSA 2014b). This is the only acceptable method of installing ASTM A325 bolts. The turn-of-nut 

method requires the bolts to be tightened with a ½-turn from snug for the given bolt dimensions 

used in this thesis. This procedure involves tightening the bolt into the inelastic range to produce 

the minimum required bolt tension of 227 kN (for ASTM A325 1” bolts) as described in 

Cl.CA10.1.6.4 and Cl.CA10.1.6.7 in the CHBDC Commentary (CSA 2014c).  

Prior to installation of the shear stud plates, the girders were sand-blasted in order to 

achieve a Class B surface per Cl.10.18.2.3.2 in the CHBDC (CSA 2014b). The shear stud plates 

were also blasted to achieve the same Class B surface, as the contact surface for bolted parts must 
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be the same. It was decided to use sacrificial shear stud plates rather than weld the shear studs 

directly to the girders so that the girders could be reused in future studies.  

The final design consisted of 2-M25 shear studs at a spacing of 305 mm in Section 1 and 

2-M22 shear studs at a spacing of 305 mm in Sections 2-4. In performing the design of the shear 

studs, the worst case scenario for loading was considered, which is when the pulsating load is 

applying the full 180 kN load in Section 1 while ROLLS is applying the full 180 kN load at the 

beginning of its travel path in Section 2. In this scenario, the use of the smaller M22 shear studs 

throughout the full length of the deck would not provide sufficient resistance to shear. Thus, larger 

M25 shear studs were used in Section 1 in order to satisfy all design considerations. Detailed 

calculations for the shear stud design are provided in Appendix A.  

 

Figure 3-16. Shear stud plate assembly 
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Chapter 4: Experimental Program 

This study examined the behaviour of a RC bridge deck subjected to two different methods of 

cyclic loading. The following sections discuss the details of the experimental program. 

4.1 Test Specimen and Parameters 

Table 4-1 summarizes the test matrix. The overall dimensions of the bridge deck are 15.24 m x 

3.89 m x 210 mm. The deck slab was conceptually divided into four sections, each of which was 

3.81 m long. The design of the test specimen is described in Chapter 3. 

Table 4-1. Test matrix 

Section No. Top Reinforcement 
Bottom 

Reinforcement 
Load Type 

1 GFRP Bars GFRP Bars Pulsating Load 

2 GFRP Bars SIP Forms Rolling Load 

3 Steel Rebar Steel Rebar Rolling Load 

4 GFRP Bars GFRP Bars Rolling Load 

 

4.2 Materials 

The materials used in this study are described as follows: 

4.2.1 GFRP SIP Forms 

Strongwell SAFPLANK Series 525 GFRP ribbed panels were used as bottom reinforcement and 

formwork in the SIP form section. They are fabricated using the pultrusion process and have 

dimensions shown in Figure 4-1. 

 

Figure 4-1. Cross-section of one SIP form panel 
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The manufacturer reported a tensile strength of 207 MPa and tensile modulus of 17.2 GPa 

in the longitudinal direction and a tensile strength of 48.3 MPa and tensile modulus of 5.52 GPa in 

the transverse direction. Material testing was conducted and revealed a tensile strength and modulus 

of 483 MPa and 24.5 GPa, respectively, for the bottom plate of the panel in the longitudinal 

direction and 417 MPa and 22.0 GPa, respectively, for the vertical web of the T-up ribs in the 

longitudinal direction. The material tests also revealed a tensile strength of 46.6 MPa and a tensile 

modulus of 6.97 GPa in the transverse direction. The detailed calculations and stress-strain curves 

from the coupon tests are located in Appendix B. 

4.2.2 GFRP I-beams 

Strongwell Series 500 GFRP wide-flange I-beams were used to support the SIP forms in Section 

2. They were fabricated using the pultrusion process. The I-beam’s height was 152.4 mm, the width 

was 152.4 mm, and both the flange and web thicknesses were 9.5 mm. The manufacturer reported 

a tensile strength of 207 MPa and tensile modulus of 17.2 GPa in the longitudinal direction. 

4.2.3 GFRP Bars 

V-rod number 5 (15.9 mm) Grade III GFRP bars were used as top and bottom reinforcement in the 

GFRP rebar Sections 1 and 4 and as top reinforcement in the SIP form Section 2. The resin used 

was vinylester and the fibre used was boron free glass. The bars are manufactured using the 

pultrusion process and contain an exterior sand coating. The manufacturer reported a tensile 

strength of 1100 MPa and a tensile modulus of 60 GPa. Material testing was conducted according 

to the S806 Annex C (CSA 2012) and revealed an average tensile strength of 1437.9 MPa (SD = 

49.8 MPa) and an average modulus of 62.046 GPa (SD = 0.331 GPa).  

4.2.4 Steel Rebar 

Grade 400 steel rebar, size 15M, was used in the top and bottom reinforcement grids in the steel 

Section 3.  
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4.2.5 Concrete 

As per the MTO’s recommendation, the concrete was specified as 30 MPa at 28 days with a 

maximum aggregate size of 19 mm, a maximum slag ratio of 25%, with superplasticizers and with 

a maximum slump of 200 mm. On the day of the pour, the slump was 175 mm. Concrete cylinder 

tests were performed at 28 days and gave a compressive strength of 24.76 MPa per ASTM C39 

(ASTM International 2018), a splitting tensile strength of 3.50 MPa per ASTM C496 (ASTM 

International 2011) and a Young’s Modulus of 21,700 MPa per ASTM C469 (ASTM International 

2014). On the first day of testing (day 78), the concrete compressive strength was 30.60 MPa and 

the splitting tensile strength was 3.70 MPa. 

4.2.6 Epoxy 

Magnolia 56 A/B epoxy was used in the construction of the SIP form section. The manufacturer 

reported a lap shear strength of 6.89 MPa when bonding polyester fibreglass to polyester fibreglass. 

4.2.7 Screws 

Screws were used in the construction of Section 2. These self-drilling zinc-plated steel screws were 

provided by Brafasco and were #10 with a 4.8 mm diameter and 25.4 mm length. 

4.3 Fabrication of Specimen 

The bridge superstructure was assembled in-place in the laboratory. Four concrete support blocks 

were placed on the concrete floor at the locations of the end of each girder. A layer of grout was 

placed under each block to provide proper contact with the floor. Then, steel plates were adhered 

to the top of the concrete blocks using a thin layer of plaster and were leveled. The steel girders 

were rested on top of the steel plates. The cross-bracing assemblies were installed (Figure 4-2(a)) 

and then torqued as per the turn-of-nut method given in Cl.A10.1.6.7 of the CHBDC (CSA 2014b). 

The shear stud plates were installed on top of the steel girders (Figure 4-2(b)), then the bolts 

connecting the plates to the girders were torqued using the turn-of-nut method. 
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(a) (b) 

Figure 4-2. (a) Girder and cross-bracing assembly on concrete support blocks; (b) shear 

stud plates 

 The SIP formwork was constructed in Section 2 and acted as both structural reinforcement 

and replacement of the formwork. The GFRP I-beams were placed transversely such that they were 

supported by the steel girders on either end (Figure 3-5). The I-beams were sanded in the areas of 

contact and adhered to the girders using epoxy. The SIP forms spanned the longitudinal direction 

of the bridge deck and rested on the bottom flanges of the I-beams. The SIP forms were connected 

to each other using a tongue-and-groove mechanism (Figure 3-6). No adhesive was used at the 

connection points. Spray foam was used to fill the gap between the steel girders and the SIP forms. 

The SIP forms were adhered to the I-beams using the same epoxy (Figure 4-3(a)). Both surfaces in 

contact were sanded prior to bonding. Screws were installed from above at this connection point at 

a spacing of 51 mm (Figure 4-3(b)). The screws were installed after the epoxy was given 24 hours 

to cure. Following completion of the SIP form section assembly (Figure 4-3(c)), the bottom 

formwork was constructed for Sections 1, 3 and 4, and the side wall formwork was constructed 

around the entire bridge deck. The formwork system was built by a professional contractor. 

 The reinforcement cages were assembled inside the formwork (Figure 4-4). The steel 

rebar cages were assembled in accordance with SSP 109S17 (MTO 2018a) and the GFRP bar 

cages were assembled in accordance with SSP 999S02 (MTO 2018b). Plastic coated rebar ties 

and plastic chairs were used for both types of reinforcing bars. The top layer of reinforcement 
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grids was supported by tall chairs that rested on the formwork, not the bottom cages, to provide 

a sturdier base. The top grids were tied down to the shear studs every 1.5 m to prevent flotation 

during vibratory consolidation of the concrete. 

 
(a) 

 
(b) 

 
(c) 

Figure 4-3. (a) Adherence of the SIP forms to the bottom flange of GFRP I-beams using 

epoxy, (b) installation of screws, (c) completed SIP form section assembly 
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Figure 4-4. Reinforcement cages assembled in the formwork 

Splicing of the top bars in each section and the bottom bars at the Section 3-4 intersection 

was achieved by tying the overlapping bars using the same plastic-coated rebar ties (Figure 4-5). 

In the case of the bottom reinforcement splice between Section 1-2 (Figure 4-5(a)) and Section 2-

3 (Figure 4-5(b)), holes were drilled in the first and last GFRP I-beams to allow the longitudinal 

bars from adjacent sections to protrude through.  

The concrete was poured in one continuous cast using a pump truck by a specialized 

concrete contractor. A brush finish was applied to the wet concrete, then the deck was cured for 7 

days using a wet curing blanket composed of a polypropylene fabric covered by a white 

polyethylene membrane. 
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(a) 

 
(b) 

 
(c) 

Figure 4-5. Splice detailing between (a) Section 1-2, (b) Section 2-3 and (c) Section 3-4 
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4.4 Test Program 

Figure 4-6 shows an elevation schematic of the test specimen and loading setup including both the 

pulsating loading at the centre of Section 1 and the rolling loading in Sections 2 to 4. A photograph 

of the bridge deck during testing is shown in Figure 4-7, where the hydraulic actuator setup is in 

the far left of the photo over Section 1 and the RLV is located at its starting point in Section 2. 

 

Figure 4-6. Test setup showing load limits and dimensions 

 

Figure 4-7. Bridge deck during testing 
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The CHBDC specifies that the CL-625 truck shall be used for the design of national 

highway networks used for interprovincial transportation (CSA 2014b). The CL-625 has five axles 

with specified loads and spacings (Figure 4-8). 

 

Figure 4-8. CL-625 design truck with half-axle loads (top) and axle spacing (bottom) 

The maximum half-axle load of the design truck is 87.5 kN and the minimum axle spacing 

is 1.2 m. The loading plan for the present study was derived from the CL-625 truck. The critical 

case of loading for the deck is when a line load of half-axles is applied at the mid-span of the deck. 

ROLLS has two half-axles only as shown in Figure 4-9, with each half axle comprising a dual tire 

assembly capable of applying a load up to 125 kN over a footprint of 600 mm x 250 mm. The 

spacing of the two half axles can either be 1.2 m or 2.4 m. In this study, a 1.2 m spacing was 

selected. 

  

(a) (b) 

Figure 4-9. (a) Front and (b) side view of RLV 
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The goal of developing the test program was to select a loading level to be applied by 

ROLLS that would generate the same stress levels in the deck that would have otherwise been 

experienced if the full half-axle loading assembly of the CL-625 design truck (Figure 4-8) was 

applied to the deck. To achieve this goal, a detailed nonlinear finite element model of the bridge 

was developed by another senior researcher. The model accounted for concrete cracking and 

nonlinearity and the different internal reinforcement types. The full assembly of the half-axle loads 

from the CL-625 truck were applied at different discrete locations along the deck using a moving 

load feature. The CL-625 truck was only applied along the path of loading of the RLV (i.e. the 

loads were not applied to Section 1). The maximum compressive and tensile stresses in both the 

longitudinal and transverse directions were recorded at the centre of Sections 2-4 (Section 1 stresses 

were also recorded but these were very small due to the loading not being directly applied to this 

section). Then, the deck was loaded with two loads spaced at 1.2 m, representing the RLV loading. 

Again, the loads were only applied along the travel path of the RLV. The loads were incrementally 

increased in subsequent runs and the maximum stresses were recorded for each load level.  

The results of the model showed that, on average, a loading of 70 kN/tire produced the 

closest values of transverse and longitudinal stresses as the CL-625 truck when comparing the 

effects of these two different loading vehicles on Sections 2, 3 and 4. Interestingly, the 70 kN/tire 

loading also produced the most similar deflections at the centre of Sections 2-4, on average.  

A dynamic load allowance (DLA) of 30% was applied to each tire as per Cl.3.8.4.5.3 in 

the CHBDC (CSA 2014b). The DLA is an equivalent static load that accounts for the dynamic 

effects that result from the interaction of the moving vehicle with the bridge deck (CSA 2014c). In 

the current study, the concrete deck surface was smooth and the RLV was designed such that there 

would not be any lateral forces resulting from the application of the load onto the deck. Thus, the 

DLA was applied to the moving loads to account for the dynamic effects that the RLV was 

incapable of achieving.  
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The final loading plan was 90 kN/tire at a spacing of 1.2 m. For the pulsating loading 

Section 1, the same loading arrangement was used (i.e. two loads with maximum amplitude of 90 

kN each spaced at 1.2 m). 

As shown in Figure 4-10, for each passage of the RLV from Section 2 to Section 4, then 

back to Section 2 (i.e. one full cycle by the RLV), two stress cycles are endured by the middle 

Section 3 while only one stress cycle is endured by end Sections 2 and 4. Figure 4-10 presents an 

idealized version of the stress-positions curves; in the test data, the size, amplitude and y-intercepts 

of the curves would vary. One stress cycle is defined as the period from one peak to the next peak 

on the stress-position graph (Figure 4-10). As such, after 3000 cycles by the RLV, Sections 2 and 

4 were subjected to 3000 stress cycles, while Section 3 was subjected to 6000 stress cycles.  

During a single load cycle by the RLV, the hydraulic actuator was synchronized to only 

apply one cycle to Section 1, in which the peak load occurred while the RLV was in Section 4. This 

ensured that Sections 1 and 4 were subjected to the same number of cycles and the peaks occurred 

at the same time.  

At pre-determined cycling milestones, the cyclic loading was stopped, and monotonic load 

tests were performed to the same load level as during cyclic loading. 

 

Figure 4-10. Cycle definition for Sections 2-4 
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4.4.1 Rolling Load Section 

Sections 2-4 were subjected to 3000 cycles of rolling loads using ROLLS. The dual tires on the 

RLV (Figure 4-9) were spaced at 1.2 m and each dual tire exerted a constant force of 90 kN. The 

RLV had an acceleration of 3 m/s2 and the maximum velocity was set to 4 m/s. The time to complete 

one RLV load cycle was 6.77 seconds, where one load cycle was equivalent to the RLV traveling 

from Section 2 to Section 4, then back to Section 2. The speed, acceleration and position profiles 

of the RLV during cycling are shown in Figure 4-11(a-c), respectively. 

The travel path of the RLV began 1.1 m from the Section 1-2 boundary and ended 1.1 m 

from the end of Section 4 (Figure 4-6). The 1.1 m buffer at the end of Section 4 was present due to 

the limitations of the RLV’s travel path at that end, while the 1.1 m buffer at the end of Section 2 

was implemented to maintain symmetry as well as to minimize the ‘load shedding’ from Section 2 

to Section 1.  

For Sections 2-4, the equivalent monotonic load tests that were periodically conducted to 

establish stiffness degradation consisted of performing load cycles at a constant load and at a slow 

speed (0.5 m/s). The load was incrementally increased and the slow cycles were repeated. The first 

slow cycle was at a load of 10 kN/tire, then the load level increased to 90 kN/tire in 10 kN intervals, 

then decreased to 10 kN/tire in 10 kN intervals. Therefore, each monotonic load test consisted of 

17 slow load cycles. The loads were then plotted against the deflection at the midpoint of each 

section to establish the equivalent monotonic loading-unloading loop. The slope of this load-

deflection curve was then used as a measure of stiffness, where the off-set of the curve on the 

horizontal axis reflected the permanent deflection accumulated from the prior history of cyclic 

loading.  
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(a) 

 
(b) 

 
(c) 

Figure 4-11. (a) Speed-time, (b) acceleration-time and (c) position time graphs of the RLV 

during cycling 
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The first monotonic load test was performed before the commencement of cyclic loading 

to establish the reference response of the deck sections and to capture the first cracking event. For 

this monotonic load test only, two “cycles” were performed because cracking was expected to occur 

during the first cycle. Thus, the first cycle showed the onset of cracking and the second cycle 

showed the cracked response. 

4.4.2 Pulsating Load Section 

Section 1 was subjected to 3000 cycles of conventional fixed pulsating loads. The cyclic loading 

was applied via a hydraulic actuator that was centred in Section 1 and applied the load to two points 

spaced at 1.2 m to mimic the RLV loading (Figure 4-12).  

  

Figure 4-12. Pulsating load setup for Section 1 

The actuator was set to load control and used a haversine wave with a minimum set point 

of -3 kN and an amplitude of -177 kN (Figure 4-13). Therefore, the maximum load reached by the 

actuator was 180 kN, or 90 kN per bearing pad. The minimum load was set to 3 kN in order to 

maintain contact between the bearing pads and the bridge deck. The frequency of loading was set 
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to 0.1477 Hz to match the frequency of the RLV performing one load cycle. The loading was 

applied using a 489-kN capacity MTS servo-controlled actuator. The load was applied to the deck 

via two neoprene bearing pads, each with a footprint of 600 mm x 250 mm to simulate the size of 

a tire footprint on the CL-625 truck (Figure 4-12) (CSA 2014b).  

 

Figure 4-13. Actuator load profile 

Similar to Sections 2-4, Section 1 was also subjected to two initial monotonic loading 

cycles to establish the initial response and capture the first cracking event. The monotonic load test 

consisted of ramping the load applied by the actuator from 0 kN to 180 kN at a rate of 0.4 mm/min, 

then unloading the deck to 0 kN at the same rate of loading. For the remainder of the monotonic 

load tests, only one ramp to 180 kN and back to zero was performed. 

4.5 Instrumentation 

Internal reinforcement strains were monitored using 5 mm electric resistance strain gauges (Figure 

4-14, Figure 4-15). The strain gauges were placed on the steel rebar, GFRP bars, GFRP SIP forms 

and GFRP I-beams at the centre of each deck section for both the top and bottom reinforcement. 

The strain gauges were also installed on the top bars in the transverse direction of the deck in each 
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section over the inner edge of the steel girders (Figure 3-10) to capture the behaviour in the negative 

moment regions.  

External concrete strains on the top face of the deck were monitored using 60 mm electric 

resistance strain gauges. One longitudinal and one transverse strain gauge were installed at the 

centre of each section. The dual tire assembly had a 70 mm gap between the dual tires. As the RLV 

travelled over the centreline of each section, the concrete strain gauges fit within this small gap 

between the two dual tires and hence were not subjected to contact with the loaded tires. 

Linear potentiometers (LPs) were used to measure the deflections of the girders and the 

deck slab. One LP was placed underneath the centre of each section and two LPs were placed at 

the same longitudinal location underneath the adjacent girders (Figure 4-16). This LP pattern 

enabled calculating the net deflection of each deck section at its central point after deducting the 

steel girder deflections. 

 

Figure 4-14. Strain gauge layout on top layer of reinforcement 
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Figure 4-15. Strain gauge layout on bottom layer of reinforcement 

 

Figure 4-16. LP layout (hidden lines indicate girders) 
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Chapter 5: Results and Discussion 

5.1 Summary 

Table 5-1 summarizes the results from the first and last monotonic load tests for each section of the 

bridge deck (i.e. initial values and after completion of loading cycles). The largest absolute values 

attained during the initial and final monotonic load tests are presented along with the percentage of 

ultimate, yield and crushing strain for GFRP, steel and concrete, respectively, and the total 

percentage change between the initial and final values. 

Table 5-1. Test results for Sections 1-4 after the first and final monotonic tests at the 180 kN 

load level 

Section 

No. 
Measurement 1 Cycle 

3000 

Cycles 

% of Ult. 

Strain 

% Total 

Change 

1 

Centreline Deflection (mm) 2.44 4.04 - 66% 

Flexural Stiffness (kN/mm) 108 76.2 - -30% 

Bottom Centre Transverse 

GFRP Strain (με) 
697 1231 5.3% 77% 

Bottom Centre Longitudinal 

GFRP Strain (με) 
-19.2 -48.0 0.2% 150% 

Top Transverse GFRP Strain 

over Girder (με) 
20.8 -12.2 0.1% -159% 

Trans. Concrete Strain (με) -381 -568 16% 49% 

Long. Concrete Strain (με) -48.2 -104 3.0% 103% 

2 

Centreline Deflection (mm) 1.23 2.63 - 114% 

Flexural Stiffness (kN/mm) 156 91.7 - -41% 

GFRP I-beam Bottom Flange 

Trans. Strain (με) 
288 789 6.6% 173% 

GFRP I-beam Top Flange 

Trans. Strain (με) 
-23.9 -99.7 0.8% 317% 

GFRP I-beam Bottom Flange 

Long. Strain (με) 
197 114 1.6% -42% 

GFRP SIP Form Transverse 

Strain (Max) (με) 
131 285 2.4% 118% 

GFRP SIP Form Longitudinal 

Strain (Max) (με) 
358 380 3.2% 6% 

Top Transverse GFRP Strain 

over Girder (με) 
14.2 -32.6 0.1% -238% 

Trans. Concrete Strain (με) -192 - - - 

Long. Concrete Strain (με) -171 -309 8.8% 81% 
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Section 

No. 
Measurement 1 Cycle 

3000 

Cycles 

% of Ult. 

Strain 

% Total 

Change 

3 (6000 

Cycles) 

Centreline Deflection (mm) 1.70 3.30 - 94% 

Flexural Stiffness (kN/mm) 154 105 - -32% 

Bottom Centre Transverse 

Steel Strain (με) 
430 572 29% 33% 

Bottom Centre Longitudinal 

Steel Strain (με) 
58.2 116 5.8% 99% 

Top Transverse Steel Strain 

over Girder (με) 
11.3 101 5.0% 790% 

Trans. Concrete Strain (με) -303 -461 13% 52% 

Long. Concrete Strain (με) -116 -146 4.2% 30% 

4 

Centreline Deflection (mm) 1.82 3.82 - 110% 

Flexural Stiffness (kN/mm) 127 82.0 - -35% 

Bottom Centre Transverse 

GFRP Strain (με) 
452 833 3.6% 84% 

Bottom Centre Longitudinal 

GFRP Strain (με) 
16.7 -19.4 0.08% -216% 

Top Transverse GFRP Strain 

over Girder (με) 
-14.8 -64.0 0.3% 332% 

Trans. Concrete Strain (με) -297 - - - 

Long. Concrete Strain (με) -109 -178 5.1% 64% 

The values of centreline deflection, flexural stiffness, reinforcement strains and concrete 

strains are presented along with the percentage change after 3000 load cycles (or 6000 in the case 

of Section 3) in order to assess the degradation (Table 5-1). The percentage of ultimate/yield strain 

after 3000 cycles is also presented, where the ultimate strains of the GFRP I-beams, GFRP SIP 

forms and GFRP bars are 12,035 με, 12,035 με and 23,175 με, respectively, and the yield strain of 

the steel rebar is 2000 με. The ultimate strains of the GFRP I-beams, SIP forms and bars were 

calculated based on the material properties given in Sections 4.2.1-4.2.3 (note the manufacturer-

reported longitudinal properties were used for the SIP forms since longitudinal coupons composed 

of the full specimen, including the panel and the T-up rib, were not tested). The yield strain of the 

steel rebar assumes values of 400 MPa for the yield strength and 200 GPa for the elastic modulus, 

which are the standard properties for Grade 400 steel rebar. The ultimate concrete strain is assumed 
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to be 3500 με per Cl.10.1.3 in the A23.3 (CSA 2014d). The transverse concrete strain gauges in 

Sections 2 and 4 were damaged during testing so their final values were not included. 

5.2 Deflection Results  

Figure 5-1 presents the load-deflection results during the monotonic load tests. The overall 

deflection of the deck relative to the ground was measured at the underside of the centre of each 

section, halfway between the steel girders in the transverse direction. The deflection of the girders 

was also measured relative to the ground at the same longitudinal location as the deflection at the 

centre of the section. The deflection at the centre of the deck relative to the girders (Figure 5-1) 

was achieved by subtracting the deflection contribution from the girders.  

The load-deflection plot for Section 1 is shown in Figure 5-1(a). After 3000 cycles, the 

maximum deflection measured due to the two 90 kN “tires” was 4.04 mm and the sustained residual 

deflection was 1.72 mm. Thus, the deflection under service live loads was 2.32 mm, which fell 

below the AASHTO limit for concrete vehicular bridges of L/800 (3.81 mm), where the span L was 

taken as the centre-to-centre girder spacing of 3.05 m (AASHTO 2012). A 30% reduction in the 

slope of the load-deflection plot was observed between the second cycle (i.e. the first cycle after 

cracking) and cycle 3000, suggesting that some stiffness degradation occurred.  

The load-deflection plots for Sections 2-4 (Figure 5-1(b-d)) are composed of discrete 

points, as opposed to the continuous data collected for Section 1. In Sections 2-4, the maximum 

relative deck deflection observed at the centre of each section during each load cycle was plotted 

against the load level for each respective cycle (as explained before in the method to generate the 

equivalent monotonic load-deflection plot). Thus, the plots created for these sections are not smooth 

curves. Since load cycles were not run at a load level of 0 kN, the deflection corresponding to 0 kN 

load was taken as the residual deflection in each section before and after the 17 slow load cycles.  
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In Section 2 (Figure 5-1(b)), the maximum deflection under the two 90 kN tires after 3000 

cycles was 2.63 mm and the residual deflection in the deck was 0.70 mm. The service load 

deflection was therefore 1.93 mm, which is 51% of the L/800 limit.  

Section 3 (Figure 5-1(c)) experienced monotonic load tests at different cycle numbers than 

Sections 1-2 and 4 due to the phenomenon discussed in Section 4.4. Thus, “cycle 1” constituted the 

first monotonic load test that occurred. During cycle 1, Section 3 experienced twice the number of 

load cycles from the RLV as Sections 2 and 4. Thus, the next monotonic load test that occurred 

was referred to as “cycle 3” for Section 3. After the RLV completed 1000 load cycles (travelling 

to one end and back), Section 3 had sustained 2000 stress cycles. Likewise, after 3000 RLV cycles, 

Section 3 had sustained 6000 stress cycles. This is reflected in the labels indicating the cycle 

numbers in Figure 5-1(c). 

After 6000 stress cycles, the maximum deflection experienced by Section 3 was 3.30 mm 

and the sustained residual deflection was 1.56 mm (Figure 5-1(c)). The live load deflection of 1.75 

mm (46% of limit) was the lowest of all four sections, despite Section 3 experiencing double the 

number of stress cycles. Section 3 was reinforced with steel rebar, whereas the other three sections 

were reinforced with GFRP materials. GFRP bars have a much lower elastic modulus (62 GPa) 

than steel rebar (200 GPa). Since deflection is inversely related to elastic modulus, then it is 

expected that the GFRP-reinforced sections would see larger deflections. This section experienced 

a 32% reduction in the slope of the load-deflection curve.  

In Section 4 (Figure 5-1(d)), the maximum deflection after 3000 cycles was 3.82 mm and 

the residual deflection was 1.64 mm. The service load deflection of 2.18 mm was 57% of the 

AASHTO limit. The slope of the load-deflection curve was reduced by 35% between the first and 

last cycles, which is a greater reduction than Section 1, the other GFRP bar-reinforced section. 

Additionally, Section 4 experienced a greater relative increase in deflection than Section 1.  
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From the load-deflection plots, it appears that cracking first occurred at a load of 100 kN 

in Section 1 (Figure 5-1(a)) and 80 kN in Sections 3 (Figure 5-1(c)) and 4 (Figure 5-1(d)). There 

was no distinct cracking point observed in Section 2 during the first load cycle. Cracking is 

characterized by a sudden change in stiffness, which is demonstrated graphically by a change in 

slope of the load-deflection plots immediately following the first cracking event. 

  

(a) (b) 

  

(c) (d) 

Figure 5-1. Load vs centreline deflection during the monotonic load tests for (a) Section 1, 

(b) Section 2, (c) Section 3 and (d) Section 4 

 In order to compare the deflections of each section to each other, the maximum deflection 

achieved during each monotonic load test was plotted on a semi-logarithmic plot and a linear 

trendline was fitted to the data (Figure 5-2). From this graph, the value of deflection for Section 3 
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after 3000 stress cycles can be linearly interpolated and was found to be 2.9 mm. Thus, after 3000 

stress cycles, Section 1 had the largest deflections, followed by Section 4, then Section 3, then 

Section 2. However, the rate of increase of deflections in Section 4 is larger than the other sections, 

as is evident in Figure 5-2. 

 

Figure 5-2. Maximum deflection of each section during monotonic load tests 

The relative deflection at the centre of each section during the 180 kN slow load tests was 

plotted against the position of the wheels to show the variation in deflection as the RLV moved 

along the bridge deck (Figure 5-3, Figure 5-4). These plots identify the RLV position that generates 

the largest deflection at the centre of a given section. The x-position is defined such that the 0 m 

position occurred at the start of Section 1. Each section was 3.81 m in length and the centre of the 

first wheel began 1.1 m from the Section 1-2 border (Figure 4-6), thus wheel 1 of the RLV (the 

wheel closest to Section 1) began at an x-position of 4.91 m.  

Figure 5-3 shows the deflection at the centre of each section during the first monotonic 

load test’s 180 kN slow load cycle. This graph confirms the hypothesis discussed earlier and 

demonstrated conceptually in Figure 4-10 that during one RLV load cycle (i.e. RLV travelled to 
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one end and back), Section 2 and 4 experienced one cycle of loading while Section 3 experienced 

two cycles. During the two halves of the 180 kN load cycle, Section 2 was unloaded then loaded, 

Section 3 was loaded twice and Section 4 was loaded then unloaded. It is noted, however, that the 

unloading for all sections was not quite complete in that the LPs at the centre of any section still 

registered a small deflection even if the RLV was the furthest away it could be from any given 

section. It is also noted that the Section 2 and Section 4 deflection profiles are not a mirror image 

of each other. This is because: (a) the boundary condition at the start and end of Section 2 were 

different from Section 4, with Section 1 providing continuity for Section 2 at one end, unlike 

Section 4; and (b) the reinforcement in Section 2 was different from that of Section 4. The Section 

3 plot is nearly symmetric, but the boundary conditions on either end of Section 3 were not perfectly 

symmetric in that Sections 2 and 4 had different types of reinforcement. 

 

Figure 5-3. Centreline deflection vs position of wheel 1 during initial monotonic load test 

(cycle 1) where the arrows indicate direction of RLV movement 

 Figure 5-4 presents the deflection-position plots for Sections 2-4 during the 180 kN load 

cycles associated with each monotonic load test that were carried out periodically up to the 3000 
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RLV cycles. As the number of load cycles increased, so did the residual deflection, shown by the 

increasing y-intercept at the end of each monotonic load test. The amplitude of the deflection-

position curve also increased with the increasing number of cycles. This indicates that the sections 

were losing stiffness under cyclic loading as they were experiencing greater deflections under the 

same load level.  

Due to the fact that the deck slab was cast monolithically, each section did not behave 

independently of each other. For example, when Section 1 was loaded with the actuator, deflections 

were registered in Sections 2-4, and when the RLV was loading Sections 2-4, deflections were 

registered in Section 1. The load synchronization attempted to mitigate this phenomenon by 

applying the maximum actuator load while the RLV was at the opposite end of the deck. However, 

it is evident that each type of loading still had some effects on adjacent sections. Figure 5-5 shows 

the deflections registered in Section 1 during 180 kN slow load cycles of the monotonic load tests 

performed by ROLLS. As the number of cycles increased, so did the change in deflection registered 

in Section 1 throughout the monotonic load test. During the initial monotonic load test, the 

deflection in Section 1 changed by 0.21 mm, while during the final load test, the deflection changed 

by 0.47 mm. 

The monotonic load tests performed on Section 1 using the hydraulic actuator also had an 

effect on Sections 2-4. During the monotonic load test following the completion of 3000 load 

cycles, each section saw an increase in deflection (Figure 5-6). The deflection in Section 2 increased 

by 0.37 mm, which is less than the increase in deflection that Section 1 experienced during the final 

RLV monotonic load test (0.47 mm). The deflection increased by 0.10 mm and 0.06 mm in Sections 

3 and 4, respectively, during the final monotonic load test applied to Section 1. Therefore, Sections 

1 and 2 have the greatest effect on each other, while the effect of Section 1 on Sections 3 and 4 is 

much lower. 
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(a) 

 
(b) 

 
(c) 

Figure 5-4. Centreline deflection vs position of wheel 1 for (a) Section 2, (b) Section 3 and (c) 

Section 4 during monotonic load tests 
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Figure 5-5. Centreline deflection vs position of wheel 1 for Section 1 during monotonic load 

tests 

 

Figure 5-6. Actuator load vs deflection at centre of each section during final monotonic load 

test (cycle 3000) 
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In Section 2, the maximum deflection occurred when the position of wheel 1 was at 5.30 

m (on average over the four monotonic load tests). This occurred when the centre of the RLV (i.e. 

centre of the two dual tires) was 0.18 m offset from the centre of the section in the direction of 

Section 4 (Figure 5-7). In Section 3, the maximum deflection occurred when the centre of the RLV 

was 0.35 m off-centre in the direction of Section 4, and in Section 4, the maximum deflection 

occurred when the RLV was 0.24 m off-centre in the direction of Section 1 (Figure 5-7). Thus, the 

maximum deflection of each section occurred when the RLV’s centre was 0.18-0.35 m offset from 

the centre of the deck section. In all three cases, the centre of the section was still in between the 

location of the two wheels that caused the maximum deflection.  

 

Figure 5-7. Critical position of RLV resulting in maximum deflection for Sections 2-4 

(upper dimensions are RLV positions and lower dimensions are the locations of maximum 

deflection for Sections 2-4) 

 Figure 5-8 shows the deflection profiles of the girders and the deck slab along the length 

of the bridge deck. Readings from all 12 LPs were used to create these figures (Figure 4-16). Girder 

1 represents the girder to the right when looking from Section 1 towards Section 4, and girder 2 

represents the girder to the left. Figure 5-8(a) shows the LP readings from when the actuator applied 

its full load of 180 kN, while Figure 5-8(a-c) show the LP readings from when the RLV is centred 

in Sections 2 through 4, respectively.  
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(a) (b) 

  
(c) (d) 

Figure 5-8. Deflection profile of girders and deck slab during initial monotonic load test 

(cycle 1) for (a) actuator applying full 180 kN load to Section 1, (b) RLV centred in Section 

2, (c) RLV centred in Section 3 and (d) RLV centred in Section 4 

When the full 180 kN load was applied in Sections 1 and 2, the LP readings under the 

girders in Sections 1 and 2 were slightly larger than in Sections 4 and 3, as is expected (Figure 

5-8(a-b). Similarly, when the full 180 kN load was applied in Sections 3 and 4, the LP readings 

under the girders in Sections 3 and 4 were slightly larger than in Sections 2 and 1 (Figure 5-8(c-d). 

This is demonstrated by the deflection profile of the girders not being perfectly symmetric for any 

of the loading scenarios (Figure 5-8). 

The deflection of the deck slab was the largest in the section where the load was applied 

for all four loading scenarios. Interestingly, when the load was applied to Section 1, there was a 
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larger deck deflection in Section 3 than Section 2 (Figure 5-8(a)). This is most likely due to the 

stiffness of the GFRP I-beams under which the LP measurement was taken. When the load was 

applied to Sections 3 and 4, there was a larger rate of increase of deflection from Section 2 to 3 

than from Section 1 to 2 (Figure 5-8(c-d)). This is demonstrated by the lines connecting the LP 

readings between Sections 1-3 resembling a concave-down shape rather than concave-up. Again, 

this is most likely attributed to the stiffness of the GFRP I-beams. 

The deflection profiles of the girders and deck slab were also plotted for the last monotonic 

load test performed after 3000 cycles of loading (Figure 5-9).  

  
(a) (b) 

  

(c) (d) 

Figure 5-9. Deflection profile of girders and deck slab during final monotonic load test 

(cycle 3000) for (a) actuator applying full 180 kN load to Section 1, (b) RLV centred in 

Section 2, (c) RLV centred in Section 3 and (d) RLV centred in Section 4 
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The shape of the curves in Figure 5-9 largely resembles those after the first monotonic load 

test in Figure 5-8, except the magnitude of the deflections has increased. The main exception to 

this is the deflection observed in the deck slab in Section 1 while the RLV is positioned above 

Section 3 and Section 4 (Figure 5-8(c-d)). In these two plots, the deflection of the deck slab in 

Section 1 much more similar to the deflection of Section 2 than it was during the initial monotonic 

load test. Similar to the plots generated for cycle 1 (Figure 5-8), the deflection of the girders mostly 

followed the pattern where a larger deflection was seen on the half of the girders in which the load 

was being applied (Figure 5-9). Interestingly, the smallest girder deflections occurred when the 

load was applied to Section 1; this was true for both the initial and final monotonic load test. 

Additionally, the same observation can be made after 3000 load cycles where the deflection of 

Section 2 when the load was in Sections 1, 3 and 4 makes the shape of deck deflection profile 

concave down when one would expect it to be concave up (Figure 5-9(a, c-d)). Again, this is likely 

due to the stiffness of the GFRP I-beams in Section 2. 

5.3 Strain Results 

Figure 5-10 presents the load vs central bottom transverse strain results of each section during the 

monotonic load tests. For Sections 1, 3 and 4 (Figure 5-10(a, c-d)), the strain values are an average 

of three strain gauges located on two central bottom transverse bars (Figure 4-15). The strain values 

in Figure 5-10(b) for Section 2 are the average of three strain gauges placed on the lower surface 

of the bottom flange of the central GFRP I-beam (Figure 4-15).  

After 3000 cycles, the maximum average transverse strain observed in Section 1 (Figure 

5-10(a)) was 1231 με, which was 5.3% of the GFRP bar’s ultimate strain. The maximum transverse 

strain in the highest-reporting strain gauge of the three was 1272 με, which was only 5.5% of the 

ultimate strain. Since the highest strains were observed in the bottom transverse bars, this suggests 

that all GFRP bars in Section 1 were not at any risk of failure after 3000 cycles. The residual average 
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strain prior to beginning the final monotonic load test was 506 με, thus the strain increased by 725 

με when subjected to the 2 x 90 kN live load.  

  
(a) (b) 

  
(c) (d) 

Figure 5-10. Load vs average bottom transverse reinforcement strain during the monotonic 

load tests for (a) Section 1, (b) Section 2, (c) Section 3 (with arrows indicating progression of 

monotonic load tests for cycle 2K and 6K) and (d) Section 4 

 In Section 2 (Figure 5-10(b)), the largest average transverse strain experienced by the 

GFRP I-beam was 789 με and the largest transverse strain experienced by the most-strained strain 

gauge of the three at the bottom surface of the I-beam was 916 με. The residual average strain 

before beginning the cycle 3000 monotonic load test was 74 με, meaning the strain increased by 

715 με when subjected to the 2 x 90 kN live load. After 40 kN, there was a slight decrease in slope 

of the load-strain curves for the monotonic load tests performed at cycles 1000 and 3000 for Section 
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2. This phenomenon was not observed in the load-deflection response of Section 2. This could be 

due to the behaviour of the entire I-beam-SIP form system, where the load is transferred to the 

bottom flange of the I-beam indirectly through the concrete then the SIP form; perhaps it takes 

some load in the range of 20-40 kN to generate significant strains in the I-beam.  

 Figure 5-10(c) presents the load-strain results for Section 3, which underwent monotonic 

load tests at cycles 1, 3, 2000 and 6000. After the completion of the cycle 3 monotonic load test, 

the residual strain was 192 με. At the beginning of the cycle 2000 monotonic load test, the strain 

was 212 με before the load test began. However, after the strain increased during loading from 20 

to 180 kN, the reinforcement then experienced less strain for each given load level while the load 

decreased from 180 to 20 kN. After the cycle 2000 monotonic load test, the average residual strain 

in the bars was 151 με, which was less than when the test started. The same scenario occurred 

during the cycle 6000 monotonic load test: the strain started at 151 με before the load test and the 

average residual strain was 127 με after the load test. The decrease in residual strain during the 

cycle 2000 and cycle 6000 monotonic load tests occurred in all three of the strain gauges which 

made up the average values presented in Figure 5-10(c). The phenomenon is indicated by the arrows 

on the curves. It is possible that softening of the neighbouring Sections 2 and 4 impacted the 

boundary conditions of Section 3 and affected the strain. Additionally, the development of new 

cracks could have caused a redistribution of stresses. Future research at higher cycles beyond 6000 

will shed more light on this peculiar observation. Another point to note is that the yield strain of 

the steel rebar was expected to be 2000 με. The decrease in strain between the beginning and end 

of the cycle 2000 and cycle 6000 monotonic load tests was 62 με and 23 με respectively, the larger 

of which is only 3% of yield. Therefore, the strain range in question is relatively small. Figure 

5-10(c) shows that the maximum measured strain was 636 με, which is much lower than the 

theoretically known yield strain of 2000 με. 
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 Figure 5-10(d) presents the load-strain results for Section 4. After 3000 cycles, the average 

maximum strain experienced by the transverse bars was 833 με and the residual strain was 361 με. 

The largest strain recorded by the three strain gauges was 1044 με. The slope of the load-strain 

curves for each of the monotonic load tests after the first one was fairly linear, similar to the load-

strain curves in Section 1, the other section reinforced with GFRP bars. However, the transverse 

bars in Section 1 reached an average maximum strain of 1231 με, 48% higher than the average 

maximum strain in Section 4.  

 Figure 5-11 shows the strain in the bottom transverse reinforcement at the centre of each 

section during the first monotonic load test’s 180 kN load cycle. For the duration of the complete 

RLV load cycle shown in Figure 5-11, Sections 2 and 4 experience one stress cycle while Section 

3 experiences two stress cycles. This graph, along with the graph shown in Figure 5-3, confirms 

the hypothesis about the differing number of stress cycles that was initially introduced in Figure 

4-10.  

 

Figure 5-11. Bottom transverse reinforcement strain vs position of wheel 1 during initial 

monotonic load test (cycle 1) where the arrows indicate direction of RLV movement 



 

62 

 

  Figure 5-12 and Figure 5-13 give a detailed view of the behaviour of each strain gauge on 

a central SIP form panel during the monotonic load tests. The positioning of the SIP form panel 

within Section 2 is shown in Figure 4-15. The middle right longitudinal strain gauge malfunctioned 

and is thus not included in Figure 5-13.  

  

(a) (b) 

  

(c) (d) 

Figure 5-12. Load vs strain on bottom fibre of a central SIP form for the transverse strain 

gauges (position indicated by black rectangle) during the monotonic load tests 

The transverse strains on the bottom of a central SIP form panel are shown in Figure 5-12, 

where the transverse direction refers to the direction of the span between the steel girders. The 

central top and middle strain gauges (Figure 5-12(a, c)) received much less strain than the right top 

and middle gauges (Figure 5-12(b, d)). This is perhaps due to the fact that the primary direction of 
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bending for the SIP forms was in the longitudinal deck direction. Thus, at the central location of 

the panel, the transverse strains dominated, as is shown in Figure 5-13(a).  

The strain gauges at the right side of the panel (Figure 5-12(b, d)) were placed in close 

proximity to the GFRP I-beam on which the SIP form rests. At this location, the bottom fibre of 

the GFRP I-beam experienced an average maximum strain of 789 με (Figure 5-10(b)), which is 

much higher than the strains achieved by the adjacent transverse strain gauges of 166 με and 285 

με (Figure 5-12(b, d), respectively). 

 

(a) 

  

(b) (c) 

Figure 5-13. Load vs strain on bottom fibre of a central SIP form for the longitudinal strain 

gauges (position indicated by black rectangle) during the monotonic load tests 

Figure 5-13 shows the longitudinal strains on the same central SIP form panel, where the 

longitudinal direction refers to the direction of the span between the GFRP I-beams (i.e. in the 
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direction of the longitudinal length of the bridge deck). The longitudinal strains on the SIP form 

were higher than the transverse strains because the SIP forms span between the GFRP I-beams in 

the longitudinal deck direction, therefore, their primary direction of bending is longitudinally. This 

is the opposite of the other three deck sections where the transverse reinforcement strains were 

typically higher than the longitudinal strains.  

There is a large jump in strain on the load-strain plot for the central longitudinal strain 

gauge between the 80 and 100 kN load level (Figure 5-12(a)). This is consistent with the 

observation that cracking occurred at a load of 80 kN, which was mentioned in Section 5.2.  

The central top strain gauge received very little strain (Figure 5-13(b)). This strain gauge 

is adjacent to the connection point between the current SIP form panel and the adjacent panel. At 

this connection point, the panels are connected to each other through a tongue-and-groove locking 

mechanism, where two T-up ribs are connected to each other (Figure 3-6). It is possible that the 

stiffening of this rib caused the SIP form assembly to experience less bending at this location, 

meaning the adjacent strain gauge experienced less strain. 

After 3000 load cycles, the maximum strain observed in the SIP forms (which occurred in 

this central longitudinal strain gauge) was 380 με, which is only 3.2% of the ultimate strain of the 

GFRP SIP forms. Thus, after 3000 load cycles, the SIP forms were not at risk of failure.  

Figure 5-14 presents a more detailed view of the strain gauges on the central GFRP I-beam 

in Section 2. Figure 5-14(a) shows the load-strain curves for the top fibre of the GFRP I-beam in 

the transverse direction of the deck, which is the longitudinal direction of the GFRP I-beam. The 

strain gauges all read negative values, indicating that the top fibre of the GFRP I-beam was in 

compression. The maximum strain reached after 3000 load cycles was -99.7 με, which is only 0.8% 

of the rupture strain of the GFRP I-beam. By comparison, the maximum strain reached at the bottom 

fibre of the GFRP I-beam after 3000 load cycles was 789 με (Figure 5-10(b)). This indicates that 
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the neutral axis of the GFRP I-beam was much closer to the top of the I-beam than the bottom, 

assuming a linear strain distribution over the depth of the I-beam. 

  

(a) (b) 

Figure 5-14. Load vs strain in Section 2 during the monotonic load tests for (a) transverse 

SGs on top fibre of GFRP I-beams and (b) longitudinal SGs on bottom flange of I-beam  

  The load-strain relationship on the bottom fibre of the GFRP I-beam in the longitudinal 

deck direction is shown in Figure 5-14(b). During the first two monotonic load tests, this location 

on the GFRP I-beam went into tension and received a maximum strain of 197 με. However, after 

1000 and 3000 load cycles, the bottom longitudinal fibre of the GFRP I-beam had negative residual 

strains, suggesting it was in compression when it was not being loaded. During the cycle 1000 and 

3000 monotonic load tests, this location went into tension during loading, then returned to a state 

of compression following the completion of the load tests. The data in Figure 5-14(b) appears 

messy, but this is likely because relatively low strains were reached at this location. 

 The transverse (Figure 5-15) and longitudinal (Figure 5-16) concrete strains on the top of 

the deck at the centre of each section were monitored during the monotonic load tests. The 

transverse strain gauges in Sections 2 (Figure 5-15(b)) and 4 (Figure 5-15(d)) were damaged during 

cycling, thus their readings were unavailable during the cycle 1000 and 3000 monotonic load tests.  

After the first monotonic load test, Section 1 (Figure 5-15(a)) experienced the highest 

transverse strains, at a value of -381 με, followed by Section 3 (-303 με) (Figure 5-15(c)), Section 
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4 (-297 με) (Figure 5-15(d)), then Section 2 (-192 με) (Figure 5-15(b)). The negative values of 

concrete strain indicate that the top fibre of the concrete deck was in compression. After 3000 

cycles, Section 1 still exhibited the highest transverse strains, at a value of -568 με. This value is 

only 16% of ultimate concrete crushing strain, which is 3500 με. Thus, none of the sections were 

at risk of failure by concrete crushing after 3000 cycles. The percentage change of the concrete 

strains is indicated by a positive percentage value, despite the values becoming more negative, to 

indicate that the magnitude of the strain was increasing (Table 5-1). 

  

(a) (b) 

  

(c) (d) 

Figure 5-15. Load vs transverse concrete strain during the monotonic load tests for (a) 

Section 1, (b) Section 2, (c) Section 3 and (d) Section 4 

The longitudinal concrete strains (Figure 5-16) were consistently lower than the transverse 

concrete strains. After one cycle, Section 2 (Figure 5-16(b)) experienced the highest longitudinal 
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strain (171 με) despite experiencing the lowest initial transverse strain. Section 1, which had the 

highest initial transverse strain, showed the lowest initial longitudinal strain (48 με) (Figure 

5-16(a)). 

  
(a) (b) 

  
(c) (d) 

Figure 5-16. Load vs longitudinal concrete strain during the monotonic load tests for (a) 

Section 1, (b) Section 2, (c) Section 3 and (d) Section 4, where cycle 1 is indicated by a 

dashed line in Sections 2-4 

5.4 Stiffness Degradation 

Stiffness degradation is a valuable means of comparison for the damage accumulated by each deck 

section. Figure 5-17 shows the normalized stiffness plotted against the number of cycles completed 

for each section. The stiffness k for any given cycle is equal to the slope of the load-deflection plot 

(Figure 5-1) for that cycle’s monotonic load test. For the sections subjected to rolling loads (Section 
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2-4), the data points at 0 kN were not included in the slope because they do not represent real test 

data obtained during the load cycles. The initial stiffness k0 of each section is equal to the slope of 

the load-deflection plot, including both the ascending and descending branch, for the cycle 2 (or 

cycle 3 in the case of Section 3) monotonic load test. The second load cycle was used to establish 

the baseline stiffness because cracking would have already occurred after the first cycle. The slope 

of the second load cycle therefore represents the linear load-deflection behaviour of the deck after 

cracking. 

 

Figure 5-17. Stiffness degradation behaviour of each section 

For Sections 1, 2 and 4, k/k0 values were plotted for cycle numbers 1, 1000 and 3000. For 

Section 3, k/k0 values were plotted for cycles 1, 2000 and 6000. The data was plotted on a semi-

logarithmic plot to show the linear trend and to accommodate the large increase in successive cycle 

numbers. Linear trendlines were added that originate from the point (1,1) because the normalized 

values of stiffness were equal to one during the first cycle.  
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 Figure 5-17 clearly shows that Section 4, which was subjected to moving cyclic loads, has 

suffered more stiffness degradation than Section 1, subjected to pulsating cyclic loads, where k/k0 

dropped to 0.70 and 0.65 in Sections 1 and 4, respectively. Although the stiffnesses of Sections 1 

and 4 were within 8% of each other (38.1 kN/mm and 41.0 kN/mm, respectively) after 3000 cycles, 

Section 4 saw a larger decrease in stiffness because its initial stiffness was 17% higher than that of 

Section 1. Both sections had identical GFRP bar reinforcement and both were bound on one end 

by an adjacent section and had one free end. However, differences in the stiffness of their respective 

adjacent sections and in the actual construction of the sections may explain why Sections 1 and 4 

had different initial stiffnesses.  

The important but preliminary observation of more stiffness degradation in Section 4 than 

Section 1 supports the initial hypothesis that cycles induced by moving loads are more critical than 

those induced by pulsating loads. It is important to note, however, that this observation can only be 

further confirmed upon completion of higher loading cycles (up to 3 million) in the future extension 

of this project. It should also be noted that one of the limitations in this study is that the moving 

load path did not extend all the way to the end of Section 4 (i.e. the load did not travel along the 

full 3.81 m length of Section 4, but rather the centre of the dual-tire load only just passed the centre 

point of the section and returned). Had the moving load covered the full length, it is expected that 

the stiffness degradation would have increased even further in Section 4. 

 Section 2 was reinforced with the SIP form system on the bottom and GFRP bars on top. 

This section is most easily compared with Section 4 because both sections were subjected to the 

same amount and type of loading but their bottom reinforcement differed (though the boundary 

conditions of both sections are different). After 3000 cycles, Section 2 experienced the largest 

decrease in stiffness of any section, where k/k0 dropped to 0.59 at 3000 cycles. However, Section 2 

had the largest initial stiffness with a value of 78.0 kN/mm. After 3000 cycles, the flexural stiffness 

of Section 2 was still greater than Section 4, so it is the large initial stiffness of Section 2 that most 
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contributed to it having the largest decrease. Due to their size, the GFRP I-beams were stiffer than 

the GFRP bars: the total stiffness EA of the GFRP I-beams used in Section 2 was 3.59E+05 kN, 

while that of the GFRP bottom bars in Section 4 was 3.21E+05 kN.  

 Section 3 was constructed as a control section in order to compare the behaviour of the 

less-commonly used reinforcing GFRP bars with typical steel rebar. Despite experiencing twice 

the number of load cycles as the other sections, Section 3 saw the lowest amount of stiffness 

degradation of any section, where k/k0 for Sections 3 and 4 dropped to 0.72 and 0.65, respectively, 

at 3000 stress cycles (where the value for Section 3 was linearly interpolated from Figure 5-17). 

The initial stiffness of Section 3 was also among the highest, at a value of 77.0 kN/mm, whereas 

that of Section 4 was 63.5 kN/mm, due to differences in reinforcement stiffness. Section 3 was 

constructed with steel rebar, which has a much higher elastic modulus than GFRP bars (200 GPa 

vs 62.05 GPa, respectively). This resulted in a total axial stiffness (EA) of the bottom reinforcement 

of 5.20E+05 kN and 3.21E+05 kN for the steel and GFRP of Sections 3 and 4, respectively. Another 

possible reason why Section 4 experienced more apparent degradation is due to the boundary 

conditions of each section and the length of the section covered by the moving load. In the 

longitudinal direction, Section 3 was bound on either end by the concrete slab, whereas Section 4 

was only bound on one end by the concrete slab and was free on the other end.  

5.5 Cracking Patterns 

Although cracking occurred during the first monotonic load cycle, as evidenced by a change in 

slope of the load-deflection curve, cracking was not immediately visible to the naked eye. 

Following the completion of 3000 cycles, cracks were observed on the underside of the bridge 

deck. In Sections 1 (Figure 5-18(a)), 3 and 4 (Figure 5-18(b)), longitudinal hairline cracks (parallel 

to the travel direction of the RLV) were distributed along the length of each section. These 

longitudinal cracks were observed along the mid-line of the deck and were also distributed 

transversely. Section 2 had GFRP I-beams and SIP forms on the bottom of the deck so cracks could 
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not be observed. Figure 5-18 shows the cracks drawn onto photographs of the underside of the 

deck, where the LPs shown in the photographs were situated at the centre of each section. The 

cracks were all approximately equal to or less than 0.1 mm in width. Section 3 had a similar 

cracking profile to Sections 1 and 4.  

 

(a) 

 

(b) 

Figure 5-18. Cracking patterns after 3000 cycles for (a) Section 1 and (b) Section 4 

Since cracking usually occurs normal to the direction of the largest stresses, the observed 

cracking pattern confirms the observation that the transverse concrete stresses were largest. 

N 

N 
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Although most of the cracking was observed in the longitudinal direction, a few small transverse 

cracks were observed in each section, though too small to appear in the photographs.  

It is expected that the sections subjected to rolling loads should show a grid-like cracking 

pattern along the entire length of the load path, while the section subjected to pulsating loads should 

show a radial cracking pattern originating from the points of contact of the bearing pads. Since 

3000 cycles only represents a small proportion of the total number of cycles needed to simulate the 

entire fatigue life of the bridge deck, these characteristic cracking patterns are expected to develop 

as the number of load cycles increases.  
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Chapter 6: Summary and Conclusions 

This thesis examined the behaviour of a full-scale slab-on-girder RC bridge deck when subjected 

to two different methods of cyclic loading; moving and pulsating. The deck was 15.24 m long, 

3.89 m wide and 210 mm thick, and the centre-to-centre spacing of the steel girders was 3.05 m. 

The dimensions of the bridge structure were chosen to mimic actual dimensions used in bridge 

construction. Much attention was given to simulate construction practices and detailing used in the 

field, thus shear stud plates were designed and installed on top of the girders and cross-bracing 

members joined the girders together at various locations along the length of the bridge. Design was 

completed according to the Canadian Highway Bridge Design Code (CHBDC).  

The deck was conceptually divided into four sections, each with a different combination of 

reinforcement type and load type. Sections 1 and 4 were identically reinforced with GFRP bars, 

Section 2 was constructed with a novel system of GFRP SIP form materials and Section 3 was 

constructed with typical steel rebar. Section 1 was subjected to 3000 cycles of fixed pulsating loads 

at a load level of 90 kN/bearing pad, where the pads were spaced at 1.2 m. Sections 2-4 were 

subjected to 3000 load cycles (with Section 3 actually receiving 6000 stress cycles) of moving loads 

using the RLV with loads of 90 kN/tire at a tire spacing of 1.2 m. Throughout cycling, monotonic 

load tests were performed periodically to assess the changes in deflections, stiffness and strains in 

each section. The following conclusions can be drawn: 

1. After 3000 cycles (and 6000 cycles for Section 3), the maximum strains under the applied 

180 kN service load in the GFRP bar reinforcement, GFRP SIP system, steel reinforcement 

and concrete were 5.3%, 6.6%, 29% and 16% of their respective ultimate (or yield for steel) 

values. 

2. After 3000 cycles (and 6000 cycles for Section 3) the total deflections measured at the 

centre point of Sections 1 to 4 under the full service load of 180 kN were 4.04 mm, 2.63 

mm, 3.30 mm and 3.82 mm, respectively. The residual deflections after the 3000 cycles 
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were 1.72 mm, 0.70 mm, 1.56 mm and 1.64 mm. The live load deflections were well below 

the L/800 limit of 3.81 mm. 

3. The moving load over Section 4 caused more stiffness degradation than the pulsating loads 

over Section 1, where the stiffness ratio k/k0 in Sections 1 and 4 dropped to 0.70 and 0.65, 

respectively. However, these represent findings from preliminary results in which the 

difference between measurements varied by fractions of a millimetre. 

4. Section 2 had the largest initial stiffness and experienced the most stiffness degradation, 

where k/k0 dropped to 0.59 after 3000 load cycles.  

5. Longitudinal crack patterns on the underside of Sections 1, 3 and 4 support the observation 

that the largest concrete tensile stresses were found in the transverse direction. 

6. Despite experiencing half the number of rolling load cycles, Section 4, which was 

reinforced with GFRP bars, sustained more damage than Section 3, the steel-reinforced 

section, where damage is defined as the decrease in flexural stiffness. After the final 

monotonic load test, Section 4 showed a larger centreline deflection and lower flexural 

stiffness, as well as a greater relative increase in deflection, flexural stiffness, transverse 

reinforcement strain and longitudinal concrete strain over the course of cyclic loading. 

After 6000 cycles, the bottom transverse steel reinforcement was closer to its yield strain, 

at 29%, compared with the GFRP reinforcement only being at 3.6% of ultimate. However, 

the yield strain of steel rebar is only 12% of the ultimate strain of GFRP bars. One potential 

reason why Section 4 sustained more damage is because of the different boundary 

conditions of each section. Section 4 had a free end, lending itself to greater deflections.  

7. The performance of Section 2, composed of the system of GFRP SIP forms and I-beams, 

is compared against Section 4 as both sections were reinforced with GFRP materials and 

both were subjected to the same number of rolling load cycles. Section 2 had a higher initial 

stiffness and thus lower initial deflection, but both sections experienced a similar increase 
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in deflection. Section 2 experienced a larger decrease in flexural stiffness but ended at a 

higher final stiffness value. Compared with the transverse GFRP reinforcement strain in 

Section 4, the strain on the bottom of the I-beam in Section 2 increased by twice as much 

between the first and final load cycle and was twice as much in terms of the percentage of 

yield strain. Thus, Section 2 experienced more damage in terms of the damage to the 

transverse reinforcement and the change in flexural stiffness. Section 4 had a larger final 

deflection but the free-end boundary condition most likely contributed to this. 

 The purpose of this study was to compare different loading types and reinforcement types 

in a full-scale bridge deck subjected to full-sized loads. The deck was subjected to 3000 load cycles, 

which allowed the test program to be validated and initial conclusions about the behaviour of each 

section to be drawn. Future work should include subjecting the bridge deck to a total of 3 million 

load cycles, which should take a total of 8 months, in order to simulate the entire fatigue life of the 

bridge. Following this, each section should be loaded to failure in order to assess the residual 

ultimate strength of each section.  
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Appendix A: Detailed Calculations for Bridge Deck Design 

Design of Sections 1 and 4 

For the transverse GFRP bars in the bottom assembly, the minimum area of reinforcement is: 

𝐴𝑠 =
500𝑑𝑠

𝐸𝐹𝑅𝑃
 

Since, 

𝑑𝑠 = 160 mm 

𝐸𝐹𝑅𝑃 = 60,000 MPa 

Then, 𝐴𝑠 becomes: 

𝐴𝑠 = 1.33 mm2/mm 

For one Section 3.81 m in length, the required total area of GFRP bars is: 

𝐴𝑠 = 5080 mm2 

This equates to 26-15M GFRP bars at a spacing of 152.4 mm. 

For the longitudinal bars in the bottom assembly and the transverse and longitudinal bars in the top 

assembly, the minimum required reinforcement ratio is 0.35%. For the transverse top bars, this 

equates to a total required reinforcement area of: 

𝐴𝑏 = 2134 mm2 

For the longitudinal top and bottom bars, this equates to a total required reinforcement area of: 

𝐴𝑏 = 2178.4 mm2 

Therefore, 15M bars are used at the maximum spacing of 300 mm in both directions; this satisfies 

the minimum reinforcement requirements.  

Design of Section 2 

The spacing of the GFRP I-beams is governed by the minimum required reinforcement area as well 

as the deflection limits of the GFRP I-beams and the SIP forms. 
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Using the empirical design method for FRP reinforcement in Cl.16.8.8.1, the minimum required 

area of FRP material in the bottom assembly is: 

𝐴𝑠 =
500𝑑𝑠

𝐸𝐹𝑅𝑃
  

Since, 

𝑑𝑠 = 133.8 mm when taken as the depth to the centroid of the I-beam 

𝐸𝐹𝑅𝑃 = 17,200 MPa 

Then, 𝐴𝑠 becomes: 

𝐴𝑠 = 3.89 mm2/mm 

The area of one GFRP I-beam is 4173 mm2, so the maximum I-beam spacing is: 

𝑠 =
4173 𝑚𝑚2

3.89𝑚𝑚2/𝑚𝑚
= 1073 mm 

Therefore, five I-beams are used at a centre-to-centre spacing of 914.4 mm.  

The SIP forms span 904.9 mm between the I-beams. Under the dead loads, the deflection of the 

SIP forms is: 

𝛿 =
5𝑤𝑙4

384𝐸𝐼
 

Since, 

𝑤 = 𝑆𝑊𝑆𝐼𝑃 + 𝑆𝑊𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒 = 0.074
𝑁

𝑚𝑚
+ 23.5 ∗ 10−6 𝑁

𝑚𝑚3
(199𝑚𝑚(609 𝑚𝑚) − 3710 𝑚𝑚2) =

0.074
𝑁

𝑚𝑚
+ 2.92

𝑁

𝑚𝑚
= 2.99

𝑁

𝑚𝑚
, where the self-weight of the concrete does not account for the 

area (3.71E-03 m2) taken up by the SIP forms, and where the depth of concrete is taken as 199 mm 

(Figure 3-3). 

𝐿 = 905 mm 

𝐸 = 17,200 N/mm2 

𝐼 = 1.29E+06 mm4  

Then, 𝛿 becomes: 
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𝛿 = 1.18 mm  

This falls within the deflection limit of 2.33 mm (L/360). 

Under dead loads, the deflection of the GFRP I-beams is: 

𝛿 =
5𝑤𝑙4

384𝐸𝐼
 

The SIP forms rest on the bottom flanges of the I-beams, thus the dead load from the SIP forms is 

transferred to the I-beams. To simplify, ignore contribution from SIP form material and take entire 

volume of deck to be concrete. 

𝑤 = 𝑆𝑊𝐼−𝑏𝑒𝑎𝑚 + 𝑆𝑊𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒 = 0.074
𝑁

𝑚𝑚
+ 23.5 ∗ 10−6 𝑁

𝑚𝑚3
(199 𝑚𝑚)(905 𝑚𝑚) =

0.074
𝑁

𝑚𝑚
+ 4.23

𝑁

𝑚𝑚
= 4.30

𝑁

𝑚𝑚
, where the deck thickness is 199 mm, as above, and the width of 

SIP form decking framing into the I-beam is one-half of 905 mm on either side. 

𝐿 = 2692 mm, taken as the clear distance between the girders 

𝐸 = 17,200 MPa 

𝐼 = 1.67E+07 mm4 

Then, 𝛿 becomes: 

𝛿 = 10.2 mm 

This is larger than the deflection limit of 7.48 mm (L/360). However, if the ends of the GFRP I-

beam are assumed to be fixed (since they are epoxied to the steel girders), then the deflection 

becomes: 

𝛿 =
𝑤𝑙4

384𝐸𝐼
= 2.05 𝑚𝑚 

This is well within the L/360 limit. It is assumed that the support conditions are somewhere in 

between simply supported and fixed-fixed, thus the deflections are likely permissible. 

Development Length of Steel Rebar 

The simplified method (Cl.8.15.2.3) is used to calculate the development length of steel bars: 
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𝑙𝑑 = 0.18𝑘1𝑘2𝑘3
𝑓𝑦

𝑓𝑐𝑟
𝑑𝑏  

Since, 

𝑘1 = 1 

𝑘2 = 1 

𝑘3 = 0.8 

𝑓𝑦 = 400 MPa 

𝑓𝑐𝑟 = 2.2 MPa 

𝑑𝑏 = 16 mm 

Then, 𝑙𝑑 becomes: 

𝑙𝑑 = 420.7 mm 

Thus, the development length for steel is 420.7 mm. 

Development Length of GFRP Bars 

The development length of the GFRP bars is calculated using Cl.16.8.4.1: 

𝑙𝑑 = 0.45
𝑘1𝑘4

[𝑑𝑐𝑠+𝐾𝑡𝑟
𝐸𝐹𝑅𝑃

𝐸𝑠
]
[

𝑓𝐹𝑅𝑃𝑢

𝑓𝑐𝑟
] 𝐴  

Since, 

𝑘1 = 1 

𝑘4 = 0.8 

𝑑𝑐𝑠 = 50 mm 

𝐾𝑡𝑟 = 0 mm 

𝐴𝑡𝑟 = 0 mm2 

𝑓𝑦 = 400 MPa 

𝑠 = 152.4 mm 

𝑛 = 1 

𝐸𝐹𝑅𝑃 = 60,000 MPa 
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𝐸𝑠 = 200,000 MPa 

𝑓𝐹𝑅𝑃𝑢 = 685 MPa 

𝑓𝑐𝑟 = 2.2 MPa 

𝐴 = 199 mm2 

Then,  

𝑙𝑑 = 560.0 mm 

Thus, the development length for GFRP is 560.0 mm. 

Shear Stud Plate Design 

The shear connector resistance is calculated as follows: 

According to Cl.10.11.5.2.2 of the CHBDC, the factored compressive resistance of the slab is the 

smaller of 𝐶1 and 𝐶2 (CSA 2014b): 

𝐶1 = 𝐶𝑐 + 𝐶𝑟 

𝐶2 = 𝜙𝑠𝐴𝑠𝐹𝑦 

Where, 

𝐶𝑐 = 𝛼1𝜙𝑐𝑏𝑒𝑡𝑐𝑓𝑐
′ 

𝐶𝑟 = 𝜙𝑟𝐴𝑟𝑓𝑦 

Since, 

𝛼1 = 0.805 

𝜙𝑐 = 0.75 

𝑏𝑒 = 1326.3 mm 

𝑡𝑐 = 210 mm 

𝑓𝑐
′ = 30 MPa 

Note that 𝑏𝑒 is calculated using Cl.5.8.1 in the CHBDC (CSA 2014b): 

For 
𝐿𝑒

𝑏
≤ 15, 

𝑏𝑒

𝑏
= 1 − [1 −

𝐿𝑒

15𝑏
]

3
 

Since, 
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𝐿𝑒 =15,240 mm 

𝑏 = 1346.2 mm, taken as half the transverse span of the deck slab 

Then, 

𝐿𝑒

𝑏
=

15240 𝑚𝑚

1346.2 𝑚𝑚
= 11.3 < 15, so the equation can be used. 

Thus, 

𝑏𝑒 = 1346.2 𝑚𝑚 (1 − [1 −
15240𝑚𝑚

15(1346.2𝑚𝑚)
]

3
) = 1326.3 𝑚𝑚  

Then, 𝐶𝑐 becomes: 

𝐶𝑐 = 5045 kN 

The shear studs must be designed to provide adequate resistance in both the steel and GFRP 

sections. In the steel section, 

𝜙𝑟 = 0.90 

𝐴𝑟,𝑠𝑡𝑒𝑒𝑙 = 1773 mm2, taken as the total area of longitudinal steel rebar within 𝑏𝑒, as shown in 

Cl.10.11.5.2.2 in the CHBDC (CSA 2014b) 

𝑓𝑦,𝑠𝑡𝑒𝑒𝑙 = 400 MPa, taken as the yield strength of the steel rebar 

Then, 𝐶𝑟 for the steel section becomes: 

𝐶𝑟,𝑠𝑡𝑒𝑒𝑙 = 638 kN 

In the GFRP section, 

𝜙𝐺𝐹𝑅𝑃 = 0.55 

𝐴𝑟,𝐺𝐹𝑅𝑃 = 1764 mm2 , taken as the total area of longitudinal GFRP rebar within 𝑏𝑒  

𝑓𝑦,𝐺𝐹𝑅𝑃 = 1100 MPa 

Then, 𝐶𝑟 for the GFRP section becomes: 

𝐶𝑟,𝐺𝐹𝑅𝑃 = 1067 kN 

Therefore, 𝐶1 for the steel and GFRP sections are: 

𝐶1,𝑠𝑡𝑒𝑒𝑙 =5683 kN 
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𝐶1,𝐺𝐹𝑅𝑃 = 6112 kN 

Since, 

𝜙𝑠 = 0.95 

𝐴𝑠 = 65,776 mm2 (Area of one steel girder) 

𝐹𝑦 = 350 MPa (Yield strength of girder) 

Then, 𝐶2 becomes: 

𝐶2 = 21,871 kN 

Since 𝐶1 < 𝐶2, then the plastic neutral axis is in the steel and the factored force to be transferred 

by the shear connectors is equal to 𝐶1. The larger value of 𝐶1 provides a more conservative design, 

therefore: 

𝑃 = 𝐶1,𝐺𝐹𝑅𝑃 = 6112 kN 

According to Cl.10.11.8.3.1, the minimum number of shear connectors in each shear span is 

calculated as follows: 

𝑁 =
𝑃

𝑞𝑟
 

Where 𝑞𝑟 is the factored shear resistance of a headed stud shear connector and is equal to the 

following for cast-in-place deck slabs (Cl. 10.11.8.3.2): 

𝑞𝑟 = 0.5𝜙𝑠𝑐𝐴𝑠𝑐√𝑓𝑐
′𝐸𝑐 ≤ 𝜙𝑠𝑐𝐹𝑢𝐴𝑠𝑐 

Since,  

𝜙𝑠𝑐 = 0.85 

𝐴𝑠𝑐 = 388 mm2 (M22 shear connector area) 

𝐸𝑐 = 24,648 MPa 

𝐹𝑢 = 450 MPa 

Then, 

𝑞𝑟 = 141.8 kN < 148.4 kN 
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Therefore, 

𝑁 = 44 

Since there are two shear spans in the length of one girder, if two shear studs per row are used, then 

the minimum spacing becomes: 

𝑠 = 346 mm 

Therefore, 2-M22 shear studs at a spacing of 304.8 mm (12”) are used. However, Cl.10.11.8.1 also 

states that the fatigue resistance of the shear stud connectors shall meet the requirements of 

Cl.10.17.2.7. According to Cl.10.17.2.7, the shear stud connectors shall be designed for the 

following stress range: 

𝜏𝑟𝑠 = 0.52𝐶𝐿

𝑉𝑠𝑐𝑄

𝐴𝑠𝑐𝐼𝑡

𝑠

𝑛
≤ 𝐹𝑠𝑟

𝐷 

Where, 

𝐶𝐿 = 1.0  

𝑄 = 13.63 x 106 mm3 

𝐴𝑠𝑐 = 388 mm2 

𝐼𝑡 = 13.56 x 109 mm4 

𝑠 = 304.8 mm 

𝑛 = 2 

Note that the 0.52 term is taken as 1.00 because there is no statistical variability in the magnitude 

of the load in the experiment which the 0.52 factor intends to capture, as suggested by engineers 

from the MTO. 

𝐹𝑠𝑟
𝐷 is the fatigue stress range resistance for Category D, determined in accordance with 

Cl.10.17.2.3.1: 

𝐹𝑠𝑟
𝐷 = (

𝛾

𝑁𝑐
)

1/3

> 𝐹𝑠𝑟𝑡 

Where,  
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𝛾 = 721 x 109 (Taken from Table 10.4 in the CHBDC) 

𝑁𝑐 = 3 x 106 (Number of cycles in test program) 

𝐹𝑠𝑟𝑡 = 48 MPa (Taken from Table 10.4 in the CHBDC) 

Therefore, 

𝐹𝑠𝑟
𝐷 = 62.17 MPa 

Therefore, the equation for the permissible stress range can be re-arranged to solve for the 

permissible range of design shear force, 𝑉𝑠𝑐, from Cl.10.17.2.7 of the CHBDC (CSA 2014b): 

𝑉𝑠𝑐 ≤
𝐹𝑠𝑟

𝐷𝑛𝐴𝑠𝑐𝐼𝑡

𝑄𝑠
 

Where, 

𝑛 = 2, taken as the number of shear studs per group 

𝐴𝑠𝑐 = 388 mm2, taken as the cross-sectional area of an M22 shear stud 

𝑠 = 304.8 mm, taken as the shear stud group spacing 

𝐼𝑡 = 13.56E+09 mm4, taken as the moment of inertia of the transformed composite section about 

the axis of bending 

𝑄 = 13.63E+06 mm3, taken as the first moment of area of the transformed section at the interface 

between the concrete slab and the steel section 

Then, 

𝑉𝑠𝑐 ≤ 157.5 kN 

When the pulsating load is applying its full load of 90 kN/bearing pad, the shear in both girders at 

the location of the supports for Section 1 is: 

𝑅1 =
90 𝑘𝑁(13.935 𝑚 + 12.735 𝑚)

15.24 𝑚
= 157.5 𝑘𝑁 

Thus, the shear in one girder is 78.75 kN. Therefore, the maximum design shear force in one girder 

due to the moving loads is: 

Δ𝑉 = 𝑉𝑠𝑐 − 𝑅 = 157.5 𝑘𝑁 − 78.75 𝑘𝑁 = 78.75 𝑘𝑁  
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For the loading case where the moving load is at its starting position in Section 2 while the pulsating 

load is applying its full load, the shear in both girders from the contribution of moving loads only 

at the location of the supports for Section 1 is: 

𝑅1 =
90 𝑘𝑁(9.13 𝑚 + 10.33 𝑚)

15.24 𝑚
= 114.9 𝑘𝑁 

Thus, the shear in one girder is 57.5 kN, which is within the allowable limit of 78.75 kN. However, 

the shear stud plates were designed at an earlier phase of the project when both the pulsating and 

moving loads were decided to be 113.75 kN/tire (the design was later changed based on findings 

from the more refined analysis discussed in Section 4.4). At this higher load level, the shear from 

the moving load contribution did not fall within the allowable limit. It was decided to increase the 

shear stud size in the pulsating load section from M22 to M25 in order to increase the permissible 

range of design shear force to accommodate the scenario where the pulsating load and moving load 

are acting in the worst case for shear. In the present study, the M25 shear studs are unnecessarily 

large, but an overdesign does not impact the test.  

Therefore, the new shear stud design is as follows: 2-M25 shear studs at a spacing of 304.8 

mm in the first 3.81 m of the girders (from the south end) and 2-M22 shear studs at a spacing of 

304.8 mm in the remaining 11.43 m of the girders. Figure A-1 shows the shear stud plate layout 

and Figure A-2 to Figure A-6 show the shear stud plate shop drawings. 

 

Figure A-1. Shear stud plate layout 
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Figure A-2. Shear stud plate PL1 

 

Figure A-3. Shear stud plate PL2 

 

Figure A-4. Shear stud plate PL3 

 

Figure A-5. Shear stud plate PL4 
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Figure A-6. Shear stud plate PL5  
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Appendix B: GFRP SIP Form Coupon Test Results 

The dimensions of the SIP form coupons are given in Table B-1.  

Table B-1. SIP form coupon dimensions 

Coupon Type Width (mm) Thickness (mm) 

Plate 25.4 mm 3.67 

Rib 25.4 mm 3.18 

Transverse 25.4 mm 4.17 

The results from the SIP form coupon tests are given in Table B-2. Note that Specimens P1, R1 

and T1 were instrumented with a strain gauge (though specimen T1 malfunctioned so its data was 

not included) and the remaining specimens were instrumented with an extensometer. The ultimate 

strength was determined from the following equation: 

𝐹𝑢 =
𝑃𝑢𝑙𝑡

𝐴𝑥−𝑠𝑒𝑐𝑡𝑖𝑜𝑛
 

Table B-2. SIP form coupon test results 

Coupon 

Type 

Specimen 

ID 
Pult (kN) Fu (MPa) 

Average 

Fu (MPa) 
E (MPa) 

Average 

E (MPa) 

Plate 

P1 50.07 537 

483 

22,626 

24,524 

P2 45.19 482 25,342 

P3 46.69 498 25,695 

P4 39.91 417 23,769 

P5 42.61 482 25,222 

Rib 

R1 30.25 376 

417 

17,778 

21,993 

R2 32.18 399 19,882 

R3 40.81 509 23,173 

R4 25.42 304 17,139 

R5 39.43 497 31,993 

Transverse 

T2 5.02 47.8 

46.6 

7055 

6972 
T3 4.32 39.5 6972 

T4 4.92 49.7 7024 

T5 5.40 49.5 6838 

The modulus of elasticity 𝐸 was determined through a linear regression analysis of the stress-strain 

data given in Figure B-1 to Figure B-3.  



 

92 

 

 

Figure B-1. Stress-strain curves for SIP form plate coupon tests 

 

Figure B-2. Stress-strain curves for SIP form rib coupon tests 
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Figure B-3. Stress-strain curves for SIP form transverse coupon tests 

Specimens R1 and P1 were instrumented with a strain gauge, whereas all remaining specimens 

were instrumented with an extensometer. The data from the specimens that used an extensometer 

appears to increase in “steps” due to the resolution of the extensometer. 
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